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Abstract 

The main objectives of the study were to develop post-earthquake repair methods 

using carbon fiber reinforced polymers (CFRP) and probabilistic damage control 

approach (PDCA) for reinforced concrete (RC) bridges.  To develop repair methods, first 

repair objectives were defined.  To define repair objectives, internal earthquake damage 

was quantified and correlated to a series of visible damage states (DSs).  Bridge columns 

are designed to be the primary source of energy dissipation through nonlinear action 

under seismic loading and experience a wide range of apparent damage.  Therefore, in the 

present study, DSs for bridge columns were used as a guide to define damage states for 

other bridge components.   

The degree of damage in columns depends on the earthquake level (seismic 

demand).  Due to uncertainties in seismic demand and response, damage to bridge columns 

is probabilistic in nature.  In the present study, in addition to bridge repair, a probabilistic 

damage control approach PDCA was developed for new and repaired bridge columns by 

incorporating the extent of lateral displacement nonlinearity defined by ñDamage Indexò 

(DI) and reliability analysis.  The performance objective was defined based on predefined 

apparent DSs and the DSs were correlated to damage indices based on a previous study at 

the University of Nevada, Reno.  The correlation between DI and DS was determined 

from a statistical analysis (resistance model) of over 140 response data measured from 

testing of 22 bridge column models subjected to seismic loads. 

To accomplish the objectives of this study, the present study was divided into 

seven parts.  The first part was to conduct a detailed review of damage and repair 

methods in past earthquakes to identify gaps in repair methods.  The second part was to 
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develop practical methods to access the condition of an earthquake damaged bridge 

structural components in terms of apparent DSôs.  In the third part, repair design 

recommendations and design examples were developed to aid bridge engineers in quickly 

designing the number of CFRP layers based on the apparent DS.  The fourth part was to 

establish a resistance model for the reliability analysis to develop a probabilistic based 

seismic design of bridge columns.  In the fifth part, a load model was developed by 

conducting a large number of non-linear dynamic analyses on bridge bents.  The 

uncertainties in ground motions, site class, bent configuration, earthquake return period were 

included in the analyses.  In the sixth part of the study, the results of the reliability analyses 

were investigated, and a direct probabilistic design procedure was developed to calibrate 

design DI based on target reliability against failure.  Finally, the PDCA methodology that 

was developed for conventional columns was used to extend the PDCA and reliability 

analysis approach to earthquake-damaged columns that have been repaired.  Through this 

study, a new simple non-iterative method was developed for design of CFRP fabrics used 

in repair of concrete members.  The step-by-step repair methods for bridge components 

that were developed as part of this study address a gap in rational and systematic repair 

tools that are needed subsequent to moderate and strong earthquakes.  The PDCA that 

was developed and investigated provides design tools enabling designers and researchers 

to detail bridge columns for a target expected damage with an associated probability of 

occurrence and a reliability index.  
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Chapter 1. Introduction  

1.1 Introduction  

Highway bridges are an important component of the transportation system.  

Bridge damage due to an earthquake not only affects the transportation service but also 

affects the civil life and economic activities around the damaged area.  It has been known 

that most of the bridges constructed before 1971 were not designed to meet the current 

seismic design standards.  Vulnerability of pre 1971 bridges was particularly evident 

during the San Fernando Earthquake (1971), Loma Prieta Earthquake (1989), and 

Northridge Earthquake (1994) in California.  Bridges designed as per current seismic 

standards are also expected to sustain damage to their structural components under 

extreme earthquake events depending on their type and design operational functionality.  

For example, ordinary bridges in California subjected to the design seismic hazards 

(DSH) are expected to remain standing but may suffer significant damage requiring 

closure to repair or even replace the bridge (Caltrans SDC 2010).  Replacing the entire 

damaged bridge is cumbersome, time consuming, and expensive.  In contrast, appropriate 

bridge repair methods could restore the bridge and reduce the impact to the transportation 

system.   

Previous earthquake damage reconnaissance reports on reinforced concrete show that, 

damage to bridge components varies from minor cracks in cover concrete to bar fracture 

and substantial failure of concrete core.  Different types and degrees of damage to bridge 

components require different repair methods.  The fastest method to assess the post-

earthquake condition of bridge components is the visual evidence because it does not 
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require specialized tools and it is fast.  For the majority of bridges visual damage is the 

only feasible mean to assess the condition of the bridge rapidly.  Varieties of destructive 

and non-destructive techniques are available for detailed evaluation of bridge components 

but their use is warranted only for specific, perhaps critical bridges.  A practical approach 

to develop repair methods would be to first define a series of damage states (DSôs) 

indicating the extent of apparent damage and then develop repair methods for each.  The 

DSs allow for categorization of the apparent damage.   

To define damage states for different components test and field data have to be 

utilized.  Categorization of damage states has been done in past studies only for bridge 

columns.   In the present study, DSs for bridge columns were used as a framework for 

other bridge components.  The degree of damage in columns depends on the earthquake 

level (seismic demand).  Due to uncertainties in seismic demand and response, damage to 

bridge columns is probabilistic in nature.  In the present study, in addition to bridge repair, 

a probabilistic damage control approach for bridge columns was developed.  Because 

bridge components other than column are designed to remain essentially elastic during 

earthquake, the scope of PDCA in the present study was limited to columns.  PDCA was 

developed for both conventional standard columns and the columns that have been 

repaired. 

Performance-based seismic design (PBSD) became of interest to researchers and 

structural engineers mainly after the Loma Prieta earthquake in 1989.  PBSD is based 

largely on displacement consideration rather than strength used in conventional seismic 

design methods (Priestley et al. 2007; Suarez and Kowalsky 2010).  Most of the existing 

PBSD for bridge columns are based on deterministic approaches.  Due to uncertainties in 
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seismic demand and response, deterministic seismic design and evaluation of a structure 

may be unsafe and unrealistic, especially for important structures.  It is more realistic to 

analyze the structure using probabilistic approach by incorporating the uncertainties in 

seismic demand and structural response to better control the seismic performance.  In the 

present study, a probabilistic damage control approach (PDCA) was incorporated in PBSD 

for bridge columns.  PDCA is a new concept for seismic design of bridges that takes into 

account the uncertainties in seismic response and seismic demand.  The PDCA design 

procedure explicitly evaluates how a given structure is likely to perform under a given 

seismic hazard.  To evaluate the performance of the bridge column, PDCA incorporates the 

extent of column lateral plastic deformation at different earthquake levels.  The extent of 

lateral plastic deformation was quantified by Malek et al. (2007) based on limited 

experimental results and engineering judgments for different bridge categories subjected to 

earthquakes with various return periods (T).  The extent of lateral plastic deformation was 

quantified using damage index (DI), which is the ratio of plastic deformation demand to 

plastic deformation capacity  

To determine reliability of the columns designed as per PDCA, a reliability analysis 

is necessary.  Furthermore, to develop a resistance model for reliability analysis, the fragility 

curves that correlate DSs to an associated DI are needed. To develop a load model for 

reliability analysis, extensive analytical modeling of seismic response of bridges is 

necessary to capture the statistical variation of response under a wide range of structural, soil 

condition and earthquake parameter variables.  These steps were undertaken in the present 

study with focus on new construction.     
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Included in the current study was an exploratory study to extend the PDCA and reliability 

analysis approach to earthquake-damaged columns that have been repaired.  The goal of 

this study was to demonstrate the process of using PDCA for repaired columns, realizing 

that the study is of limited scope due to the scarcity of data for repaired columns.  

1.2 Summary of Previous Research on Post-Earthquake Repair 

Many studies have been conducted to strengthen or repair reinforced concrete 

columns, girders, walls, and other elements utilizing different materials and procedures.  

However, by far the majority of repair studies have focused on damage due to non-

seismic loading.  Studies have been conducted on prestressed carbon fiber reinforced 

polymers (CFRP) to strengthen prestressed and non-prestressed beams (Kim et al. (2010); 

Czaderski and Motavalli (2007); Czaderski and Motavalli (2011)).  There are few studies 

available on strengthening of masonry and RC walls (Konstantinos et al. (2003); Sayari 

and Donchev (2012)).  Konstantinos, et al. (2003) conducted a study on five low 

slenderness RC walls that were designed according to modern design code provisions.  

Original specimens were initially subjected to cyclic loading to failure and were 

subsequently repaired and then strengthened using carbon and glass fiber reinforced 

polymers (CFRP and GFRP).  Repair involved replacement of damaged concrete by a 

high-strength mortar and lap-welding of fractured reinforcement in the plastic hinge 

region, while strengthening involved wrapping of the walls with GFRP jackets, as well as 

the addition of CFRP strips at the wall edges, to enhance both flexural and shear capacity.   

A few studies have been conducted on repair of RC columns subjected to seismic 

loading.  In general, repair of RC columns includes one or a combination of the following 
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repairs depending on the severity of earthquake damage: epoxy injection into cracks, 

patching of spalled zones, CFRP jacket, GFRP jacket, RC jacket, and steel jacket. Few 

recent studies have been conducted on repair of columns with fractured bars as well.   

Priestley et al. (1993) tested a 0.4-scale high shear, sub-standard RC bridge 

column model under reversed cyclic loading to failure.  The original column failed at a 

displacement ductility of three.  Thereafter, the column was repaired with a full height 

GFRP wraps and retested to evaluate the repair procedure.  Open diagonal cracks and 

spalled concrete were reported as apparent damage at failure.  The repair measures 

consisted of removal of all loose concrete, patching of concrete voids with cement and 

sand mortar, full height GFRP jacketing, and epoxy injection of cracks through the ports 

through the jacket.  The GFRP wraps were designed for column to be able to reach over-

strength plastic shear.  The test results indicated that the repair was successful in restoring 

the column initial stiffness.   The repaired column reached a displacement ductility of 10 

without any capacity degradation. 

Saadatmanesh et al. (1997) investigated the flexural behavior of four cantilever 

1/5-scale sub-standard earthquake-damaged RC column models repaired with 

prefabricated FRP hoops.  Columns C-1 and C-2 were circular while columns R-1 and R-

2 were rectangular.  Columns C-1 and R-1 each had starter bars with a lap length equal to 

20 times the bar diameter while Columns C-2 and R-2 had continuous reinforcement.  All 

specimens were tested under reversed inelastic cyclic loading to failure.    Thereafter, 

these specimens were repaired with the FRP hoops.  At the end of the tests of the original 

columns, all specimens exhibited significant damage, such as debonding of starter bars, 
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spalling and crushing of concrete in the compression zone, local bucking of longitudinal 

steel, and the separation of the main bars from the column core concrete.  The column 

specimens to be repaired were pushed back to the original position (i.e., zero lateral 

displacement) before the repair operation began.  The repair procedures consisted of 

removing loose concrete in the failure zones, filling the gap with fresh concrete, and 

applying an active retrofit scheme.  An active retrofit scheme consists of wrapping the 

column with slightly oversized prefabricated FRP straps and filling the gap between the 

column and the composite wrap with pressurized epoxy.  It was concluded that the 

strength of the repaired columns was increased significantly while the initial stiffness was 

nearly restored.  Furthermore, the repaired columns exhibited significant improvement in 

the hysteresis loops of lateral load versus displacement.  Both repaired columns with lap-

splice developed stable loops up to a displacement ductility of four, and the repaired 

circular and rectangular columns without lap-splice reached a displacement ductility of 

six and five, respectively, without any significant strength degradation. 

Li and Sung (2003) conducted an experimental study on repair and retrofit of an 

earthquake-damaged sub-standard bridge column.  The bench mark column was a 40% 

scale RC circular bridge column damaged as a result of shear failure at low displacement 

ductility under reversed cyclic loading.  The bench mark column had a longitudinal steel 

ratio of 1.88% and shear reinforcement consisted of two, lap-spliced C-shaped No. 3 

stirrups.    The damaged column was then repaired by epoxy injection, non-shrinkage 

mortar, and CFRP wraps.  The CFRP jacket was designed so that the column could resist 

the over-strength plastic shear.  After repair, the column was tested under cyclic loading.  

The test results showed improved hysteretic response with stable loops up to 
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displacement ductility of nine.  The failure mode of the repaired column changed from 

shear to flexural failure. 

Saiidi and Cheng (2004) conducted an experimental study on repair of earthquake 

damaged flared columns utilizing FRP fabrics.  Two 0.4-scale RC bridge column models 

with structural flares that had been retrofitted using steel jacket and tested to failure in 

previous research (Saiidi et al. 2001) were used.  The repaired columns were designated 

PLS and PHS with 1% and 1.8% longitudinal reinforcement, respectively.  The objective 

of the repair was to restore the column capacity.  To repair the columns, the steel jackets 

were removed.  Then, the damaged concrete in and around the plastic hinge was removed 

and the steel bars were straightened.  Low shrinkage, high-strength concrete grout was 

placed in the column afterward. The broken longitudinal bars were not replaced.  The 

CFRP and GFRP fabrics with fibers running in the axial direction of the column were 

added to provide flexural strength for the columns.  In addition, GFRP fabrics with fibers 

in the transverse direction were installed to provide confinement and shear strength.  The 

composites were installed over the full length rather that a partial length to avoid 

concentration of stress and to provide enough bond length for FRP fabrics.  The 

longitudinal FRP jackets were designed to provide the same tensile strength as the yield 

force of the ruptured bars divided equally between GFRP and CFRP laminates.  Cyclic 

tests of the repaired columns indicated that the repair method was effective in restoring 

the stiffness, strength and displacement ductility capacity to a moderate level. 

Lehman et al. (2001) conducted an experimental study to identify the performance 

of earthquake-damaged standard RC bridge columns repaired by different techniques.  
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The original columns that were reinforced with spirals conforming to modern bridge 

requirements for regions of high seismic risk were damaged, repaired, and retested.  The 

procedures for testing the columns in the original and repaired states were nominally 

identical.  The columns were tested under constant axial and cyclic lateral loading.  The 

damage levels were classified as either moderate or severe.  The test program consisted 

of four columns tested to cause varying degrees of damage.  Three of the test columns 

were severely damaged while the fourth column was moderately damaged.  The severely 

damaged columns were designated as 407S, 415S, and 430S; the last two numbers 

indicate longitudinal reinforcement ratios of 0.75, 1.5, and 3, respectively, and the letter S 

indicates severe damage.  A fourth column nominally identical to column 415, was tested 

to a moderate damage level and was designated 415M.  Damage suffered by the 

moderately damaged column included concrete cracking, cover concrete spalling, and 

longitudinal reinforcement yielding.  Damage sustained by the severely damaged 

columns included those damage states in addition to core concrete crushing, longitudinal 

bar buckling, and longitudinal and spiral reinforcement fracture.  Four different repair 

techniques were applied, with the details of each depending on the damage level and the 

details of the original columns.  Column 407S was repaired by removing and replacing 

the damaged concrete, longitudinal reinforcement, and spiral reinforcement so that the 

repaired region could sustain the flexural plastic hinging demands.  To remove the 

damaged section the column was severed just above and below the damaged section, and 

the existing reinforcement and concrete were removed.  New longitudinal reinforcing 

bars were mechanically spliced to the existing bars in the column and the joint.  New 

spiral reinforcement was placed around the new longitudinal reinforcement, and new 
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concrete was cast within the severed bar region.  The use of mechanical splices was 

considered by the authors to be economical for this column because of the relatively 

small number of bars and low longitudinal reinforcement ratio resulting in low 

congestion.  The repair for Column 415S involved placement of a strong reinforced 

concrete jacket along the damaged region so that new flexural hinging would be forced to 

occur above the jacket.  Because this column had relatively larger number of longitudinal 

bars, this approach was considered preferable to using mechanical couplers.  Column 

430S was repaired by placing a new concrete jacket at the base of the column, with the 

intent that flexural yielding would occur at the base of the jacket under seismic loading.  

As with Column 415S, the larger number of longitudinal bars made use of mechanical 

couplers seem less economical.  Column 415M was repaired by injecting epoxy into 

cracks and patching the spalled cover concrete.  The repaired columns were tested under 

cyclic lateral loading. It was concluded that the stiffness, strength, and the deformation 

capacities of the severely damaged standard RC columns could be restored by fully 

replacing the damaged zones with new materials.  The strength and the deformation 

capacities of the moderately damaged standard RC columns could be restored by 

repairing the spalled zones and injecting epoxy to the cracks; however, the initial stiffness 

of the column was not restored due to material degradation. 

Belarbi et al. (2008) conducted a study on the use of FRP to repair an earthquake 

damaged RC column subjected to combined axial, shear, flexural, and torsional loads.  

As part of their study, one standard column was subjected to significant damage and 

subsequently repaired with CFRP composites and retested.  The aspect ratio of the 
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columns was six, which indicates that the response of the columns was dominated by 

flexure.  The column was severely damaged under combined loading.  Seven out of the 

12 longitudinal reinforcing bars buckled.  The objective of the repair scheme was to 

restore the original strength.  The repair measures consisted of removal of damaged 

concrete, restoration of the cross-section of the column using a low viscosity grout, 

application of CFRP sheet in the longitudinal direction to restore some of the column 

original flexural strength, application of CFRP sheet in the circumferential direction to 

restore the axial compressive strength, and application of mechanical anchorage to 

develop the longitudinal CFRP fibers.    The repaired column was tested under combined 

loading.  It was concluded that the flexural, torsional, and axial capacity of the column 

can be restored and enhanced using the given repair procedure; however, the 

longitudinally placed CFRP sheets pulled out from the footing base at low load levels.  

Even though anchorage for the longitudinal CFRP sheets pulled out from the footing 

base, regain in the flexural capacity was found to be due to the confining action of the 

horizontal CFRP sheets in increasing the concrete compression strength and buckling 

restraining effects for the internal longitudinal reinforcement.   

Vosooghi and Saiidi (2010) conducted a study on post-earthquake evaluation and 

emergency repair of earthquake damaged RC bridge columns using CFRP.  In their 

study, they proposed a number of possible distinct apparent damage states (DSôs).  Rapid 

repair procedures utilizing CFRP were proposed to restore the strength and displacement 

ductility capacity of earthquake damaged standard RC columns.  Two standard single 

columns, one standard two-column bent, and two sub-standard columns were tested on a 

shake table, repaired using CFRP fabrics, and retested on the shake table to evaluate the 
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repair effectiveness.  It was concluded that the strength and ductility of the standard 

columns were successfully restored and those of substandard columns were upgraded to 

the current seismic standard after the repair.  However, the stiffness was not restored 

completely due to material degradation during the original column tests.  A new repair 

design methods was developed. 

Saiidi et al. (2013) have been conducting a study on repair of earthquake damaged 

bridge columns with fractured bars using a combination of longitudinal bar replacements 

and resortation of shear capacity and confinement using CFRP fabrics.  Three half scale 

columns with interlocking spirals were tested under cyclic loading to failure.  The same 

transverse and longitudinal reinforcement ratios of 1.23% and 2.13%, respectively, were 

used for each column.  The columns were subjected to cyclic loading causing different 

moment to torque ratios.  The repaired columns were designated R-Calt-1, R-Calt-2, and 

R-Calt-3.  All the buckled longitudinal bars were repaired with steel couplers.  Damaged 

spirals were removed and CFRP wrap was used to compensate the associated loss of 

shear capacity.  CFRP wrap was also used to provide confinement for the concrete.  

Repaired columns were tested under the same loading procedure applied to the original 

column.  So far test data for R-Calt-1 and R-Calt-2 have been made available.  The tests 

have identified two reliable coupler types that may be used in column plastic hinge region 

in high seismic zones.  Their tests indicated that new bars replacing damaged bars may be 

connected with undamaged bars using ultimate couplers as defined by Caltrans.  The 

lateral force displacement response of column R-Calt-1 showed that the strength and 

displacement capacity of the column were successfully restored.  On the other hand test 

results of R-Calt-2 showed that the strength was completely restored but there was a 
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significant loss in displacement ductility capacity because of the unusually high torsion 

that led to the failure of the CFPR jacket.  There was no damage in the couplers. 

He et al. (2013) conducted an experimental study on rapid repair of three half 

scaled severely damaged RC rectangular columns.  Rapid repair of severely damaged 

columns were developed utilizing externally bonded unidirectional CFRP without any 

treatment of the damaged reinforcing bars.  Both longitudinal and transverse CFRP sheets 

were used to repair the columns.  The longitudinal and transverse reinforcement 

volumetric ratios were 2.13% and 1.32%, respectively.  Column 1 was subjected to cyclic 

lateral loading and constant axial load.  Columns 2 and 3 were subjected to the constant 

axial load and lateral cyclic loading and torsion, with torque-to-moment ratios (T/M) of 

0.2 and 0.4, respectively.  Damage to all three columns included concrete cracking, 

spalling, core crushing, and longitudinal reinforcement yielding and buckling.  Two 

longitudinal reinforcing bars fractured in column 1 near the base of the column.  The 

damage to all three columns was concentrated near the base of the column.  The repair of 

each column was designed to restore the column strength associated with the peak load in 

the original test.  The original column 1, 2, and 3 after repair were designated 1-R, 2-R, 

and 3-R, respectively.  Because, the objective of their study was to develop a rapid repair 

method, only the plastic hinge zones were repaired.  These regions were divided into two 

parts primary and secondary regions.  A primary region was defined as the region where 

the damage was concentrated, and a secondary region was the region adjacent to the 

primary region with the same length.  Portions of the columns outside these regions 

exhibited only minor cracks on the concrete surface and were not repaired.  
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The repair design of column 1-R consisted of three layers of longitudinal CFRP on 

the north and south faces of the column.  The repair design was modified for column 2-R 

based on the performance of column 1-R and to include the design for torsion (T/M = 

0.2).  Three layers of longitudinal CFRP on the north and south faces and one layer of 

longitudinal CFRP in east and west faces of the column 2-R were provided.  Similarly, 

the repair design for column 3-R was modified based on the performance of repaired 

columns 1-R and 2-R and to include the design for torsion (T/M = 0.4).  Two layers of 

longitudinal CFRP on the north and south faces and one layer of longitudinal CFRP on 

east and west faces of the column 3-R were provided.   A different number of transverse 

CFRP wraps was placed in the plastic hinge zone of different columns.  Test results of 

repaired columns confirmed that strength can be restored or even enhanced for the 

columns without fractured bars.  However, the stiffness was not restored completely due 

to material degradation during the original column tests.  The displacement capacity of 

the repaired columns without fractured bars was restored nearly to that of the original 

column.   

Rutledge et al. (2013) conducted an experimental study on a repair of three large 

scale circular bridge columns with buckled and ruptured bars.  The design philosophy of 

the repair for the three columns was to relocate the plastic hinge to a higher location in 

the column, yet achieve the same displacement capacity and strength as the original 

undamaged column.  The new plastic hinge was relocated to a distance of one plastic 

hinge length away from the footing interface.  Two different repair alternatives were 

executed utilizing unidirectional carbon fiber sheets in the hoop and longitudinal 

directions, with the latter anchored into the RC footing with carbon fiber anchors.  The 
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first column, which contained buckled, but not fractured reinforcement, was repaired to 

increase the flexural strength of the original hinge, while providing additional 

confinement to the new hinge location.  The second column, which also contained only 

buckled reinforcement and no ruptured bars, was repaired to increase the flexural strength 

of the original hinge without attempting to increase the ductility of the new hinge.  The 

third column, which contained buckled and ruptured bars, was repaired in the manner 

similar to the second column.  From force-displacement envelopes it was concluded that 

the repair restored the initial stiffness up to the level of the original column, as well as 

increased the displacement and force capacities.  

Previous research on repair of RC bridge structural components subjected to 

seismic loading has been limited to columns.  Moreover, few repairs that have been done 

in the field on other bridge components along with columns are barely documented 

except for those in the Caltrans bridge books.  Bridge damage and repair information 

from these bridge books are presented and summarized in Chapter 2.  In addition to the 

above literature search, an attempt was made to obtain reports from other countries 

(Japan, Taiwan, and Chile) on earthquake damage to bridge components and their repair 

methodology.  The information that was received is also presented in Chapter 2. 

1.3 Previous Relevant Research on Probabilistic Performance-Based Seismic 

Design of Bridges 

Probabilistic performance-based design (PPBD) methodology has become of 

interest in risk mitigation decision making for structures and infrastructure systems 

(Cornell and Krawinkler, 2000; Mackie and Stojadinovic, 2001).  Such methodologies 
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aim to better understand the seismic risk to structural systems, design structures to 

achieve goals of life safety, reduce economic loss, and minimize recovery downtime in 

the aftermath of a seismic event.  In the evolving world of performance-based earthquake 

engineering, engineers are transitioning away from development of deterministic design 

criteria for site-specific seismic hazard (Mackie and Stojadinovic, 2001).  Describing the 

resulting structural performance as safe or unsafe can be misleading when considering the 

uncertainty in structural demand and response parameters.  Therefore, current seismic 

performance assessment methodologies tend toward fragility curves (probabilistic 

techniques).  Fragility curves describe probabilities of exceeding design or performance 

criteria at different levels of seismic input intensity.  There are several reports and codes 

available to provide guidelines on probabilistic/reliability based design of bridges 

(National Cooperative Highway Research Program (NCHRP Report 489, 2003), American 

Association of State Highway and Transportation Officials (AASHTO, 2012), HAZUS-

MH (2011).  In the following sections, a brief overview of the past research on 

probabilistic design and structural reliability based assessment of bridges is presented.  

1.3.1. Probabilistic Based Design  

Mackie and Stojadinovic (2005) conducted a study on developing fragility curves 

for California overpass-bridge for post-earthquake safety and repair of a highway network.  

In that study, a rational method to evaluate damage potential and to assess probable 

highway bridge losses for critical decision making regarding the post-earthquake safety 

and repair of highway network was presented.  Loss fragilities were defined for each 

bridge using PEERôs performance-based earthquake engineering framework.  Decision 
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variables were related to earthquake intensity through a series of disaggregated models 

(demand, damage, and loss).  The fragility curves provided in that study were intended 

for application in two ways.  First, bridge designers may use them to investigate how 

variation of bridge design parameters is reflected in the amount of expected losses after 

an earthquake.  Second, highway network planners may use bridge fragilities to more 

reliably evaluate the losses in a highway transportation network.  In the process of 

developing bridge fragilities, intensity measures were first coupled with engineering 

demand parameters to formulate probabilistic demand models.  Two damage models 

were then formulated.  Component damage models utilized experimental data to predict 

response levels at which observable damage states were reached.  System damage models 

utilized finite element reliability analysis to predict the loss of lateral and vertical load-

carrying capacity.  Improved methods for computing system damage were introduced.  

Two loss models were formulated.  Component damage states were described in terms of 

repair costs of returning bridges to full functionality.  System load-loss states were 

described in terms of bridge traffic capacity and collapse prevention.  System loss 

fragilities were enhanced using the same improved methods developed for damage 

models.   

Malek et al. (2007) presented a performance-based design procedure for bridge 

columns.  In their study, PDCA was used to assess the performance of column subjected 

to various probabilistic seismic events.  The reserved deformation capacity of the column 

was quantified using DI and compared to various levels of deformation demand imposed 

by probabilistic seismic events.  The damage level of the bridge was established for a 

specific seismic event known as ñDesign Earthquakeò.  Then, additional probabilistic 
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seismic excitations were imposed to study various damage levels.  To design columns, 

acceleration response spectrum (ARS) curves instead of a certain averaged deterministic 

curve were used.  However, in the study by Malek et al. (2007), uncertainties in earthquake 

demands and bridge responses were not included. 

Vosooghi and Saiidi (2012) developed a method for PPBD and probabilistic 

performance based assessment (PPBA) of reinforced concrete bridge columns using the 

fragility curves.  These fragility curves include the uncertainties in seismic response 

parameters.  Data from 32 bridge column model tests, mostly tested on shake tables, were 

used to develop fragility curves for six seismic response parameters at six distinct apparent 

DSs.  The DSs were: flexural cracks (DS1), minor concrete cover spalling (DS2), extensive 

spalling of cover concrete (DS3), visible bars (DS4), start of concrete core damage (DS5), 

and bar fracture (DS6).  The six response parameters defined by Vosooghi and Saiidi (2012) 

were: the maximum drift ratio (MDR), residual drift ratio (RDR), frequency ratio (FR), 

damage  index (DI), maximum longitudinal steel strain (MLS), and maximum transverse 

steel strain (MTS).  In the present study, inelasticity index is referred as damage index 

(DI) to be consistent with the rest of the study.  A PPBD method was used to design 

columns for one or more probabilistic performance objectives.  The probabilistic 

performance objective was defined as a DS under specified earthquake intensity with a 

given probability of occurrence.  However, uncertainties in earthquake demands were not 

included.  

Liang and Lee (2013) conducted a study on establishing practical multi-hazard 

design limit states for bridges.  This study was mainly focused on formulating a criterion 

to combine the time variant load effects (extreme load effects such as earthquake, and 
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vessel collisions) in the load and resistance factor design (LRFD) (AASHTO).  The 

LRFD is a reliability-based design that considers failure probabilities of bridge 

components due to the action of typical dead load and frequent vehicular loads (time 

invariant loads).  The study conducted by Liang and Lee (2013) describes the establishment 

of a criterion to include only the necessary load combinations to establish the design limit 

states.  This criterion was established by examining the total failure probabilities for all 

possible time-invariant and time-varying load combinations and breaking them down into 

partial terms.  Then, important load combinations were readily determined quantitatively. 

However, the uncertainties in bridge response were not discussed. 

Alipour et al. (2013) developed a multi-hazard reliability-based framework to 

evaluate the bridge response subjected to combined effect of pier scour and earthquake 

events.  This framework was used to calibrate the scour load-modification factors for the 

design of bridges located in high seismic areas.  A series of case studies were investigated.  

For each bridge case, the joint probability of failure associated with scour and earthquake 

hazards was determined for a range of expected combinations of these two extreme 

events. The occurrence probability of each scour-earthquake scenario was identified by 

taking into account all of the major sources of load uncertainty through scour risk and 

seismic hazard curves.  Furthermore, the uncertainties inherent in the structural response 

of bridges were included in the framework to improve the accuracy of estimated failure 

probabilities.  The calculated probabilities were then compared with an equivalent target 

reliability index given by current design codes to obtain scour load-modification factors.   
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1.3.2. Reliability Based Assessment of Bridges 

Researchers have adopted different techniques to probabilistically model the 

structural response and demand by utilizing fragility curves.  The derivation of 

component based fragility curves is straightforward and is a closed-form solution, 

considering that the demand and capacity are log-normally distributed (Mackie and 

Stojadinovic (2001), Cornell et al. (2002), Bazzurro and Cornell (2002), Ellingwood and 

Wen (2005), Nielson and DesRoches (2007), Padgett et al. (2008), Celik and Ellingwood 

(2010)).  

Mackie and Stojadinovic (2005) used a mean value, first order, second-moment 

analysis for each of the limit state functions describing the components that contribute to 

the system vulnerability.  Having determined the mean and standard deviation for each of 

the response quantities (drift ratio, residual displacement, etc.), parametric first order 

reliability method (FORM) analysis was used to determine the probability of failure for 

each of the response measures.  The series system assumption was then used to determine 

the system level fragility curves.  Choi et al. (2004) developed first order bounds for 

system reliability assuming series systems, as one of the earliest attempts to account for 

some level of correlation among bridge components.  

Zhang and Huo (2009) adopted a weighting scheme to establish correlation 

between component failure and bridge system level failure based on the components that 

contribute the most to the load carrying capacity or post event functionality criterion. 

Although the approach realizes that not all components contribute equally to system level 

damage states, the establishment of weights is particularly subjective and difficult as the 

number of components characterizing the system vulnerability increases.  Kim et al. 
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(2006), Lupoi et al. (2006), Zhang and Huo (2009) used other approaches to define 

system reliability such as parallel system, combination of series and parallel components, 

or adaptive systems that add components as damage accumulates. 

Although there are numerous studies on probabilistic based seismic design and/or 

assessment of bridges, studies on displacement-based probabilistic seismic design of 

bridge columns by considering uncertainties in both the response and demand parameters 

are very limited.  Additionally, there is no research available, which explicitly correlates 

the probability of exceedance of a certain damage state in bridge columns with an 

associated reliability against failure and other damage states.   

1.4 Objectives and Scope 

The primary objectives of this study were to: (1) develop repair methods for 

various RC bridge structural components that have undergone different type and degree 

of damage under seismic loading, (2) develop a method for seismic design of bridge 

columns for different probability of exceedance of apparent damage states that are 

correlated to a quantifiable damage index (DI) and to determine the associated reliability 

index against failure and other damage states, (3) develop a method for seismic design of 

bridge columns for a target reliability against failure ( 6b¡) and to determine probability of 

exceedance of other damage states, and (4) conduct an exploratory study to extend the 

PDCA and reliability analysis approach to earthquake-damaged columns that have been 

repaired. 

To accomplish these objectives, the present study was divided into seven parts.  

The first part was to conduct a detailed review of damage and repair methods in past 
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earthquakes and compile the data in tables to identify gaps in repair methods.  The second 

part was to develop practical methods to access the condition of an earthquake damaged 

bridge structural components in terms of apparent DSôs.  In the third part, repair methods 

were developed using unidirectional carbon fiber reinforced polymer (CFRP).  Among 

different repair materials, CFRP fibers were selected due to their lightweight, high 

strength and stiffness-to-weight ratios, durability, and ease of installation. Also included 

in this part are the repair design recommendations and design examples to aid bridge 

engineers in quickly designing the number of CFRP layers based on the apparent DS.    

The fourth part was to establish a resistance model for the reliability analysis to develop a 

probabilistic based seismic design of bridge columns.  To develop the resistance model, 

over 140 seismic performance data points from testing of 22 bridge column models were 

used to develop fragility curves.  In the fifth part, a load model was developed by 

conducting a large number of non-linear dynamic analyses on bridge bents.  The 

uncertainties in ground motions, site class, bent configuration, earthquake return period were 

included in the analyses.  Each bent was analyzed under 25 earthquake records consisting of 

10 far field and 15 near field ground motions.  Reliability analysis was conducted upon 

having distribution of resistance and load model.  In the sixth part of the study, the results 

of the reliability analyses were investigated, and a direct probabilistic design procedure 

was developed to calibrate design DI based on a target reliability against failure.  Finally, 

the PDCA methodology that was developed for conventional columns was used to extend 

the PDCA and reliability analysis approach to earthquake-damaged columns that have 

been repaired.  Because seismic performance data for different damage states in repaired 

column models was very limited, the results of the last part of the study should be viewed 
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only as a process for potential application of PDCA to repaired columns and the results 

should be used with caution. 
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Chapter 2. Past Earthquake Damaged Bridge Repair Practice 

2.1  Introduction  

California has experienced several moderate to high intensity earthquakes in the 

last 50 years.  Division of Research and Innovation at Caltrans (2008) documented a 

report on visual inspection and capacity assessment of earthquake damaged RC bridge 

elements by developing a ñvisual bridge catalogò.  This report documents damage from 

laboratory experiments and historic earthquakes and classifies the performance in relation 

to damage level of bridge components and sub-assemblages.  However, the Office of 

Structures Maintenance and Investigations at Caltrans does not have a standard repair 

procedure/manual to repair earthquake damaged RC bridge components at different 

damage levels.  Therefore, in order to categorize damage, identify repair gaps, and 

develop a standard repair manual, the bridge damage and their corresponding repair 

information from historic earthquakes were reviewed and compiled in tables as discussed 

in the following sections. 

2.2 Review of damage and repair in past earthquakes  

To develop a standard repair manual for RC bridge components at different 

damage levels, it is vital to identify the damage and failure modes of each component 

subjected to earthquake loading.  An attempt was made to obtain records of post-

earthquake bridge damage repair for recent earthquakes around the world with essentially 

no success except for California earthquakes for which Caltrans has documented and 

compiled a summary of the repair work in a methodical fashion.  In other countries post-

earthquake damage repair methods and repair objectives are not generally documented.  
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The lack of documentation is due to several reasons: (1) the rush to restore the bridge to 

service leaves little time to keep records, (2) in the absence of standard repair procedures, 

engineers, maintenance staff, and contractors tend to devise repair procedures that are 

highly variable depending on the bridge, and (3) repair objectives are not well defined 

even within the same agency.  Even though repair methods and records could not be 

obtained from other countries, the bridge earthquake damage records were reviewed in 

this section. 

The Caltrans maintenance records were the only data that could be used.  To 

collect information about earthquake damage, failure modes, and repair of bridge 

components, several meetings with Structures and Maintenance Department at Caltrans 

were held.  Past earthquake damage reports developed by the Caltrans Post Earthquake 

Investigating Team (PEQIT) for various significant earthquakes (San Fernando Valley 

1971, Whittier 1987, Loma Prieta 1989, the Landers and Big Bear, Petrolia, and 

Northridge 1994) were reviewed.  Utilizing PEQIT reports the bridges that suffered 

moderate to significant damage were identified, and the bridge books of these bridges in 

the paper and electronic forms were obtained from Caltrans.  Bridge books are also 

known as bridge inspection records information system (BIRIS).  These books compile 

the record of individual bridge damage (seismic and non-seismic) and the corresponding 

repairs that have been done through the life of the bridge.  To identify the gaps in past 

earthquake damage bridge repair practices a detailed review of bridge books was 

conducted.  To organize the data from past bridge damage and repair, the bridge damage 

and repair information was extracted from these bridge books and compiled in various 

tables.  Tables 2-1 to 2-6 present bridge number, component name, damage description, 
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and repair.  Because the focus of the present study was on developing repair methods 

only for bridge structural components, non-structural components damage and repairs 

were not listed in these tables.   

To study post-earthquake evaluation practice in Japan, a report on ñPost 

Earthquake Measures of Transportation Facility in Japanò developed by World 

Federation of Engineering Organization (WFEO) was reviewed.  In this report, damage to 

bridge components was categorized in five different damage levels.  These five damage 

levels defined in alphabetical order (Aôs, A, B, C, and D) are presented in Table 2-7.  

Damage degree Aôs and D represents near collapse and no damage, respectively.  

Damage evaluation of RC piers was performed based on the location of damage and the 

type of failure.  Distinct types of failure and damage level in piers were categorized based 

on bending damage at bottom of pier (Table 2-8), damage at mid-height section (Table 2-

9), and shear damage (Table 2-10).  In Table 2-8, P represents longitudinal rebar ratio.  

Proposed repair methods for these different types of failure, damage degree, and location 

are presented in Table 2-11.  In Table 2-11, numbers 1 to 7 are associated with different 

damage levels (Aôs to C) as shown in Table 2-8 to 2-10.  The same damage evaluation 

and repair methods proposed for piers were applied to abutment walls.  Report obtained 

from Japan does not include repair methods for other bridge components subjected to 

different damage levels.  But the typical repair practice in Japan for RC girders and 

footings are presented in Table 2-12.   

Similarly, a detailed review of bridge damage and repair of Chile earthquake was 

conducted.  The repair and the reconstruction of the damaged bridges during Chile 



26 

 

 

earthquake were made according to the new seismic design standard for the design of 

bridges in Chile (Unjoh 2012).  Post-earthquake bridge repairs of Chile earthquake were 

summarized and presented in Table 2.13.  Basic concept of the repair and retrofit 

measures are to increase the integrity of girders by adding the end lateral beams and to 

restrain the lateral displacement by providing end diaphragms and extending support 

width to prevent unseating.  Because, damage to bridges due to soil liquefaction is 

beyond the scope of the present research, such kind of damage is not discussed in this 

report. 

2.3 Analysis of Database 

The level of repair detail provided in Caltrans bridge books vary from general to 

specific.  Therefore, to categorize a level of repair detail, four levels from 1 to 4 were 

defined.  Level 1, 2, 3, and 4 corresponds to general/minimal, moderately detailed, 

detailed, and detailed step by step, respectively.  Table 2-14 represents the summary of 

total numbers of cases studied for each bridge component using bridge books and their 

level of repair detail.  From Table 2-14, it was concluded that majority of repair 

information falls under category 1 and 2 and therefore, there is a lack of comprehensive 

repair detail for bridge components. To identify Caltrans past seismic damage bridge 

repair practice, the repair methods presented in bridge books were summarized and 

presented in Table 2-15.   The documented repairs in bridge books are described in very 

general terms.  While books provide abundance of information about conducting bridge 

repairs, the specific efficacy of these repairs was not mentioned.  
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Besides Caltrans bridge books, bridge repair practice of other countries (Chile and 

Japan) was also reviewed.  The bridge damage and repair report obtained from Japan 

mainly discusses the repair of bridge column/pier subjected to different damage level 

(Table 2-11).  Repair methods for other bridge components are described in very general 

terms.  There is a lack of information about when the recommended repairs are the most 

appropriate. 

The objective of post-earthquake repair measures of Chileôs earthquake was to 

increase the integrity of girders by adding the end lateral beams and to restrain the lateral 

displacement by providing diaphragms and extending the seats (Table 2-13).  During this 

earthquake, most of damage was due to superstructure collapse and therefore, there was a 

lack of detailed repair information at a component level. 

Although some useful general information may be extracted from the repair 

methods described in the documents from Japan and Chile, the information is of limited 

use in the step-by-step repair methods discussed in subsequent chapters due to a lack of 

details. 

2.4 Gaps in Knowledge on Past Earthquake Damage Repair of Bridge 

Components 

The records of seismic damage repair conducted by Caltrans help provide an 

insight on repair practice.  Nevertheless, these records address only the cases that were 

encountered in the field.  Therefore, they do not necessarily address all damage states for 

various bridge components.  As a result, there are gaps in the repair methods that need to 

be identified and addressed.  To identify the gaps in past seismic damage bridge repair 
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practice a detailed review of bridge books and the data from Chile and Japan was 

conducted.  Based on the analysis of database discussed in section 2.3 the following 

repair gaps are identified: 

1. While bridge books provide an abundance of information on conducting 

bridge repairs, the documented repairs are described in very general terms, and the 

specific efficacy of these repairs are not mentioned. 

2. There is a lack of information on step-by-step repair detail of bridge 

components.  Moreover, the information about damage and repairs are scattered in 

various bridge books and extracting information from them is very difficult and time 

consuming. 

3. While a repair documented in the Japanese report is very informative for 

considering column repairs, repair methods for other bridge components are described in 

very general terms.  Additionally, there is a lack of repair information about shear key, 

abutment wall, piles, diaphragm, and joints, etc. 

4. No considerations or assumptions are made about the residual capacity of 

bridge components at a given damage level to guide repair design. 

From the above discussion, it was concluded that there is no complete repair 

guide is ready for use to repair bridge components subjected to different damage levels.  

While there is an abundance of information available on column/pier repair, the repair 

information about other bridge components is very limited.  Very limited information is 

available on the behavior of structural components, particularly on the effectiveness of 

repairs and the relationship between repair technique and damage intensity.  As a result, 

there are gaps in the repair methods that need to be identified and addressed.  The goal of 
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this project is to fill the substantial gaps in knowledge noted above.  Thus, present study 

discusses the repair methods for earthquake damaged RC bridge components for different 

type and degree of damage.  The term ñdamage,ò when used in this document, refers to 

the bridge damage suffered by an earthquake in its existing condition immediately after 

the earthquake.  Prior affects of environmental deterioration, service conditions, and 

previous earthquakes are presumed to be pre-existing conditions and not part of the 

damage to be evaluated.  The repair of different bridge components such as shear keys, 

girders, abutment walls, and joints are discussed in the following chapters. 
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Chapter 3. Repair of Earthquake Damaged Abutment Exterior Shear Keys 

3.1 Introduction  

Shear keys are designed to provide transverse support to the superstructure during 

service load and moderate earthquakes, but are designed as sacrificial elements under 

strong earthquakes to prevent damage to substructures.  Another consideration in treating 

shear keys as sacrificial elements is that they are accessible, inspectable, and repairable.  

Based current Caltrans SDC 2010 for shear keys in ñordinaryò bridges, the maximum 

transverse shear capacity of the shear keys is limited to prevent transferring large lateral 

forces from the superstructure to the substructure. Determining the earthquake force 

demand on the shear keys is difficult.  Therefore, to limit the shear key capacity, Caltrans 

SDC 2010 has defined a range based on shear capacity of the abutment piles and dead 

load vertical reaction of the superstructure at the abutment to prevent significant damage 

to the substructure components.  According to the Caltrans SDC 2010, the capacity of the 

shear key should be the smallest of 50 to 100 % of the dead load vertical reaction at the 

abutment and 50 to 100% of the 75% of the shear capacity of the piles plus shear capacity 

of one wing wall. 

This Chapter discusses the repair of earthquake damaged RC bridge 

superstructure shear keys.  The study of shear keys is part of a more extensive research 

project aimed at developing repair methods for different bridge components damaged by 

earthquakes.  The main objectives of this report are to define apparent earthquake damage 

states for shear keys and to describe a repair method for each damage state. 
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The shear key dimensions and detailing used in this report are the same as shear 

key unit 4A tested at University of California, San Diego (Bozorgzadeh et al. 2006), 

which was the typical Caltrans detailing requirement for the shear keys up to 2006.  

Therefore, the detailing of test unit 4A is assumed to be the typical detailing of the shear 

keys in existing bridges in California designed on or before year 2006 and the failure 

mode of which is the diagonal shear failure.  The test unit 4A is shown in Figure 3-1. 

3.2 Damage States  

To define apparent damage states specific to shear keys, past-earthquake damage 

reports (Caltrans) and experimental research test data were reviewed.  Past-earthquake 

damage reports of various earthquakes (San Fernando Valley 1971, Loma Prieta 1989, 

and Northridge 1994) were obtained from Caltrans complied in bridge books and 

compact disks (CDôs). 

In this study, it was decided to use uniform definition of seismic apparent damage 

states for all bridge components.  The apparent damage states represent the level of 

earthquake damage seen in a bridge component without any evaluation tools (destructive 

or non-destructive).  Six distinct apparent damage states defined previously for standard 

columns (those meeting current seismic code requirements) (Vosooghi and Saiidi 2010) 

were considered and their relevance to shear keys was assessed.  The column damage 

states are as follows:  

DS-1: Flexural cracks 

DS-2: First spalling and minor shear cracks 
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DS-3: Extensive shear cracks and/or extensive spalling 

DS-4: Visible lateral and/or longitudinal bars 

DS-5: Start of core concrete failure (imminent failure) but no fractured bars.  

DS-6: Failure/fractured bars 

Post-earthquake damage reports as well as past experimental research conducted 

on performance of exterior shear keys at UCSD (Bozorgzadeh et al. 2006) reveal that 

damage in shear keys is associated with diagonal cracks that become wider and more 

pronounced as the shear key approaches failure (Figure 3-2 and 3-3).  Three apparent 

damage states are applicable to shear keys: DS2, DS5 and DS6.  DS2, DS5 and DS6 

correspond to the minor diagonal shear cracking, major diagonal shear cracking 

(imminent failure), and failure, respectively.  Other column damage states are not 

applicable because, unlike columns, shear keys are shear critical and brittle. 

3.2.1. Damage State 2 

In this damage state, minor horizontal cracks at the intersection of inclined side of 

the shear key and abutment stem wall are seen along with some minor diagonal shear 

cracks propagating towards abutment stem wall.  Figure 3-2 shows a few examples of 

DS2.  

3.2.2. Damage State 5 

When a major, relatively wide diagonal shear crack propagates from the shear 

key-stem wall interface to the abutment stem wall the shear key is in damage state 5.  
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Tests have shown that with major shear cracks, the shear key is on the verge of failure.  

Hence, this damage state is considered to be ñimminent failureò or DS5.  It is to be noted 

that, the general definition of DS5 is imminent failure, and not necessarily represent the 

core damage as in case of columns.  Figure 3-3 shows an example of DS5 observed after 

the San-Fernando Earthquake in 1971. 

3.2.3. Damage State 6 

This damage state is considered to be failure and includes combination of 

extensive spalling, fractured bars, and wide shear cracks in the abutment stem wall.  

Under this damage stage, the residual capacity of the shear key is negligible.  Figure 3-4 

shows a few examples of damage state 6. 

3.3 Shear Key Capacity 

The strut and tie model to calculate shear key capacity developed by Megally et al 

(2001) was used in this study.  The capacity of exterior abutment shear keys can be 

calculated using Eq. 3-1.  

   ὠ ὠ ὠ  kips (3-1) 

ὠ πȢπσρφςςȢτ Æ ÂÄ  kips (3-2) 

ὠ ! Æ !ȟÆȟÈ !ȟÆȟÄ Î!ȟÆȟ Î!ȟÆȟ   kips (3-3) 

Where   ὠ is the nominal shear capacity of shear key (kips); ὠ, ὠ = concrete and 

reinforcing steel contribution to shear key capacity (kips), respectively; fce is the expected 

compressive strength of concrete; Æ, Æȟ, Æȟ, Æȟ = specified yield strength of steel (ksi); 
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V, b, d, a1, h = shear force demand, width of shear key (in), depth of shear key (in), 

height of the shear force from top of the abutment stem wall (in), and height of stem wall 

(in), respectively, as shown in Figure 3-5 ; As,1, As,2, As,s, Av,f  = total area of hanger bars 

(in
2
), total area of shear key reinforcement of row 1 crossing shear key-abutment stem-

wall interface (in
2
), area of single horizontal or vertical reinforcement (in

2
), and total 

vertical reinforcement that connects the shear key to the stem wall (in
2
), respectively 

(Figure 3-6); Î, Î = number of side faces with horizontal and vertical reinforcement of 

abutment stem wall, respectively.  In test unit 4A (Figure 3-1), the shear strength of 

concrete and steel is 86.7 kips [385.66 kN] and 248.2 kips [1104.05 kN], respectively. 

3.4 Case Study 

To develop repair procedure for shear keys, test unit 4A studied by Bozorgzadeh 

et al. (2006) was used as benchmark (Figure 3-1).  Bozorgzadeh et al. conducted a study 

on capacity evaluation of exterior shear keys.  In test unit 4A, the shear key was built 

monolithically with abutment stem wall.  Vertical reinforcement was continued from the 

abutment stem wall and was anchored in the shear key.  Experiments conducted on 

seismic performance of exterior shear key designed according to Caltrans SDC 2006 

indicated that under lateral loads on shear keys diagonal shear failure occurs in the 

abutment stem wall and therefore, the shear key does not act as a fuse (Bozorgzadeh et al. 

2006).  The experiment also indicated that, the actual strength of the shear keys is 

significantly higher than the design value  

The expected compressive and yield strength of steel was assumed to be 5 ksi 

[34.47 MPa] and 68 ksi [468.84 Mpa], respectively.  The height of the abutment stem 
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wall was 30.5 in [775 mm].  The width and depth of the shear key was 16.75 in [425 mm] 

and 24 in [610 mm], respectively.  The area of reinforcement Avf, As,1, As,2, and As,s  were 

2.64, 1.6, 0.44, and 0.11 in
2
, respectively.  Figure 3-6 shows these reinforcements.  The 

shear capacity of the original shear key was calculated by Eq. 3-1.  The steel contribution 

to the capacity of the shear key (Vs) was obtained from the equilibrium of forces along 

the critical diagonal crack BA as shown in Figure 3-7 resulting in Eq. 3-3. 

In Figure 3-7, V= shear demand (kips); T1 = !ȟÆȟ is the force developed by the 

tie at level 1; T2 = !ȟÆȟ is the force developed in the first row of reinforcing bars 

crossing the shear key interface; Tih and Tiv = !ȟÆȟ are the tensile forces in a single 

horizontal and vertical bar placed on the side faces of the abutment stem wall crossing the 

inclined crack, respectively; s = spacing between horizontal/vertical bars; a1 as defined in 

Figure 3-5; and Cc,1 is the compression strut.  

3.5 Shear Key Repair 

Most of past research has been on the repair of columns, girders, etc.  No research 

has been reported on the repair of shear keys.  To develop repair method, the repair 

objective was first defined.  Shear keys are shear dominated and are generally brittle.  

Therefore, the repair objective of shear keys is only to restore the shear strength without 

any explicit concern for ductility.  It is hence necessary, to determine the capacity of an 

undamaged shear key and establish the residual capacity depending on damage state.  The 

residual capacity of a shear key is the summation of the residual concrete and steel shear 

strength at a given damage state. 
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Vosooghi and Saiidi 2010 conducted research on repair of high shear columns at 

the University of Nevada, Reno.  They defined five distinct apparent damage states for 

high shear columns, DS1 to DS5.  DS1 to DS5 represents the progression in earthquake 

damage to the high shear columns up to failure.  The residual concrete shear capacity 

under DS2 and DS5 in high shear columns was recommended to be 80% and 20% of the 

undamaged capacity, respectively (Vosooghi and Saiidi 2010).  Therefore, in designing 

repair of shear keys, it was assumed that the residual concrete contribution to shear in 

shear keys at DS2 and DS5 is 80% and 20%, respectively, while assuming full 

contribution of steel.  

3.6 Repair Design 

Using the proposed contribution ratios for concrete and steel to the shear strength 

of shear keys, a repair design methodology was developed based on apparent DSs.  The 

repair design for each damage state is discussed in the following sections. An example 

illustrating repair design for each damage state is presented in Appendix A1. 

3.6.1. Damage State 2 

The shear strength of the concrete and steel in a shear key at DS2 is 80% and 

100% of those in the undamaged shear key, respectively.  Consequently, repair is 

designed only to restore the 20% loss in concrete shear strength.  The diagonal shear 

crack angle is assumed to be 45 degree.  Unidirectional CFRP fabrics are applied with 

fibers in the horizontal direction to repair the crack.  Unidirectional CFRP fabrics 

produced by the FYFE Co. SCH41/Tyfo S, with fibers in the horizontal or vertical 

direction are used.  The material properties of CFRP fabrics used are shown in Table 3-1.  
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To prevent substructure failure, the repair is designed so that the shear key is not over 

strengthened.  It is recommended to limit over strengthening of repaired shear keys to 

10% of the total capacity.   

In case of fully wrapped members, the effective strain in the CFRP can be used as 

0.4% (Priestley at al. 1996).  But in the case of side bonded CFRP wrapping, the effective 

strain in CFRP is a function of concrete compressive strength, CFRP thickness, CFRP 

tensile modulus and effective bond length (ACI 440.2R-08).  Consequently, an iterative 

process is required to design the thickness of side bonded CFRP (ACI 440.2R-08). This 

procedure was found to be complicated for practical design.  Therefore, a new equation to 

calculate directly the effective strain in side bonded CFRP was developed (Eq. 3-4).  This 

equation was developed using a parametric study conducted on a wide range of 

compressive strength of concrete, CFRP thickness, and tensile modulus of CFRP based 

on ACI 440.2R-08.  Chapter 4 presents the study that led to the development of Eq. 3-4. 

The simple equation gives the required CFRP thickness directly for a given 

required shear strength at a given damage state, (Eq.3-8).  To determine the required 

CFRP thickness at a given damage state, the following step-by-step procedure is 

proposed: 

Step 1.   Determine the effective strain in CFRP: 

‐ πȢπρυὸ
Ȣ
Ὁ Ȣ  

Ὢ

υ

Ȣ

 
 

(3-4) 
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Where, ‐  is the effective strain in CFRP; ὸ is the total thickness of CFRP layer 

(in); Ὁis the CFRP tensile modulus (ksi) and Ὢ  is the expected compressive strength of 

concrete (ksi). 

 

Step 2.   Determine CFRP design shear force: 

ὠ ὠ Ὑὠ ὠ   kips (3-5) 

Where ὠ is the shear strength provided by CFRP (Kips);   is the additional 

reduction factor of 0.85 recommended by ACI 440.2R-08, and Ὑ is the contribution ratio 

of concrete at a given damage state (0.80 and 0.20 for DS2 and DS5, respectively). 

Step 3.   Determine the CFRP required thickness.  The contribution of the CFRP system 

to the shear strength of a member is based on the fiber orientation and an assumed crack 

pattern of 45
o
 (Khalifa et al. 1998).  The shear strength provided by the CFRP fabrics is 

determined by calculating the force resulting from the tensile stresses in the CFRP across 

the assumed crack as: 

ὠ  ‐ ϽὸϽὉϽὨ ÓÉÎ‌ ÃÏÓ‌ (3-6) 

ὠ  ‐ ϽὸϽὉϽὨ  , for horizontal CFRP wrapping (Ŭ = 0
o
) (3-7) 

Where, Ὠ , Ŭ = total depth (in) and orientation angle (degree) of CFRP , 

respectively.  Other parameters were defined previously in Eq. 3-4.  Substituting Eq. 3-4 

in Eq. 3-7, the following expression for the total CFRP required thickness is obtained: 

ὸ
Ȣ  
Ȣ  

Ȣ

 inch (3.8) 
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The bond capacity of FRP is developed over a critical length, ὰ .  To develop the 

effective FRP stress at a section, the available anchorage length of FRP should exceed the 

value given by Eq. 3-9 (ACI 440.2R-08).  The inch-pound units are to be used in Eq. 3-9. 

ὰ πȢπυχϽ    inch (3-9) 

The following steps are recommended to repair shear keys in DS2:  

Step 1.   Remove any loose concrete. 

Step 2.   Fill the crack with epoxy injection. 

Step 3.   Install layers of CFRP with fibers in the horizontal direction to cover the entire 

crack height and extend beyond the cracks by the larger of ὰ  (Eq. 3-9) and 8 inches to 

provide sufficient bond. 

3.6.2. Damage State 5 

The shear strength of concrete and steel in shear keys at DS5 is 20% and 100% of 

the original strengths, respectively.  Consequently, for DS5, repair is designed to restore 

the 80% loss in concrete shear strength.  Unidirectional CFRP fibers are used in the 

horizontal direction to repair the diagonal shear crack at DS2 and 5.  A similar repair 

procedure as that of DS2 is recommended for DS5.  

3.6.3. Damage State 6 

Under this damage stage, the residual shear capacity of shear key is negligible and 

consequently complete replacement is needed.  The objective of repair of shear keys at 

DS6 is to restore the shear capacity and to change the mode of failure from diagonal 
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shear failure to sliding shear friction failure.  Based on the experimental testing of shear 

keys, Bozorgzadeh et al. 2006 indicated that the previous detailing of Caltrans SDC 2006 

of shear keys results in a diagonal shear failure.  This is an undesirable mode of failure 

because it leads to an extensive damage to the abutment stem wall.  To achieve the repair 

objectives of shear keys at DS6, the following step-by-step procedure is recommended. 

Step 1.   Remove the concrete from the earthquake damaged shear key and expose the 

steel bars. 

Step 2.   Remove the existing shear key transverse and inclined reinforcement but keep 

the abutment stem wall vertical reinforcement.  Cut all the vertical reinforcement 

crossing the shear key-abutment stem wall interface above 45 degree failure plane. The 

reinforcement labels and layout are shown in Figure A1-5. 

Step 3.   Straighten the vertical reinforcement of abutment stem wall crossing the shear 

key-stem wall interface and then cut these bars at the shear key-stem wall interface level.  

Remove all the reinforcement connecting the shear key to the abutment back-wall, if any. 

Step 4.   Calculate the required shear key vertical reinforcement according to Caltrans 

SDC 2010 (Eq. 3-10).  Provide sufficient development length for these bars (Eq. 3-12). 

 

    ὃ
Ȣ

    in
2
 

 

(3-10) 

 

ὃ ȟ
Ȣ

   in
2
 

 

(3-11) 

Where, ὃ  is the required area of shear key vertical reinforcement (in
2
); Ὂ  is 

the Shear key force (kips); ὃ  is the area of concrete considered to be engaged in 

interface shear transfer (in
2
) and Ὢ  is the expected yield strength of steel (ksi).  The area 
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of shear key vertical reinforcement calculated using Eq. 3-10 should be greater than or 

equal to the minimum (Eq. 3-11) recommended by Caltrans SDC 2010.  

ὰ ςτ Ὠ  in (3-12) 

Where, ὰ  and  Ὠ is the development length and diameter of shear key vertical 

bars.  

Step 5.   Drill holes in the abutment stem wall and install the shear key vertical 

reinforcement near the center line of the shear key in the direction parallel to shear force.  

Fill the drilled holes with epoxy. 

Step 6.   In the absence of Caltrans detailing guidelines for pre-2006 shear keys, use the 

ACI provisions (ACI 318-11, section 11.7.4.1 and 11.7.4.2) for minimum stirrups to 

provide confinement to the shear key.  The spacing shall not exceed the smaller of d/5 or 

12 in.  The area of stirrups perpendicular to the flexural tension reinforcement, Av, shall 

not be less than 0.0025bs. Where s is the spacing of stirrups in the vertical direction 

parallel to the flexural reinforcement (in); b is the width of the section (in) as shown in 

Figure 3-5.Figure 3-5.  3D view of shear key  The area of stirrups parallel to the flexural 

tension reinforcement, Av, shall not be less than 0.0015bs2.  Where, s2 is the spacing of 

the stirrups in the direction perpendicular to the flexural reinforcement. 

Step 7.   Provide a smooth construction joint at shear key-abutment stem wall interface to 

develop a weak plane so a shear friction coefficient of 0.4 can be used. 
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Chapter 4.  New Method to Determine Effective Strain and CFRP thickness to Restore 

Shear Strength for  Side Bonded CFRP Configuration 

4.1 Introduction  

In case of fully wrapped members, the effective strain in the CFRP can be used as 

0.4% (Priestley at al. 1996).  But in the case of side bonded CFRP wrapping, the effective 

strain in CFRP is a function of concrete compressive strength, CFRP thickness, CFRP 

tensile modulus and effective bond length (ACI 440.2R-08).  Consequently, an iterative 

process is required to design the thickness of side bonded CFRP (ACI 440.2R-08). This 

procedure was found to be complicated for practical design.  Therefore, a new method to 

calculate directly the effective strain in side bonded CFRP was developed.   

4.2 ACI 440.2R-08 Procedure to Determine Shear Contribution of FRP 

The ACI 440.2R-08 procedure to determine shear contribution of side bonded 

CFRP to a member is based on the fiber orientation and an assumed fiber angle of 45 

degree (Khalifa et al. 1998).  The shear contribution of the FRP is given by Eq. 4-1. 

 ὠ  
‐ ϽὸϽὉϽύ ÓÉÎ‌ ÃÏÓ‌Ὠ

ί
 (4-1) 

Where ύ  and  ί are the width and spacing of CFRP strips. The other parameters 

in Eq. 4-1 were defined in section 3.6.  When CFRP wrapping is covers the entire height 

rather than being in the form of strips, the term   is equal to one.  Therefore, for 

continuous side bonded FRP and orientation angle of zero degree (horizontal fibers), Eq. 

4-1 will reduce down to Eq. 4-2. 

ὠ ‐ ϽὸϽὉϽὨ  (4-2) 
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The following step by step procedure is recommended by ACI 440.2R-08 to 

determine the shear contribution of CFRP to a member. 

Step 1.   Compute the design material properties. 

‐ ὅϽ‐ᶻ  (4-3) 

Where ‐ , ὅ and ‐ᶻare the design ultimate rupture strain of FRP, 

environmental reduction factor of 0.85, and ultimate rupture strain of FRP, respectively.  

Step 2.   Calculate the effective strain in the FRP shear reinforcement (Eq. 4-4).  The 

effective strain is calculated using the bond reduction coefficient  applicable to shear.  

The bond reduction coefficient can be computed from Eq. 4-5. 

‐ Ͻ‐ πȢππτ (4-4) 

Ͻ Ͻ

Ͻ
πȢχυ  In-lb units (4-5) 

Where  Ὧ andϽὯ are the modification factors and ὒ is the active bond length 

over which the majority of the bond stress is maintained (Eq. 4-6).  The modification 

factors Ὧ andϽὯ can be computed using Eq. 4-7 and 4-8, respectively. 

ὒ Ȣ   In-lb units (4-6) 

 Ὧ   In-lb units 
(4-7) 

Ὧ   In-lb units (4-8) 

Step 3. Contribution of the FRP to the shear strength can then be calculated using Eq. 4-2. 

Step 4. Calculate the shear strength of a member using Eq. 4-9.  Parameters in Eq. 4-9 

were defined in section 3.3 and 3.6 of this report. 
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ὠ ὠ ὠ  ὠ  (4-9) 

4.3 Simple Equation to Determine Effective Strain in CFRP  

The ACI 440.2R-08 method requires iteration and is complicated for practical 

design.  Therefore, it was decided to simplify the ACI 400.2R-08 procedure by 

developing a direct equation for the effective strain of CFRP. The direct equation was 

developed using an extensive parametric study on a wide range of compressive strength 

of concrete, CFRP thickness, and tensile modulus of CFRP to learn about the sensitivity 

of the results to these parameters and to determine if a simple, non-iterative method can 

be developed.  Curve fitting and trial and error method were used to obtain a simple 

equation (Eq. 4-10) to estimate an effective strain in CFRP. 

‐ πȢπρυὸ
Ȣ
Ὁ Ȣ  

Ὢ

υ

Ȣ

 
(4-10) 

Substituting Eq. 4-10 in Eq. 4-2, the following expression is obtained for CFRP 

thickness: 

ὸ
φφȢφχ ὠ

ὉȢ  Ὠ

υ

Ὢ

Ȣ

 (4-11) 

Equations 4-10 and 4-11 are the same as Eq. 3-4 and Eq. 3-8, respectively, 

discussed in section 3.6 of this report. 

To compare the results from the proposed equation and the ACI 440 method, a 

parametric study was conducted covering a wide range for key parameters.  The key 

parameters were: the CFRP thickness, the concrete compressive strength, and CFRP 

tensile modulus elasticity.  Parameter ranges were: 0.04 to 0.40 inch [1mm to 10mm] for 
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CFRP thickness, 3 to 6 ksi [21 to 41 Mpa] for concrete compressive strength, and 10000 

to 15000 ksi [68948 to 103421 Mpa] for CFRP tensile modulus.  The objective of 

choosing such a wide range was to investigate the potential influence of these parameters 

on the effective strain in CFRP. 

Figures 4-1 to 4-6 present graphs for CFRP effective strain vs CFRP layer 

thickness for various CFRP tensile modulus and compressive strengths of concrete.  

These Figures show that Eq. 3-4 gives effective strains that are very close to those 

calculated by ACI 440.2R-08 procedure.  The calculated CFRP effective strain using Eq. 

3-4 and ACI 440.2R-08 procedure were presented and compared in Table 4-1 to 4-6.  The 

results presented in these tables show good agreement between Eq. 3-4 and ACI 440.2R-

08 procedure.  For a given tensile modulus, the difference in the results is decreasing 

from lower CFRP thickness to higher CFRP thickness.  The range of percentage 

difference in the results was from 0% to 12% and the average percentage difference in 

the results was from 1% to 7%. 

Figure 4-7 and 4-8 present example graphs of CFRP layer thickness vs tensile 

modulus for various compressive strengths of concrete for shear keys under DS2 and 

DS5, respectively.  Figure 4-7 shows that Eq. 3-8 gives conservative estimate of required 

CFRP thickness for concrete compressive strengths of 3, 4, and 5 ksi compared to those 

calculated by ACI 440. 2R-08. For concrete compressive strength of 6 ksi [41 Mpa], Eq. 

3-8 underestimates required CFRP thickness by 5% to13% compared to those calculated 

by ACI 440.2R-08.  The calculated required CFRP thickness for DS2 using Eq. 3-8 and 

ACI 440.2R-08 procedure were presented and compared in Table 4-7.  Table 4-7 shows 

that, the CFRP thickness calculated by Eq. 3-8 is conservative by 6% to 26% for concrete 
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compressive strength of 3, 4, and 5.ksi [21, 28, and 35 Mpa].  Figure 4-8 shows that the 

required CFRP thickness calculated by Eq. 3-8 is very close to those calculated by ACI 

440.2R-08 procedure.  The calculated required CFRP thickness for DS5 using Eq. 3-8 

and ACI 440.2R-08 procedure were presented and compared in Table 4-8.  Table 4-8 

shows that, Eq. 3.8 overestimate CFRP thickness by 3 to 8% for compressive strength of 

4, 5, and 6 ksi [21, 28, and 41 Mpa] and tensile modulus less than 14000 ksi [96527 

Mpa].  

Overall, the results show good agreement between the proposed simplified 

method and ACI 440.2R-08 procedure.  Consequently, the proposed simplified method 

(Eq. 3-8) can be used in repair design for side bonded CFRP configuration. 
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Chapter 5. Repair of Earthquake Damaged Prestressed Girder 

5.1 Introduction  

Prestressed (P/S) girders are typically designed as flexural members.  Over the 

past few years numerous repair methods have been proposed by several industrial and 

academic institutions in order to restore flexural and shear capacity of corrosion and/or an 

impact damaged P/S girders.  However, these repair methods are proposed for non-

seismic damage.   There is a lack of research on repair of P/S bridge girders damaged due 

to seismic loads.  Therefore, repair methods for non-seismic damage were adapted.  In 

this document, repair methods and repair design examples are presented in order to 

restore flexural capacity of seismically damaged P/S girders.  The focus is on flexure, 

because girders with significant shear damage need to be replaced rather than repaired 

due to the brittle nature of shear failure.  Also, due to a lack of sufficient data on 

correlating apparent damage to prestress loss, this report does not address possible 

prestress loss caused by the earthquake damage.  To compensate the prestress loss in 

steel, prestressed CFRP may be used.  Studies have been done on prestressed CFRP to 

strengthen the prestressed and non-prestressed beams (Kim et al. (PCI journal 2010); 

Czaderski and Motavalli 2007; Czaderski and Motavalli 2011). 

The main objectives of this Chapter are to define apparent earthquake DSôs for 

P/S bridge girders and to describe a repair method for each damage state.  In order to 

define DSôs, several earthquake damage reports covering earthquake damage in 

California and Chile were reviewed.  Review of bridge damage reports did not reveal 

information about seismic damage to girders. 
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Five (DS1, DS2, DS3, DS4, and DS6) out of six general apparent DSôs defined in a 

previous study at the University of Nevada Reno for standard columns were found to be 

applicable to P/S bridge girders.  Externally bonded unidirectional CFRP fabrics were 

used to repair P/S girders under DS2, DS3, and DS4 while reconstruction was 

recommended under DS6.  DS1 corresponds to a minor flexure cracks and has no direct 

impact on the structural capacity of a girder, therefore, repair recommended in DS1 is a 

non-structural repair and only recommended for aesthetic or preventive measures using 

epoxy injection.  Detailed repair design methodology is presented and discussed along 

with repair design examples in the following sections.  The P/S girder dimensions and 

prestressing steel properties used in this report are the same as used in the report by 

Harries and Kasan at University of Pittsburgh, Pennsylvania (June 2009). 

5.2 Damage States 

To define apparent DSôs specific to P/S bridge girders, detailed past-earthquake 

damage reports of various earthquakes (San Fernando Valley 1971, Loma Prieta 1989, 

and Northridge 1994) were obtained from Caltrans compiled in bridge books and 

compact disks (CDôs).  Also past-earthquake damage reports were studied from Chile 

earthquake of February 2010.  Uniform definition of seismic apparent DSôs was used for 

all bridge components.  Six distinct apparent DSôs defined in section 3.2 were considered 

and their relevance to P/S girders was assessed.  Past earthquake damage reports reveal 

that five apparent DSôs are applicable to P/S bridge girders: DS1, DS2, DS3, DS4, and 

DS6.  Confined core damage is more common in columns instead of beams because 
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columns are designed for higher ductility and have higher confinement compared to 

girders; therefore, DS5 is excluded in P/S bridge girders 

5.2.1. Damage State 1 

In this damage state minor flexural/shear cracks are seen on the P/S girders soffit 

and/or sides of a girder and no other damage observed after an earthquake.  Figure 5-1 

shows an example of DS1. 

5.2.2. Damage State 2 

This damage state corresponds to minor spalling of the cover concrete and/or 

relatively wide flexural cracks.  Figure 5-2 shows an example of DS2. 

5.2.3. Damage State 3 

P/S girders under DS3 exhibit extensive spalling of cover concrete.  Figure 5-3 

shows an example of P/S girder under DS3. 

5.2.4. Damage State 4  

This damage state consists of extensive spalling of cover concrete and visible 

longitudinal bars. Figure 5-4 shows an example of P/S girders under DS4. 

5.2.5. Damage State 6 

This damage state corresponds to a failure of P/S girders.  P/S girders under 

damage state DS6 exhibit tendon fracture. 
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5.3 Assumptions and Simplifications 

In order to conduct analysis and develop a repair method some assumptions and 

simplifications were made to present a more generalized approach to design seismic 

repair of P/S girders.  All repair methods and design examples presented in this document 

consider girders that are not integrally attached to barrier walls.  Inclusion of barrier walls 

complicates the analysis and diminishes the issue relevant to present work.   

The damage to a P/S girder was modeled by removing strands from the section to 

mimic earthquake damage.  Of course in reality tendons are not fractured in DS1, DS2 

DS3, and DS4, but it was considered for sake of simplification of modeling a loss in 

moment capacity. Loss in moment capacity of a girder under given damage state was tied 

to a loss in strands effectiveness to provide moment capacity at that damage state 

The CFRP repair design presented in this report accounts for the initial strain 

level of the concrete substrate.  The existing strain is calculated assuming the beam is 

uncracked and the only loads acting on the beam at the time of the FRP installation are 

dead loads. 

5.4 Moment-Curvature Analysis 

To develop a repair method, a prototype P/S I-girder section was used in this 

study.  Girder cross section details are shown in Figures 5-5 and 5-6.  Section geometric 

and material properties are presented in Table 5-1.  Prestressing steel material properties 

are compiled in Table 5-2.  For ease of developing a repair design, it was assumed that, 

the given girder is a simply supported interior girder.  To determine the nominal moment 

capacity of I-girder, program Xtract was used to obtain the moment-curvature 
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relationship.  Effective yield moment was used as a nominal moment capacity of the 

section.  Figure 5-7 shows the moment-curvature plot of the girder section at various 

DSôs. 

5.5 P/S Girder Repair 

Most of past research has been on the repair of P/S girders subjected to corrosion 

and/or impact damage.  No research has been reported on repair of earthquake damaged 

P/S girders.  To develop a repair method, the repair objective was first defined.  P/S 

girders are designed as flexural members.  Therefore, the repair objective of P/S girder is 

to restore the ultimate flexural capacity of earthquake-damaged girders.  It is hence 

necessary, to determine the capacity of an undamaged girder and establish the residual 

capacity depending on damage state.  The residual capacity of the girder was established 

by correlating prestressed tendon contribution to moment capacity at each damage state.  

Therefore, in designing repair of P/S girders, it was assumed that tendon contribution to 

flexural capacity is 100% and 80% at DS1and DS4, respectively, while considering 90% 

tendon contribution in DS2 and DS3.  Initially it was decided to consider 5% and 10% 

loss in flexural strength at DS2 and DS3, respectively.  However, it was felt that 5% loss 

is not significant.  Therefore, it was decided to lump DS2 and DS3 and assume 10% 

capacity loss for both. 

5.6 Repair Design to Restore Flexural Strength 

Using the proposed contribution ratios for steel to the flexural capacity, a repair 

design methodology was developed based on apparent DSs.  The following assumptions 
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are made in calculating the flexural resistance of a section strengthened with an 

externally applied FRP system (ACI 440.2R-08): 

¶ The strains in the steel reinforcement and concrete are directly proportional to the 

distance from the neutral axis.  That is, a plane section before loading remains plane after 

loading; 

¶ There is no relative slip between external FRP reinforcement and the concrete; 

¶ The shear deformation within the adhesive layer is neglected because the adhesive 

layer is very thin with slight variations in its thickness; 

¶ The maximum usable compressive strain in the concrete is 0.003; 

¶ The tensile strength of concrete is neglected; and 

¶ The FRP reinforcement has a linear elastic stress-strain relationship to failure. 

5.6.1. Damage State 1 

This damage state exhibits minor flexural cracks on cover concrete.  Damage at 

this level does not affect member capacity.  Therefore flexural strength provided by 

prestressing steel at DS 1 is 100% of those in the undamaged P/S girder.  Minor repair 

(epoxy injections) is recommended to fill these cracks.  The repair recommended in DS1 

is a non-structural repair and is only recommended for aesthetic or preventive measures. 

5.6.2. Damage State 2 and 3 

The moment capacity provided by strands under DS2 and DS3 is 90% of those in 

the undamaged P/S girder.  Consequently, repair is designed to restore 10% loss in the 
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moment capacity.  Unidirectional CFRP fabrics are applied at girder soffit with fibers in 

the longitudinal direction of the girder for repair. 

The following steps are recommended in designing CFRP repair to restore 

flexural capacity of P/S girders.  All equations shown in the repair design procedure are 

from ACI 440.2R-08 unless noted otherwise. 

Step 1 Calculate the FRP system design material properties. 

Ὢ ὅὪᶻ  ksi (5-1) 

ὅ ᶻ   in/in (5-2) 

Where, ὅ is the environmental reduction factor, Ὢᶻ is the ultimate tensile 

strength, ᶻ  is the rupture strain, Ὢ  is the design ultimate tensile strength, and  is the 

design rupture strain. 

Step 2 Preliminary Calculations: 

Á Modulus of elasticity of concrete, Ὁ υχπππὪ   psi. 

Á Area of FRP layer ὃ ὲὸύ   in
2
. 

In which ὲ is the number of CFRP layers, ὸ is the total CFRP thickness, and ύ  

is the width of CFRP. 

Á Radius of gyration,  ὶ   in. 

Where, Ὅ is the gross moment of inertia and ὃ  is the gross area of cross section. 

Á Effective prestressing strain,   in./in. 
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In which Ὢ  is the effective prestress and Ὁ is the tensile modulus of prestressing 

steel. 

Á Effective prestressing force, ὖ ὃ Ὢ   ksi. 

Where, ὃ  = total area of prestressing steel. 

Á Eccentricity of prestressing steel, Ὡ Ὠ ώ  in. 

In which Ὠ is the depth of prestressing steel and ώ is the depth of neutral axis 

from top compression fiber. 

Step 3 Determine the existing state of strain on the soffit: The existing state of strain is 

calculated assuming the beam is uncracked and the only loads acting on the beam at the 

time of installation are dead loads.  Initial strain in the beam soffit is given by: 

ὖ

Ὁὃ
ρ
Ὡώ

ὶ

ὓ ώ

ὉὍ
 

 

(5-3) 

In which ὓ  is the moment due to dead load and ώ is the distance of neutral 

axis from extreme tension fiber.  Other parameters were defined in step 2. 

Step 4 Estimate the depth to the neutral axis:  Assume initial ὧ πȢςυὬ 

Where, ὧ is the depth of the neutral axis from top compression fiber and Ὤ is the 

total depth of the section. 

Step 5 Determine the design strain of the FRP system and use as the limiting strain in the 

FRP.  The maximum strain that can be achieved in the FRP reinforcement is governed by 

the strain limitations due to either concrete crushing, FRP debonding, FRP rupture, or 

prestressing steel rupture. 

Á The failure controlled by FRP debonding can be calculated by: 
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πȢπψσ πȢω   in in.-lb 
 

(5-4) 

In which Ὢ is the compressive strength of concrete,  is the FRP debonding 

strain, and Ὁ is the tensile modulus of FRP. 

Á The effective design strain for FRP reinforcement at the ultimate limit state for failure 

controlled by concrete crushing can be calculated by: 

Ὠ ὧ

ὧ
 

 

(5-5) 

Where,  is the concrete ultimate strain. 

Á The failure strain controlled by prestressing steel rupture can be calculated by: 

Ὠ ὧ

Ὠ ὧ
 

 

(5-6) 

Where, ρ  
 

(5-7) 

 

Step 6 Calculate the strain in the existing prestressing steel. 

ὖ

Ὁὃ
ρ
Ὡ

ὶ
πȢπσυ 

 

(5-8) 

, can be calculated based on concrete crushing (Eq. 5-9) or FRP rupture or 

debonding (Eq. 5-10).  The value of  used in Eq. 5-8 is based on the failure mode of 

the system.  

πȢππσ
Ὠ ὧ

ὧ
 

 

(5-9) 

Ὠ ὧ

Ὠ ὧ
 

 

(5-10) 
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Where,  is the net tensile strain in the prestressing steel beyond 

decompression, at the nominal strength. 

Step 7 Calculate the stress level in the prestressing steel and FRP. 

Ὢ

ςψυππ                              Ὢέὶ πȢππχφ

ςυπ
Ȣ

Ȣ
                                   Ὢέὶ πȢππχφ 

           

  ksi 

 

(5-11) 

Ὢ Ὁ   ksi 
 

(5-12) 

Where, Ὢ is the effective stress in the FRP reinforcement and  is the effective 

strain in the FRP reinforcement. 

Step 8 Calculate the equivalent concrete stress block parameters: The strain in concrete 

can be calculated from strain compatibility as follows: 

ὧ

Ὠ ὧ
 

(5-13) 

The strain  corresponding to Ὢ  is calculated as: 

ρȢχὪ

Ὁ
 

(5-14) 

Approximate stress block factors may be calculated from the parabolic stress-

strain relationship and is expressed as follow 

‍
τ

φ ς
 

 

(5-15) 

‌
σ

σ‍
 

 

(5-16) 

Where, ‌ and ‍are the equivalent concrete stress block factors. 
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Step 9 Calculate the internal force resultant and check if equilibrium is satisfied.  Force 

equilibrium should be verified by checking with initial estimate of ὧ (Step 4). 

ὧ   in (5-17) 

Step 10 Repeat Steps 4 through 9 with different values of c until c is converged, 

indicating that equilibrium is achieved. 

Step 11 Calculate flexural strength components: 

The design flexural strength is calculated using Eq. 5-20. An additional reduction 

factor,   πȢψυ, is applied to the contribution of the FRP system. 

Prestressing steel contribution to bending: 

ὓ ὙὃὪ Ὠ   kip-in. (5-18) 

In which Ὑ is the contribution ratio of steel at DS2, DS3 and DS4 (0.90 for DS2 

and DS3 and 0.80 for DS4). 

FRP contribution to bending: 

ὓ ὃὪ Ὠ   kip-in. (5-19) 

Design flexural strength of the section can be calculated as: 

ὓ ὓ  ὓ   kip-in. (5-20) 

5.6.3. Damage State 4 

The moment capacity provided by strands under DS4 is 80% of those in the 

undamaged P/S girder.  Consequently, repair is designed to restore the 20% loss in 

strands capacity.  Unidirectional CFRP fibers are used in the longitudinal direction of the 

girder to restore flexural capacity of P/S girder under DS4.  The same repair procedure as 

that of DS2 and DS3 is recommended for DS4 except that in Step 2, the number of CFRP 
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layers, area of prestressing steel, and eccentricity value should be adjusted and in Step 11 

(Eq. 5-18), Ὑ = 0.80 should be used.  A numerical example illustrating the proposed 

repair design for DS2, DS3, and DS4 is presented in Appendix A2. 
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Chapter 6. Repair of Earthquake Damaged RC Bridge Abutments 

6.1 Introduction  

Abutments are earth-retaining structures that provide resistance against 

deformation and earthquake induced internal forces from bridge superstructure.  As a 

component of a bridge, the abutment provides the vertical support to the bridge 

superstructure at the bridge ends and connects the bridge with the approach roadway.  

Because abutment shears keys are designed to shear off under major earthquakes, the 

abutment foundation and piles are intended to be capacity-protected member although 

some damage might be expected in the abutment itself.  There are few studies available 

on strengthening of masonry and reinforced concrete walls (Konstantinos et al 1999; 

Sayari and Donchev 2012), the results of which might be of use for bridge abutment 

walls.  Konstantinos, Thomas, and Andreas (2003) conducted a study on low slenderness 

reinforced concrete walls.  In their study, the walls were designed according to modern 

design code provisions, initially subjected to cyclic loading to failure and subsequently, 

repaired using fiber reinforced polymer (FRP) jacket.  There is no research data reported 

specifically on repair of earthquake-damaged bridge abutments with different damage 

levels.  This Chapter discusses the repair of earthquake damaged reinforced concrete 

bridge abutments utilizing unidirectional carbon fiber reinforced polymer (CFRP).  Based 

on review of past earthquake damage on abutment walls, shear capacity appears to be the 

most critical abutment resisting force that is affected by earthquake damage.  Therefore, 

the repair was designed to restore the shear capacity of abutment stem wall.  The study of 

bridge abutments is part of a more extensive research project aimed at developing repair 
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methods for different bridge components damaged by earthquakes.  The main objectives 

of this report are to define apparent earthquake damage states for bridge abutments and to 

describe a repair method for each damage state.  To define apparent damage states 

specific to bridge abutments, detailed past-earthquake damage reports of various 

earthquakes were reviewed.  Shear key damage repair was presented in a separate report.   

Furthermore, abutment back wall are expected to be sacrificial and replaced after strong 

earthquakes.  Therefore, the focus of this report is on repair of abutment stem walls. 

6.2 Damage States 

To define apparent damage states specific to bridge abutments, detailed past 

earthquake damage reports for various earthquakes (San Fernando Valley 1971, Loma 

Prieta 1989, and Northridge 1994) were obtained from Caltrans compiled in bridge books 

and compact disks (CDôs).  In addition, earthquake damage reports were studied from 

Chile earthquake of February 2010.  Six distinct apparent damage states defined 

previously in section 3.2 were considered and their relevance to abutments was assessed. 

Past earthquake damage reports reveal that four apparent damage states are 

applicable to bridge abutments: DS2, DS3, DS4, and DS6.  Abutments are typically 

massive components and effects of minor cracks may be neglected.  Therefore, DS1 was 

excluded in abutments.  Also confined core damage is more common in columns instead 

of abutments because columns are designed for high ductility and have higher 

confinements compared to abutments; therefore, DS5 was also excluded in abutments. 
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6.2.1. Damage State 2 

This damage state corresponds to minor spalling of the cover concrete.  Figure 6-1 

shows an example of DS2. 

6.2.2. Damage State 3 

Abutments under DS3 exhibit extensive spalling of cover concrete.  Figure 6-2 

shows an example of abutments under DS3. 

6.2.3. Damage State 4 

This damage state consists of extensive spalling of cover concrete and visible 

reinforcing bars.  Figure 6-3 shows an example of abutments under DS4. 

6.2.4. Damage State 6 

This damage state corresponds to fractured bars and failure of abutments.  Figure 

6-4 shows abutments under damage state DS6. 

6.3 Assumptions and Simplifications 

In the present study seat type abutment was used (Figure 6-5).  In order to design 

repair for abutments some assumptions were made to simplify the repair.  Abutments are 

commonly over designed to carry vertical loads induced by superstructure and soil 

pressure.  It was assumed that the repair for DS2 to DS4 would include replacing any 

damaged concrete, and, hence, there is no loss in the vertical load and flexural capacity of 

abutments for these damage states.  Furthermore, it was assumed that an abutment with 

fractured bars (DS6) could be repaired by replacing the fractured or buckled bars and/or 

utilizing CFRP. 



62 

 

 

Replacing concrete and epoxy injection of cracks in an abutment under DS2 were 

also assumed to be sufficient to restore the in-plane shear capacity.  However, under DS3 

and DS4, it was assumed that shear capacity is reduced by 50% and CFRP fabrics are 

used to restore the capacity.  Also because abutments are lightly reinforced, the 

contribution of steel to shear capacity under DS3, DS4, and DS6 was ignored.  Another 

assumption was to use the same repair method for DS3 and DS4.  This assumption was 

made due to a lack of data on internal stress distribution in abutments with different 

damage states.  This repair design would be conservative for DS3. 

For abutments under DS6, it was assumed that shear capacity of abutment is 

reduced by 80% in and near the damaged area. To develop a repair method for abutments 

under DS6 two assumptions were made: out of plane movement is negligible and there is 

no significant reduction in the wall height due to failure. 

Finally, in the absence of research data on repair of earthquake-damaged bridge 

abutments, repair methods for non-seismic damage were adopted.  To develop repair 

methods, 45-degree diagonal crack pattern was assumed.  Therefore, it was assumed that 

unidirectional CFRP fabrics placed with fibers in the horizontal or vertical fibers are 

equally effective in resisting shear in stem wall.   Consequently, 50% of the lost shear 

strength is restored by CFRP horizontal fibers and 50% is restored by CFRP vertical 

fibers.   
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6.4 Abutment Stem Wall Capacity 

To demonstrate the repair design, the shear capacity at bottom of the stem wall 

was calculated.  In bridge abutments, only minimum shear reinforcement is placed to 

prevent cracking.  Therefore, concrete shear strength (VC) is the main part of the total 

nominal shear capacity.  Eq. 6-1 (ACI 318-11) was utilized to estimate the in-plane 

nominal shear capacity of stem wall.  Where ὃ , ‌, Ὢ , and Ὢ ,are the gross area of 

concrete section bounded by web thickness and length of section in the direction of shear 

force, the coefficient defining the relative contribution of concrete strength to nominal 

wall shear strength, the expected compressive strength of concrete, and the expected yield 

strength of reinforcement, respectively.  The coefficient ‌ varies linearly between 3.0 

and 2.0 for  between 1.5 and 2.0 (ACI 318-11).  Where Ὤ  and ὰ are the height and 

length of abutment stem wall.  In this report ɻ equal to 3 was used for typical abutments.  

Term ”  is the ratio of area of distributed transverse reinforcement to gross concrete area 

perpendicular to that reinforcement.  Because abutments are lightly reinforced, the 

contribution of steel to shear capacity was assumed equal to zero (” Ὢ  = 0).  In 

calculating ὃ , the entire ὰ may be conservatively used.  If damage is localized, the 

designer may use a shorter length not to be less than 1.5xὬ . 

ὠ ὃ πȢπσρφς ‌ Ὢ ” Ὢ  kips  

(6-1) 
or 

ὠ ὠ πȢπσρφς ὃ σὪ   kips 
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6.5 Repair Design  

Assuming no loss in the shear capacity for DS2, 50% loss in shear capacity for 

DS3 and DS4, and 80% loss in shear capacity for DS6, a repair design methodology was 

developed based on apparent DSs.  The repair design for each damage state is discussed 

in the following sections. A numerical example illustrating the proposed repair design for 

DS3, DS4, and DS6 is presented in Appendix A3. 

6.5.1. Damage State 2  

This damage state exhibits minor spalling of cover concrete.  Damage at this level 

does not affect member capacity.  Therefore, shear strength provided by concrete at DS2 

is 100% of that in the undamaged abutment.  Epoxy injections and concrete patching is 

recommended to fill cracks and minor spall in concrete.  The repair recommended in DS2 

is a non-structural repair and its purpose is to protect reinforcement against corrosion and 

for aesthetic reasons. 

6.5.2. Damage State 3 and 4 

As discussed in Section 6.3, the same repair method is recommended for DS3 and 

DS4.  The shear strength of the concrete in a bridge abutment at DS3 and DS4 is assumed 

to be 50% of that in the undamaged abutment.  Consequently, repair is designed only to 

restore 50% loss in the concrete shear strength.  The diagonal shear crack angle is 

assumed to be 45 degree.  Unidirectional CFRP fabrics bonded on the wall surface are 

applied in the horizontal and vertical direction.  Eq. 3-8 was used to determine the 

thickness for a given required shear strength at a given damage state.  To determine the 
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required CFRP thickness at a given damage state, the following step-by-step procedure is 

proposed: 

Step 1. Determine CFRP design shear force: 

ὠ ὠ Ὑὠ   kips (6-2) 

Where ὠ is the shear strength provided by CFRP (Kips);   is the additional 

reduction factor of 0.85 recommended by ACI 440.2R-08; and Ὑ is the contribution ratio 

of concrete at a given damage state. 

Step 2.  Determine the CFRP required thickness using Eq. 3-8.  Term Ὠ  was taken 

equal to the length of the wall. 

The bond capacity of FRP is developed over a critical length, ὰ .  To develop the 

effective FRP stress at a section, the available anchorage length of FRP should be at least 

the value given by Eq. 3-9. 

The following steps are recommended to repair abutments in DS3/DS4:  

Step 1.  Remove any loose concrete. 

Step 2.  Fill the crack with epoxy injection. 

Step 3.  Install layers of CFRP with fibers in the horizontal and vertical direction to cover 

the entire crack height and extend beyond the cracks by at least ὰ  (Eq. 3-9) to provide 

sufficient bond.  It is assumed that horizontal and vertical fibers have equal contribution 

to the shear strength because the crack angle is 45 degrees. 
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6.5.3. Damage State 6 

Walls with fractured and/or buckled reinforcing bars may be repaired by replacing 

the damaged bars.  If there is a significant permanent rotation associated with out of plane 

bending or reduction in the wall height due to the loss of vertical load resistance, the wall 

would have to be replaced. 

Recent tests of reinforced columns under cyclic loading have identified several 

reliable coupler types that may be used in plastic hinges (Caltrans and UNR 2010; Saiidi 

et al 2013).  New bars replacing damaged bars may be connected with undamaged bars 

using service couplers as defined by Caltrans.  In this case, the repair steps would consist 

of removing loose concrete and damaged bars, epoxy injecting the cracks, placing new 

bars, and casting new concrete.  Alternatively, CFRP fabrics with horizontal and vertical 

fibers may be used to provide tensile strength that matches that of damaged bars.  In this 

case, the damage bars will not be replaced, and may left in place.  The recommended 

repair method when CFRP is used is as follows: 

Step 1.  Remove all loose concrete from the earthquake damaged stem wall and expose 

the steel bars.  

Step 2.  Fill cracks by injecting epoxy.  

Step 3.  Straighten the reinforcement in the damaged portion of abutment stem wall. 

Step 4.  Cast new concrete in the damaged portion of the stem wall.  

Step 5.  Assuming 80% loss in shear strength (Ὑ πȢςπ, design CFRP repair utilizing 

Eq. 6-2 and 3-8.  
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Step 6.  Place the unidirectional CFRP fabrics in horizontal and vertical direction to cover 

the entire crack height and extend beyond the cracks by at least ὰ  (Eq. 3-9) to provide 

sufficient bond.  It is assumed that horizontal and vertical fibers have equal contribution 

to the shear strength because the crack angle is 45 degrees. 
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Chapter 7. Repair of Earthquake Damaged RC Beam-Column Bridge Joints 

7.1 Introduction  

Beam-column joints are critical elements of reinforced concrete (RC) bridge 

structures under earthquake loading.  According to Caltrans bridge design specification 

(BDA 2008), beam-column joints designed before early 1990ôs are categorized as weak, 

moderate, and intermediate joints whereas the joints designed subsequently are 

categorized as strong, capacity-protected joints.  Categorization of these joints is based on 

the amount of transverse reinforcement, ductility, and post cracking moment resisting 

capability.  Therefore, in existing bridges there is a blend of weak, moderate, and strong 

joints depending on their design year.  Consequently, joints in existing bridges could be 

vulnerable to damage. 

In the past few years an extensive and detailed research has been done on repair 

of earthquake-damaged beam-column joints in buildings utilizing various methods.  For 

example; epoxy injections, local replacement of damaged concrete and steel, RC jacket, 

CFRP, GFRP, and steel plates, etc. (French et al. 1990; Adin et al. 1993; Tsonos and 

Konstantinos 2003; Engindeniz 2008; Li and Pan 2011; Al-Salloum et al. 2011; and 

Sezen 2012).  These seismic repairs were developed for beam-column joints that are 

typical in buildings.  There is a lack of research on seismic repair of beam-column joints 

in bridges.  It is generally doubtful that repairs developed for joints in buildings will be 

effective for bridge joints.  In comparison with building construction, existing bridge 

joints are likely to involve larger member cross sections, larger reinforcing bar diameters, 

different joints geometries, and yielding in columns instead of beams.  A limited number 
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of studies have been conducted on retrofit of existing beam-column joints in bridges 

(Pantelides and Gergely 1999; Lowes and Moehle 1999; and Silva et al. 2007).  While 

retrofit methods may be used as a general guide for possible adaptation for repair, they 

are not generally applicable to repair of standard joints because: (1) ñretrofitò is normally 

done for undamaged substandard joints to make up for the lack of proper design and 

detailing, and (2) ñrepairò has to address loss of capacity due to damage.  Another 

consideration is that a comprehensive document on seismic damage repair has to address 

repair for different damage states.  There are no available studies to develop and 

experimentally verify the performance of repair methods for joints with different damage 

states.  An additional possible source to seek past work on repair of earthquake-damaged 

joints is the records of repair after earthquakes.  Indeed Caltrans has repaired a few bridge 

joints in the field but the extent of documentation for these repairs is not sufficient to 

readily adopt those methods for a systematic repair process.   

Bridge joints are designed as shear critical elements.  In general, joints suffer 

shear failure if the joint shear stresses (principal tensile and compression) exceed the joint 

capacity (Priestley et al. 1996).  Because, standard joints are less likely to undergo 

vertical splitting and/or reinforcing bar anchorage failure, the main objective of this study 

was to restore loss in the shear strength.  In this Chapter, repair methods were developed 

to restore the shear strength loss of seismically damaged knee and tee (T) joints of RC 

bridges subjected to different levels of earthquake damage.  The visual seismic damage 

data of joints from historic earthquakes as well as data from experimental tests revealed 

that all six general apparent damage states (DSôs) discussed in Chapter 3 are applicable to 

beam-column joints.  Based on the earthquake damage level, the repair was designed for 



70 

 

 

each damage state, and in cases where the extent of damage precludes an economically 

feasible repair, reconstruction of joints is recommended.  DS1 corresponds to a minor 

flexure cracks and has no direct impact on the joint structural capacity.  Therefore, repair 

recommended for DS1 is a non-structural repair for aesthetic reasons using epoxy 

injection.  Externally bonded unidirectional CFRP fabrics were used to repair RC beam-

column joints under DS2, DS3, and DS4, while joint replacement is recommended for 

DS5 and DS6.  Repair design examples are presented in Appendix A4. 

7.2 Damage States 

To define apparent DSs specific to joints, detailed review of past-earthquake 

damage reports of various earthquakes was conducted as previously discussed in Chapter 

2.  Uniform definition of seismic apparent DSôs was used for all bridge components.  Six 

distinct apparent DSôs defined previously in section 3.2 were considered, and their 

relevance to joints was assessed.  Past earthquake damage reports and test data on bridge 

joints reveal that all six apparent DSôs are applicable to the joints. 

7.2.1. Damage State 1 

This DS corresponds to minor flexural cracks at column-joint and/or beam-joint 

interface.  Figure 7-1 shows an example of DS1. 

7.2.2.  Damage State 2 

This DS corresponds to shear cracking and/or minor spalling of the cover 

concrete.  Figure 7-2 shows an example of DS2. 
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7.2.3. Damage State 3 

Joints under DS3 exhibit extensive spalling of cover concrete.  Figure 7-3 shows 

an example of joints under DS3. 

7.2.4. Damage State 4 

This DS consists of extensive spalling of cover concrete and visible bars.  Figure 

7-4 shows an example of joints under DS4. 

7.2.5. Damage State 5 

DS5 corresponds to start of crushing of joint core concrete.  

7.2.6. Damage State 6 

This DS corresponds to the core concrete crushing and/or bar fracture. Figure 7-5 

shows an example of joints under DS6. 

7.3 Assumptions and Simplifications 

In order to develop a repair method for joints, the following simplifying 

assumptions were made:  

a) Epoxy injection of cracks under DS1 was assumed to be sufficient to restore the 

lost shear strength.  

b) Under DS2, it was assumed that the shear strength is reduced by 30% while 

considering a 60% loss under DS3 and DS4.  CFRP fabrics are used to restore the 

capacity.  Another assumption was to use the same repair method for DS3 and DS4.  This 
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assumption was made due to a lack of data on internal stress distribution in joints with 

different DSôs.  This repair design would be conservative for joints under DS3.   

c) Joints under DS5 and DS6 have substantially lost their strength and stiffness due 

to damage in the core concrete and /or reinforcing bars.  Consequently, replacement of 

joints is recommended under DS5 and DS6. 

d) Caltrans SDC 2010 provides recommendations for T-joint shear design including 

principal tensile and compressive stress limits, minimum joint shear reinforcement, and 

detailing of column main reinforcement extending into the cap-beam.  However, there are 

no provisions for design levels of joint shear stress applicable to knee joints.  Caltrans 

considers knee joints as nonstandard elements.  The response of knee joint varies with the 

direction of the moment (opening or closing) applied.  In the absence of Caltrans design 

stress limits for knee joints, and to be consistent, ACI provisions (ACI-ASCE 352R-02) 

were used for both T and knee joints. 

e) To develop repair methods, a 45-degree crack angle was assumed.  Unidirectional 

CFRP fabrics with horizontal or vertical fibers were utilized to resist joint shear.  To 

restore lost shear strength, CFRP was provided on both sides of the cap-beam.  Therefore, 

the total required CFRP thickness in each direction on each side was designed to restore 

25% of total loss in the shear strength. 

f) Finally, the same percentage of loss in shear strength and the same repair method 

were used for T joints and knee joints under a given DS. 

Experimental evidence indicates that diagonal cracking is initiated in the joint 

region when the principal diagonal tension stress is approximately 3.5 Ὢ psi (Priestley 

et al. 1996).  This stress level is nearly 29% of the total allowable shear stress of 12 Ὢ 
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psi for T-joints.  Therefore, an assumption of 30% strength loss for T-joints under DS2 

was considered to be reasonable. 

Except for columns, there is a lack of research on bridge components to correlate 

visual damage to the residual capacity.  Therefore, under DS3 and DS4 the loss of joint 

shear strength was tied to a shear strength loss in columns under DS4.  As defined in a 

previous study conducted by Vosooghi and Saiidi (2010), loss in concrete contribution to 

shear strength at DS4 is 60%.  Consequently, 60% loss in shear strength was considered 

for T and knee joints under DS3 and DS4.  It is to be noted that the assumed reductions 

are intended to be conservative. 

7.4 Joint Capacity 

To demonstrate a repair design, rectangular beam-column configuration was used 

as a benchmark.  The joints shown in Figures 7-6 to 7-9 were used to determine the shear 

strength of T and knee joint. The nominal joint shear strength (ὠ ) was calculated using 

Eq. 7-1 (ACI 352 R-02). 

ὠ πȢπσρφς ‎ὪὦὬ  kips (7-1) 

Where Ὢ  is the expected compressive strength of concrete.  Term ‎ is equal to 

12 and 8 for T and knee joints, respectively.  Terms ὦ and Ὤ are the effective joint width 

and depth of the column, respectively, in the direction of joint shear being considered.  

As per ACI-ASCE 352 R-02 the effective joint width should not exceed the smallest of 7-

2 (a), (b), and (c). 
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   7-2 (a) 

ὦ В    7-2 (b) 

ὦ 7-2 (c) 

Terms ὦ and ὦare the width of the longitudinal beam and the width of the 

column, respectively.  Term m is the slope to define the effective joint width transverse to 

the direction of the shear.  For joints where the eccentricity between the beam centerline 

and the column centroid exceeds , ά is 0.3 and for all other cases ά is  0.5 (ACI-ASCE 

352 R-02).   

7.5 Repair Design 

Assuming no loss in the shear strength for DS1, 30% loss in shear strength for 

DS2, and 60% loss in shear strength for DS3 and DS4, a repair design methodology was 

developed based on apparent DSs.  Unlike knee joints the presence of bearing pads over 

cap beam was considered for T-joints.  Therefore, the repair was conservatively designed 

for side bonded CFRP configuration for both T and knee joints.  The simple equation 

developed in Chapter 3 (Eq. 3-8) was used to determine the required CFRP thickness for 

joints under a given DS.  For knee joints, it is recommended to use U wraps to provide 

better confinement and integrity to the joint.  

The width of CFRP fabrics with vertical fibers was taken equal to the depth of a 

cap-beam to cover entire crack width and enhance joint integrity.  To provide 

development length for CFRP fabrics with vertical fibers, it is recommended to bend the 
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fibers at the bottom of a cap beam and extend up to the outer face of the column.  The 

repair design for each DS is discussed in the following sections.  A numerical example 

illustrating the proposed repair design for DS2, DS3, and DS4 is presented in Appendix 

A4. 

7.5.1. Damage State 1  

This DS exhibits minor flexural cracks in the cover concrete of the beam or 

column adjacent to the joint.  Damage at this level does not affect joint capacity.  

Therefore, shear strength at DS1 is 100% of that in the undamaged joint.  Epoxy injection 

is recommended to fill cracks in concrete.  The repair recommended in DS1 is a non-

structural repair and its purpose is to protect reinforcement against corrosion and for 

aesthetic reasons. 

7.5.2. Damage State 2  

Shear strength of a joint at DS2 is 70% of that in the undamaged joint.  

Consequently, repair is designed only to restore the 30% loss in the shear strength.  The 

diagonal shear crack angle is assumed to be 45 degree.  Unidirectional CFRP fabrics 

bonded on the joint surface are applied in the horizontal and vertical direction on both 

sides of the joint.  To determine the required CFRP thickness at a given DS, the following 

step-by-step procedure is proposed: 

Step 1. Determine CFRP design shear force: 

ὠ ὠ Ὑὠ   kips 7-3 
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Where Ὑ is the percentage of original shear strength left at a given DS, Ὑ is equal to 0.70 

for DS2 and 0.4 for DS3 and DS4. 

Step 2. Determine the required CFRP thickness using Eq. 3-8.  In Eq. 3-8, Ὠ  was taken 

equal to the depth of a cap beam. 

The following steps are recommended to repair joints in DS2:  

Step 1. Remove any loose concrete. 

Step 2. Inject epoxy in the cracks.  

Step 3. Install layers of CFRP with fibers in the horizontal direction to cover the entire 

crack height and extend beyond the cracks by at least ὰ  (Eq. 3-9) to provide sufficient 

bond. 

Step 4. Install layers of CFRP with fibers in the vertical direction to cover the entire crack 

width and then, bend the fibers at the bottom of a cap beam to extend up to the outer face 

of the column.  It is assumed that horizontal and vertical fibers have equal contribution to 

the shear strength because the crack angle is 45 degrees. 

7.5.3. Damage State 3 and 4 

The same repair method used for DS2 is recommended for DS3 and DS4.  The 

joint shear strength at DS3 and DS4 is assumed to be 40% of that in the undamaged joint.  

Consequently, repair is designed only to restore 60% loss in the shear strength.  The 

diagonal shear crack angle is assumed to be 45 degree.  Unidirectional CFRP fabrics 

bonded on the wall surface are applied in the horizontal and vertical direction on both 

sides of the joint.  
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Chapter 8. Column Repair 

8.1 Introduction  

The current seismic design practice in bridge engineering for standard bridges 

allows damage to bridge columns during moderate and strong earthquakes.  The target 

response under the maximum credible earthquake is ñno-collapse,ò realizing that the 

structure would undergo considerable nonlinearity associated with extensive concrete 

damage, yielding of bars, or even rupture of some of the bars.  The level of damage to 

bridge columns varies depending on the intensity of the ground shaking, type of 

earthquake, and the force/deformation demand on individual members.  Several studies 

have been conducted on repair of reinforced concrete (RC) columns subjected to seismic 

loading.  Repair of RC columns includes one or a combination of the following repairs 

depending on the severity of earthquake damage: epoxy injection into cracks, patching of 

spalled zones, CFRP jacket, GFRP jacket, RC jacket, and steel jacket (Priestley et al. 

(1993), Saadatmanesh et al. (1997), Li and Sung (2003), Saiidi and Cheng (2004), 

Lehman et al. (2001), Belarbi et al. (2008), Vosooghi and Saiidi (2010)).  Few recent 

studies have been conducted on repair of columns with fractured bars as well (Saiidi et al. 

(2013), He et al. (2013), Rutledge et al. (2013)).  These studies were briefly discussed in 

Chapter 1. 

This Chapter was aimed at developing repair methods for earthquake-damaged 

RC columns subjected to varying degree of damage using CFRPs.  The six damage states 

defined in a previous study by Vosooghi and Saiidi (2010) were utilized.  The damage 

states were defined in Chapter 3.  Because repair of columns under DS6 is discussed in 

previous studies (Saiidi et al. (2013), He et al. (2013), Rutledge et al. (2013)), the present 



78 

 

 

study focused on repair of columns under DS1 to DS5.  The repair was designed to 

restore the shear and flexural capacity and confinement of columns at these damage 

states.  To demonstrate repair design, a single cantilever column was studied.   

8.2 Assumptions and Simplification 

Several assumptions and simplifications were made to present a generalized 

approach to design repair of columns.  The assumptions made about the residual capacity 

of column at a given damage state are discussed below: 

8.2.1. Shear Capacity 

To develop repair method, the repair objective was first defined.  It is hence 

necessary to determine the capacity of an undamaged column and establish the residual 

capacity depending on damage state.  The residual shear capacity of a column is the 

summation of the residual concrete and steel shear strength at a given damage state.  

Vosooghi and Saiidi (2010) conducted research on repair of high shear columns at the 

University of Nevada, Reno.  They defined five distinct apparent damage states for high 

shear columns, DS1 to DS5.  In their study, the residual contribution of concrete and steel 

to column shear strength at five DSs was proposed (Table 8-1).  Table 8-1 was utilized in 

designing repair of columns to restore shear strength loss at a given damage state. 

8.2.2. Flexural Capacity 

The effect of earthquake damage on the column flexural capacity was modeled by 

removing longitudinal bars from the section in the analysis.  Of course, in reality, bars are 

not fractured in DS1, DS2, DS3, DS4, and DS5, but bar removal was used in the analysis 

to simplify modeling the loss in moment capacity.  Initially, a models developed by 
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Seyed and Saiidi (2013) to estimate residual moment capacity factor (Ŭ) were used as 

benchmark to estimate the residual moment capacity under any given damage state.  In 

their study, two simple models based on measured data from previously tested columns 

and simplifying assumptions were proposed for calculating Ŭ.  These two models were: 

(1) simple model with no residual displacement, and (2) simple model with residual 

displacement.  The residual displacement was expressed by using the maximum 

displacement ductility demand under the earthquake.  The models are described below: 

8.2.2.1 Simple Model with no Residual Displacement 

In this model, residual displacement is assumed to be zero to simplify the 

formulation.  To be able to calculate the residual moment capacity factor (Ŭ) based on 

displacement ductility demand, it is assumed that residual moment capacity is Ŭ times the 

plastic moment capacity (MP) when the displacement is equal to the yield displacement 

(ȹy).  Ŭ is calculated as:  

m
a

1
=  

(8-1) 

Where, µ is the displacement ductility demand of the column. 

8.2.2.2 Simple Model with Residual Displacement 

In this model, it was assumed that the residual moment capacity is ŬMP and is 

reached when the column undergoes a displacement of ȹy beyond the residual 

displacement.  In this case, Ŭ is calculated as:  

bm
a

-
=

1
 

(8-2) 

Where, ɓ is  the ratio of residual displacement and yield displacement.  The 

relationship between Õ and ɓ was developed by using the Phan et al. (2005) and Choi et 
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al. (2007) reported measured data including the  maximum displacement and residual 

displacement for each earthquake run and the yield displacement calculated based on the 

elasto-plastic idealization of the force-displacement relationship for each of the test 

columns.  To find a relationship between Õ and ɓ, two approaches were proposed.  In the 

first approach, a polynomial curve was fitted and in the second approach, a linear curve 

was used.  Eqs 8-3 and 8-4 presents the relationship between Õ and ɓ using approach 1 

and 2, respectively. 

mmb 143.0039.0 2+=  (8-3) 

mb 471.0=  (8-4) 

Substituting ɓ in Eq. 8-2, Ŭ is calculated as: 

(Approach 1)           
mm

a
857.0039.0

1
2+-

=  
(8-5) 

(Approach 2)                       m
a 2=  

(8-6) 

In the present study, these models were further expanded to determine the residual 

moment capacity at different damage states.  Because generally columns designed as per 

current seismic requirements have ductility capacity (µC) greater than 3 (Caltrans SDC 

2010), conservatively µC of 5.0 was considered in the present study to determine ductility 

demand (µ) at various damage levels.  µ was calculated as: 

1* +-= DIDI Cmm  (8-7) 

Where 
1

1

-

-
=

C

DI
m

m
 

(8-8) 

Where, DI is the damage index.  The relationship between DI and damage level 

(DSs) was derived in a previous study by Vosooghi and Saiidi (2012) using fragility 
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curves.  The average DI was used to calculate Ŭ at different damage states.  Table 8-2 

shows a summary of calculated Ŭ using different models. 

In Table 8-2, ʈ, ʈ, ʈ, and ʈ are the displacement ductility demands under 

DS2, DS3, DS4, DS5, and DS6, respectively; Ŭ2, Ŭ3, Ŭ4, Ŭ5, and Ŭ6 are the residual 

moment capacity factors under DS2, DS3, DS4, DS5, and DS6, respectively; It is to be 

noted that, in the present study, Mu was used instead of plastic moment capacity (MP).  

Because in repaired columns the longitudinal bars have already yielded, it is practical to 

use the ultimate moment instead of plastic moment, which is determined from idealized 

moment-curvature curve that requires the elastic part of the idealized curve to pass 

through the initial yield point. 

The simple model with no residual displacement is generally too conservative in 

calculating Ŭ.  The simple model with residual displacement using Approach 1 is also too 

conservative in calculating Ŭ when ductility is less than 5 (Seyed and Vosooghi 2013).  

Since the simple model with residual displacement using Approach 2 provides reasonable 

Ŭ and the user with a simple formula, it was used in this study. 

The method was explored through a design example that consisted of a single 

cantilever column with 4ft diameter [1219 mm] and 20 ft [6096 mm] height.  To design 

this column, the expected compressive and tensile strength of 5 ksi [34.5 Mpa] and 68 ksi 

[469 Mpa], respectively, were used.  Table 8-3 lists the column design properties 

calculated using Caltrans procedure (SDC 3.1.3, 2010).  An axial load index of 10% was 

used in design. 
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8.3 Moment Curvature Analysis 

To illustrate the proposed repair method, a prototype circular column section was 

used in this study.  To determine the nominal moment capacity of column section, 

program Xtract (Chadwell 2007) was used to obtain the moment-curvature relationship.  

The ultimate moment was used as the nominal moment capacity of the section.  To mimic 

the loss in flexural strength under each damage state, the longitudinal steel bars were 

removed from the section.  Figure 8-1 shows an example of undamaged and damaged 

sections that were analyzed using XRACT.  Figure 8-2 represents the flexure capacity of 

bridge column at different DSs.  The CFRP fabric material properties used for repair 

were the same as those used for shear keys in Chapter 4.   

8.4 Column Shear Strength 

The nominal shear strength (Vn) of the undamaged column was calculated using 

the Caltrans SDC (2010) design procedure.  The concrete shear capacity of members 

designed for ductility shall consider the effects of flexural and axial load (SDC 3.6.2, 

2010).  Eqs. 8-9 to 8-17 were used to calculate the nominal shear strength. 

¶ Concrete shear capacity 

eCC AV ³=u   (8-9) 

ge AA ³= 8.0   (8-10) 

Inside the plastic hinge   

ὺ Ὂὥὧὸέὶρ Ὂὥὧὸέὶς Ὢᴂ τὪᴂ (psi) (8-11) 

Outside the plastic hinge   
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ὺ σ Ὂὥὧὸέὶς Ὢᴂ τὪᴂ (psi) (8-12) 

 

where:   

Ὂὥὧὸέὶρ πȢσ
”Ὢ

πȢρυ
σȢφχ‘ σ 

(fyh in ksi units) (8-13) 

Ὂὥὧὸέὶς ρ
ὖ

ςπππὃ
ρȢυ 

(fyh in ksi units) 

(Pc is in lbs) 

(8-14) 

¶ Shear reinforcement capacity 

ὠ
ὃὪ Ὀᴂ

ί
 

(8-15) 

where:   

bv AnA ³ö
÷
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p
 

(8-16) 

SCn VVV +=  
(8-17) 

Where, VC is the concrete shear strength, VS is the shear reinforcement capacity, 

Av is the total area of the shear reinforcement, Ab is the diameter of spirals, n is the 

number of individual interlocking spiral core sections, Ὀᴂ is the core diameter measured 

from center to center of spiral, Ὢ  is the yield strength of spiral, s is the spacing between 

spirals, ‘ is the ductility demand, Ag is the gross area of column section, Ae is the 

effective area of column section, Ὢᴂ is the compressive strength of concrete, and PC is the 

column axial load. 
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8.5 Repair Design to Restore Shear Strength 

To restore shear strength, unidirectional CFRP fabrics with fibers in the horizontal 

direction were assumed.  The CFRP properties given in Chapter 3 were utilized.  

Priestley (1996) recommended that in calculating the shear resistance contributed by 

FRP, the radial dilating strain of the FRP be limited to 0.004 to avoid degradation in 

concrete aggregate interlock.  Combining the above recommendation and the Caltrans 

criteria for seismic shear design for ductile reinforced concrete members, the required 

thickness for the jacket (jt ) was determined as: 

DE

V
t

j

j

j

³³³
=

004.0
2
p

 
(8-18) 

( )SSCCnj VRVRVV +-=  (8-19) 

Where, Vj is the shear strength provided by jacket, D is the diameter of column, Ej 

is the tensile modulus of elasticity of FRP, and RC and RS are the contribution of concrete 

and spiral at different DSs.  Other parameters were defined previously.  

8.5.1. Damage State 1 

This damage state exhibits minor cracking of cover concrete in the column plastic 

hinge.  Damage at this level does not affect member capacity.  Therefore, it was assumed 

that the shear strength provided by concrete and steel at DS1 is 100% of that in the 

undamaged column. The repair recommended for DS1 is a non-structural repair and its 

purpose is to protect reinforcement against corrosion and for aesthetic reasons.  No loss 

in shear strength was considered at or outside the plastic hinge region. 
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8.5.2. Damage State 2 

In the plastic hinge, the shear strength of concrete and steel at DS2 is assumed to 

be 80% and 100% of the original strengths, respectively.  Consequently, for DS2, repair 

is designed to restore the 20% loss in concrete shear strength.  Unidirectional CFRP 

fabrics were used in the transverse direction to repair the column at DS2.  No loss in 

shear strength was assumed outside the plastic hinge region. 

8.5.3. Damage State 3 

In the plastic hinge region, the shear strength of concrete and steel at DS3 is 

assumed to be 60% and 75% of the original strengths, respectively.  Consequently, for 

DS3, repair is designed to restore the 40% and 25% loss in the concrete and steel shear 

strength, respectively.  Unidirectional CFRP fabrics were used in the horizontal direction 

to repair extensive cover concrete spalling associated with DS3.  No loss in shear strength 

was assumed outside the plastic hinge region. 

8.5.4. Damage State 4 

The shear strength of concrete and steel in DS4 is assumed to be 40% and 50% of 

the original strengths, respectively.  Consequently, for DS3, repair is designed to restore 

the 60% and 50% loss in the concrete and steel shear strength, respectively.  

Unidirectional CFRP fabrics with fibers in the transverse direction were used to repair the 

column at DS4.  Outside the plastic hinge, shear strength of concrete and steel at DS4 is 

assumed to be 80% and 100% of the original strengths, respectively.  Consequently, 

repair is designed to restore the 20% loss in the concrete shear strength outside the plastic 

hinge.  
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8.5.5. Damage State 5 

The shear strength of concrete and steel at DS5 is assumed to be 20% and 50% of 

the original strengths, respectively (Table 8-1).  Consequently, for DS5, repair is 

designed to restore the 80% and 50% loss in the concrete and steel shear strength, 

respectively.  Unidirectional CFRP fabrics were used in the horizontal direction to repair 

the column at DS5.  Outside the plastic hinge, shear strength of concrete and steel at DS4 

is assumed to be 60% and 100% of the original strengths, respectively.  Outside the 

plastic hinge, repair is designed to restore the 40% loss in the concrete shear strength.  

8.6 Restoring Confinement 

A confinement pressure of 575 psi [3962 kPa] and 750 psi [5168 kPa] was used at 

the ultimate strain ( jue ) of the jacket for the plastic hinges under DS2 or DS3, and DS4 

or DS5, respectively (Vosooghi and Saiidi 2010).  No confinement restoration is deemed 

necessary for non-plastic hinge regions and plastic hinges under DS-1.  The required 

CFRP jacket thickness was calculated as follow:  

juj

l
j

E

Df
t

e2
=  

(8-20) 

where,  
D

tE
f jjuj

l

e2
=  

(8-21) 

Where, fl is the confinement pressure due to CFRP.  Other parameters are defined 

previously.  

Table 8-4 presents the summary of column repair to restore the shear strength loss 

at different DSs.  This Table shows that repair is governed by required CFRP 

confinement pressure.  The required number of CFRP layers varies from 2.0 to 4.0 



87 

 

 

depending on the DS.  For example, at DS3, the required CFRP thickness is 0.13 in [3.3 

mm], and based on the minimum thickness of 0.04 in [1 mm], 4.0 CFRP layers are 

provided.  Whereas for DS4 and DS5, 5 layers of CFRP are provided. 

8.7 Repair Design to Restore Flexural Strength 

To restore flexural strength, CFRP jackets were assumed with fibers in the 

column longitudinal direction.  The goal was to mimic the flexural strength provided by 

column longitudinal bars.  The CFRP jacket was used at the column plastic hinge region.  

There are few studies available to repair bridge columns to restore flexural strength using 

CFRP (Saiidi et al. (2013), He et al. (2013), Rutledge et al. (2013)).  However, these 

studies only address the repair of columns subjected to DS5 and/or DS6.  No studies have 

been conducted to address flexural repair of columns subjected to different degrees of 

damage (DS1 to DS4).  To develop a repair method, the repair objective was first 

defined.  The repair objective was to restore the ultimate flexural capacity of earthquake-

damaged columns.  It is hence necessary, to determine the capacity of an undamaged 

column and establish the residual capacity depending on damage state.  The residual 

moment capacity of the column was established by utilizing Ŭ, as discussed in section 

8.2.2.2.  In designing flexural repair of columns, it was assumed that the residual moment 

capacity is 85%, 65%, and 50% at DS3, DS4, and DS5, respectively, of the original 

column.  Because DS1 and DS2 represent minor damage, no CFRP repair is 

recommended for flexure at these damage states.  In addition, the average DI for DS2 is 

0.15 (Vosooghi and Saiidi 2012) and therefore, the ductility demand (µ) at DS2 is less 

than 2 for a column designed for a ductility capacity of 5 (Eq. 8-7).  Previous studies 
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(Phan et al. 2005 and Seyed and Saiidi 2013) show that, for a ductility demand of 2 or 

less, the residual moment capacity factor is 1.  

The required thickness of CFRP jacket was determined by sectional analysis to 

provide the same flexural strength as the original column.  The CFRP for flexural repair 

was assumed to be side bonded, and the effective strain in the CFRP was calculated using 

Eq. 3-4.  Table 8-5 presents the summary of column repair design to restore flexural 

strength at different damage states.  This Table shows that 3 and 4 layers of CFRP are 

required to restore flexural strength loss at DS3/DS4 and DS5, respectively.  Figures 8-3 

to 8-5 show the moment curvature plot of undamaged, damaged and repaired column for 

DS3, DS4, and DS5, respectively.   

As an alternative to CFRP jacket, CFRP strips can be used to restore the loss in 

flexural strength (Saiidi et al. 2014).  Table 8-6 shows the material properties of 

unidirectional CFRP laminate (GU50C) used for strips.  Table 8-7 presents the summary 

of column repair to restore the flexural strength loss at different damage states using 

CFRP strips.  A total of 14 strips with 4.0 in [102 mm] width were provided (Fig. 8-6).  

The number of layers per strip varies from 2 to 3 depending on the DS (Table 8-7).  It is 

recommended that the minimum length of the CFRP strips should be equal to the length 

of the plastic hinge region plus the length of CFRP anchorage into the footing.  Figure 8-

6 shows an example of flexural repair at DS3 using CFRP strips.  Appendix A5 shows an 

example of column repair. 
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8.8 Design of Connection between CFRP and Footing 

The FRP shell has to be embedded into the footing to ensure the full strength 

development of FRP.  Recent studies propose a minimum length required to have this 

failure mode.  Zhu et al (2006, 2007) proposed a length of 1.1D, where D is the diameter 

of a circular FRP shell.  Zakaib and Fam (2012) suggested at least 0.7D for circular shell. 

In their studies normal strength concrete was used in the connection, thus a relatively 

large length is needed. Sadeghian and Fam (2010) proposed a simplified equation to 

calculate the required embedment length as shown below: 

cfD

M

D

X

¡
=

3

3p
 (8-22) 

where X is the minimum required embedment length; D is diameter of a circular 

shell; M is the bending moment needed to be transferred to the footing to restore the full 

moment capacity of the section; and fc' is the compressive strength of concrete.  

For CFRP strips to develop the effective bond stress at a section, the anchorage 

length of FRP should not be less than that given by Eq.  8-23 (ACI 440.2R-08). 
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Chapter 9. Probabilistic Damage Control Approach for Seismic Design of Bridge 

Columns 

9.1 Introduction  

To develop PDCA, six apparent DSs defined in a previous study by Vosooghi and 

Saiidi (2010) were utilized (Figure 9-1). To establish correlation between DS and DI, a 

database of 22 bridge columns were studied (Vosooghi and Saiidi 2012).  In that study, in 

addition to DI, five other response parameters were defined.  The response parameters 

were divided into two categories, internal and external.  The external response parameters 

consist of the maximum drift ratio (MDR), residual drift ratio (RDR), frequency ratio 

(FR), and damage index (DI); whereas, the internal response parameters consist of the 

maximum longitudinal steel stain (MLS) and the maximum transverse steel strain (MTS).  

Out of 32 columns, only 21 were used to develop fragility curves for damage indices.  

This is because 11 of the columns had not failed in the tests.  The models used to develop 

fragility curves are shown with bold letters in Table 9-1.  The column database of 32 

columns was further expanded to 38 columns by adding data from six columns of a four-

span bridge model tested at UNR (Saiidi et al. 2013).  The six column models are listed at 

the bottom of Table 9-1.  Out of these six, only one column was subjected to failure and was 

added to the previous database of 21 columns.  Utilizing the columns database, fragility 

curves were developed to establish correlation between DS and DI (Figure 9-2).  These 

fragility curves serve as resistance model in the reliability analysis.  Implicit in these curves 

is variability in concrete and steel properties.  The expansion of column database is further 

discussed in detail in Chapter 10.  In Figure 9-2, no curves are shown for DS-6, because DS-

6 corresponds to failure with 100% probability of DI of one. 
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To develop a load model for reliability analysis, extensive analytical modeling of 

seismic response of single column and multi columns bents was conducted.  A wide range 

of variables was included in the study to address the effect of aspect ratio, support 

conditions, longitudinal steel ratio, site class, distance to active faults, and number of 

columns per bent.  Each bent was analyzed under 15 near-field and 10 far-field ground 

motions.  For each ground motion, the maximum displacement was determined and 

consequently DI was calculated.  After having distribution of resistance and load model, 

reliability analysis was conducted.  The reliability analysis results were analyzed, and a 

direct probabilistic design method was developed to calibrate the design DI and to obtain a 

target reliability index ( 6b¡) against failure.  The 6b¡ is based on combined probability of 

failure including the probability of earthquake exceedance during the life span of bridge 

(PEQ) 

9.2 Fragility Curves to Correlate Damage States with Damage Indices 

The fragility analysis approach was used to establish the correlation between DS 

and DI, taking into account the effect of uncertainties in seismic response parameters.  To 

develop fragility curves a cumulative lognormal distribution function was used.  

Development of fragility curves is discussed in the following sections. 

9.2.1. Fragility Function Definition  

According to ATC-58, fragility functions are probability distributions that are 

used to indicate the probability that a component, element or system will be damaged to a 

given or more severe DS as a function of a single predictive demand parameter. In the 

present study, fragility curves take the form of cumulative lognormal distribution 



92 

 

 

functions, with median value ɗ and logarithmic standard deviation of x.  The 

mathematical form for such a fragility function is: 
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Where ( )RPF is the conditional probability that the component will be damaged 

to a given DS as a function of RP, RP is the response parameter at a given DS, Fdenotes 

the standard normal cumulative distribution function, q denotes the median value of the 

probability distribution, and x denotes the logarithmic standard deviation.  Both qand x  

are established for each DS.  In simple terms, median value q represents the 50% 

probability of exceeding a given DS and can be calculated as: 
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Where, N is the total number of specimens at a given DS.  The logarithmic 

standard deviation of the response parameter at the given DS is calculated as follows: 

( )( )ä
=-

=
N

i
i

RP
N

x
1

2

ln
1

1
q
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All the parameters were defined previously.  

9.2.2. Development of Fragility Curves 

Fragility functions were calculated for the DI associated with each DS. The 

procedure to develop fragility curves was as follows: the response parameters (DI) were 

sorted in an ascending order.  The cumulative frequencies were calculated for the i
th
 DI as

N
i , where i is the sequential position of the DI, and N is the total number of columns.  

Natural logarithm magnitudes of DI were calculated.  The ɗ and x were calculated using 
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Eq. 9-2 and 9-3.  Substituting ɗ and x in Eq. 9-1, fragility curve was developed.   Figure 

9-3 shows the typical form of a fragility function when plotted using the lognormal 

cumulative distribution function.   

The Smironov-Kolmogorov goodness-of-fit test (Massey et al. 1951) and 

graphical methods were used as acceptance criteria for lognormal distribution.  To use the 

Kolmogorov goodness of fit test, it was assumed that the DI data is the representative of 

the population.  This assumption was satisfied by conducting extensive analyses with a 

reasonable scatter in data to develop an approximately continuous distribution function 

for DI.  In the Smironov-Kolmogorov test, the hypothesis that the data has lognormal 

distribution is accepted if all test data points in resistance and load model lie between the 

lower and upper confidence limits (LCL and UCL).  These confidence limits can be 

calculated as follow: 

( ) ()NdRPFLCL a-=  (9-4) 

( ) ()NdRPFUCL a+=  (9-5) 

Where ()Nda is a parameter determined based on the level of significance (Ŭ) and 

the total number of the samples (N).  Massey et al. (1951) tabulated the magnitudes of 

()Nda  as a function of significance level and the total number of samples (Table 9-2).  

The critical values of ()Nda  (Table 9-2) represent the maximum absolute difference 

between the sample and population cumulative distribution.  Table 9-2 can be used to 

determine the confidence intervals for cumulative distribution function( )RPF . Thus 

100(1-a) represents the confidence limits for( )RPF .  The level of confidence is the 

probability that the data points lie outside the limits.  For example, significance level of 



94 

 

 

0.05 represents the confidence level of 95%, which means there is 5% probability that the 

data points lie outside the limits.  In the present study a significance level of 10% was 

selected based on Naeim et al. (2005) recommendation.  

9.2.3. Application of Fragility Curves in Performance Based Design 

Seismic fragility curves for highway bridges are conditional probability 

statements about the vulnerability of a bridge subjected to seismic loading.  This 

vulnerability is typically expressed in terms of predefined DSs that have some physical 

meaning in terms of bridge functionality levels.  The fragility curves are useful for 

performance-based design of bridge columns.  In simple terminology, fragility curves are 

graphs that describe the probability of structure being damaged beyond a specific DS for 

various levels of ground shaking.  These curves offer valuable insight to decision makers 

and bridge owners seeking to reduce the risk of damage to bridges.  To develop any 

fragility curve, a response parameter needs to be selected.  

In the present study, a PDCA was developed for bridge columns that utilized 

fragility curves to define performance levels for a certain bridge category under a 

specified earthquake level.  The performance levels were quantified in terms of DSs.  To 

design columns, DSs were correlated with column response parameter (DI).  The 

columns were designed for one or more target performance levels with stated 

probabilities.  Given the performance level (DS) and its stated probability, a response 

parameter was selected from the fragility curves.  For example, in the present study, the 

columns were designed for 50% probability of exceeding DS3, and the corresponding DI 

was 0.35 (Figure 9-2).  To satisfy the given performance level, the response parameter 
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was selected to be higher than the earthquake demand on the column.  In order to provide 

flexibility to designers, different performance levels were assigned to distinct bridge 

categories and earthquake levels as discussed in the following section. 

9.3 Design Performance Levels 

Performance based design begins with the selection of design criteria stated in the 

form of one or more performance objectives.  Each performance objective is a statement 

of the acceptable risk of being at specific level of damage at a specified level of seismic 

hazard.  Current design codes (American Association of State Highway and 

Transportation Officials (AASHTO) (2010) and Caltrans SDC (2010) have adopted 

different approaches to achieve required performance objectives.  AASHTO (2010) states 

that ñbridges shall be designed to have a low probability of collapse but may suffer 

significant damage and disruption to service when subject to earthquake ground motions 

that have a seven percent probability of exceedance in 75 years.  Partial or complete 

replacement may be required.  Higher levels of performance may be used with the 

authorization of the Bridge Ownerò.  AASHTO (2010) defines damage levels depending 

on the importance of the bridge, and earthquake return period.  However, the 

performance objectives in the design codes are defined qualitatively in terms of design 

principles.  Damage levels are not quantified in terms of response parameters of a bridge.  

In general, current design codes have the following shortcomings: (1) damage levels are 

defined qualitatively and not correlated to bridge response parameters; (2) they do not 

provide enough flexibility to designer/owner to select different performance levels under 

different earthquake return periods. 
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To address these shortcomings, a comprehensive design matrix was developed in 

the present study to correlate the performance objective with bridge category, earthquake 

return period, and bridge response parameter (DI) (Table 9-3).  Both qualitative and 

quantitative performance levels are described in Table 9-3.  An average DI from fragility 

curves was selected as a representative of the given DS.  Based on discussion with the 

Caltrans engineers, different service levels to distinct DSs were assigned (column 2 and 3 

of Table 9-3).  Based on Table 9-3, at DS1 (DI=0), the bridge will remain fully 

operational after the earthquake with no repair needed, and the bridge will be open to 

both public and emergency vehicles.  At DS2, the bridge will remain fully operational 

after the earthquake, repair is needed only at plastic hinges and DI is equal to 0.15.  At 

DS3, the bridge is closed to public vehicles, limited service will be allowed to emergency 

vehicles, repair is needed perhaps for all columns, and DI is equal to 0.35.  At DS4, the 

bridge is closed to public vehicle, limited service is allowed to emergency vehicles, repair 

is needed for the entire column, and DI is equal to 0.55.  At DS5, the bridge is not usable 

after the earthquake, major repair is needed for entire column, and DI is equal to 0.8.  At 

DS6, the bridge is not usable after the earthquake, major repair or reconstruction is 

needed, and DI is equal to one.   

Four bridge categories defined by Caltrans (standard bridges, ordinary non-

standard bridges, recovery bridges, and important bridges) were used to correlate with 

performance objectives.  Even though only one of these were utilized in the present study 

(standard bridges), other categories were included for the sake of completeness.  

Different earthquake return periods ranging from 100 to 2500 years are tied with various 

performance objectives and bridge categories.  It is to be noted that the design matrix 
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presented in this study is somewhat subjective and can be modified based on the desired 

performance objectives. 

9.4 Limit State Function and Probability of Failure  

The term ñfailureò means different things to different people.  Failure does not 

necessarily mean catastrophic failure but is used to indicate that the structure does not 

perform as intended.  Before conducting reliability analysis, failure needs to be clearly 

defined.  The concept of limit state is used to define failure in the context of structural 

reliability analysis.  Limit state is a boundary between desired and undesired performance 

of a structure.  The structural performance is usually expressed in terms of the 

mathematical equations and limit state functions involving various load and resistance 

parameters.  Let L and R be the load and resistance parameters, respectively.  Then, the 

structural failure corresponds to R being less than L.  The corresponding limit state 

function, Z, is (Nowak and Collins 2000) 

LRZ -=  (9-6) 

( )0<= ZPPf  (9-7) 

A negative value of Z indicates failure.  The probability of failure, Pf , can be 

expressed by Eq. 9-7.  In this study, parameters L and R were represented in terms of DI.  

Probability distribution functions of load, resistance, and safety margin are shown in 

Figure 9-3 (Nowak & Collins 2000).    

9.5 Resistance Model 

The proposed design approach in this study is based on apparent DS and its 

associated DI.  DI is a measure of the lost plastic deformation capacity in the column at 
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certain DS.  Therefore, in this study, the DI is focused on for investigation.  The 

resistance or capacity of the bridge column is determined based on material properties 

and dimensions.  To model a resistance, fragility curves developed by Vosooghi and 

Saiidi (2012) correlating DSs with DIs were utilized (Figure 9-2).  Column model 

database in their study consisted of 25 columns studied at the UNR and seven columns 

from the Pacific Earthquake Engineering Research Center (PEER) (PEER 2003).  Out of 

these 24 models were tested on shake tables and the rest were tested under lateral quasi-

static loading.  The concrete strength ranged between 4 and 6 ksi [28 and 41 Mpa], and 

the reinforcement yield stress was between 60 and 70 ksi [414 and 483 Mpa].  Single 

columns and columns of two-span and four-span bridge model were included in the 

database.  Columns used in their study were designed based on recent or current seismic 

design provisions.  All columns were placed in a single category to obtain the database.  

To account for the effect of data scatter, a probabilistic approach was used to correlate the 

DSs and DIs.  To characterize the probabilistic nature of the problem, fragility curves 

were developed for five damage states, DS1 to DS5 (Figure 9-2).  DS6 corresponds to 

failure with DI equal to one.  Consequently, no scatter in the data was accounted for DS6.  

In reliability analysis, mean and standard deviation of DS6 for resistance model were 

assumed to be one and zero, respectively.  

9.6 Load Model 

The load component used in this study was the demand DI for the column imposed 

by different earthquake ground motions.  The load component was determined by modeling 

a large number of single column and multicolumn bents, and analyzing them under 25 near 
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field and far field ground motions.  One of the most challenging aspects of the modeling was 

to incorporate uncertainties in the load model.  To incorporate uncertainties in the load 

model the following parameters were used: 

9.6.1. Site Class 

Bridge site class was divided into two categories; site class B/C and site class D.  

In various codes (AASHTO (2010), Caltrans SDC (2010), and American Society of Civil 

Engineers (ASCE 7-10)) these site classes are defined based on soil type and shear wave 

velocity (VS30).  According to the definition given in these codes, site classes B, C, and D 

corresponds to rock, soft rock, and stiff soil, respectively.  Because site B and C both 

represents rock, they were lumped together into one site class as B/C.  USGS de-

aggregation beta website (USGS 2008 Interactive Deaggregations Beta) was utilized to 

determine design spectrum for these site classes.  To determine the design spectrum, a 

shear wave velocity (VS30) of 760 m/s [2500 ft/s] and 270 m/s [886 ft/s] was used for site 

B/C and site D, respectively.  The shear wave velocities used were based on the code 

recommendations (Caltrans ARS Online V2.3.06 and Caltrans SDC 2010).  The VS30 of 

760 m/s [2500 ft/s] represents the median of VS30 of site class B and C, whereas, 270 m/s 

[886 ft/s] represents the average VS30 of site class D (Table 9-4).   

9.6.2. Ground Motion Selection 

Ground motion records were initially selected from PEER strong ground motion 

database (http://peer.berkeley.edu/peer_ground_motion_database/), but were subsequently 

scaled to match the design spectral acceleration of the bent at one second.  The scale factor 

was limited to 3 because it was felt that higher factors would lead to records that do not 

http://peer.berkeley.edu/peer_ground_motion_database/
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represent strong earthquakes despite their high scaled acceleration.  To account for the 

uncertainties in ground motions, various site parameters were assumed. Parameters used in 

the selection of far-field and near-field ground motions were: VS30, earthquake magnitude, 

distance to the fault (Rjb), and scaling factors (SF). The range of VS30 between 500 to 1500 

m/s [1640 to 4821 ft/s] and 200 to 360 m/s [656 to 1181 ft/s] was used to select ground 

motions for site class B/C and D, respectively. All the ground motions were selected for 

earthquake magnitude greater than six. Rjb between 0 to 15 km [0 to 1500 m] and 15 to 30 km 

[1500 to 3000 m] was selected for near-field and far-field ground motions, respectively.   

Based on these parameters, 15 near-field and 10 far-field ground motions were selected for 

each site class. The number of near field motions was higher because this type of motion is 

generally more demanding. 

9.6.3. Bents Properties 

The expected material properties as specified in SDC Caltrans (2010) were used to 

design bents.  Grade 60 steel was used for longitudinal and spiral reinforcement.  The 

expected concrete compressive strength and steel yield strength were used as 5 ksi [34.47 

MPa] and 68 ksi [468.84 MPa], respectively.  No uncertainty was considered in the concrete 

compressive and steel yield strength.  To capture the effect of column diameter, three 

different diameters of four, five, and six feet [1219, 1524, and 1829 mm] were used in the 

analyses.  The longitudinal steel ratio in the columns was 1%, 2%, and 3%.  To account for 

the effect of column aspect ratio, two different column heights of 30 feet [9144 mm] and 60 

feet [18288 mm] were used in the study.  To account for the variability in bent support 

conditions, cantilever, fixed-pinned and fixed-fixed connections were used.  To study the 

effect of redundancy on reliability, single column bent (SCB), two columns bents (TCB), 
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and four columns bents (FCB) were used in the analyses and axial load index of 10% was 

used in all columns.  The axial load index is defined as the compressive axial force divided 

by the product of the cross section area of the column and the specified concrete 

compressive strength.   

9.6.4. Earthquake Return Period 

The return period is generally defined as the average number of trials (usually 

years) to the first occurrence of an event of magnitude greater than a predefined critical 

event (Benjamin and Cornell 1970).  If the events are independent and the exceedance 

probability (P) of the critical event at any trial remains constant, the return period T can 

be computed as T = 1/P.  The return period is usually used for risk analysis.  Risk analysis 

assumes that the probability of the event occurring does not vary over time and is 

independent of past events.  Since earthquakes are random events, an uncertainty concerning 

earthquake occurrence always exists, and a structure located in a seismically active region 

will be exposed to some earthquake loads during its lifetime.  Therefore, an appropriate 

description of the seismic hazard needs to be incorporated for valid estimation of 

structural reliability.  In this context, reliability refers to the probability that the structure 

will resist any seismic loads result from a given earthquake level.  In the present study, 

the reliability of bents was investigated under the earthquakes with return period of 1000, 

1500, and 2500-year. 

9.7 Reliability  Analysis  

Society expects bridges to be designed with a reasonable safety level.  In practice, 

this expectation is achieved by implementing current design code requirements 
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specifying design values for strength, displacement, and so on.  Over the past few years, 

design code requirements have advanced to include design criteria that take into account 

some of the sources of uncertainty in seismic design of bridge component (AASHTO 

2010).  Such criteria are often referred to as reliability-based design criteria.  The 

reliability of a component is defined as the probability that the component would perform 

according to a specified performance criterion for at least a specified period under 

specified conditions (Ayyub and McCuen 2003).  Reliability is often expressed as the 

probability that a structure will not fail to perform its intended function.   

In order to determine the probability of failure, first order second moment method 

(FOSM) (Ayyub and McCuen 2003) was used in the reliability analysis.  First order 

implies that this method considers only linear limit state function, while second moment 

refers to the fact that, the first two moments of a random variable, the mean value and the 

standard deviation, are considered.  This method measures the structural performance in 

terms of the reliability or probability of failure.  The mean and standard deviation of Z in 

Eq. 9-6 are estimated using the information on means and standard deviation of the basic 

random variables.  In the present study, the random variable was DI. 

The reliability of bents was quantified by ñreliability indexò (ɓ).  The ɓ is often 

used as a measure of structural safety.  Graphically, reliability index (also known as safety 

index) is the distance of the mean of limit state function from failure surface measured in 

terms of standard deviations.  The graphical representation of ɓ (Cornell 1969) is shown 

in Figure 9-4.  In the present study, reliability analysis was conducted to calibrate design 

DI for bridge columns to obtain a target ɓ against failure.  The objective of the analysis 

was the assurance of some level of safety.  Load and resistance were treated as random 
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variables.  As discussed before, there was significant scatter in the seismic response and 

demand of bents, therefore, the reliability of bents needs to be determined.  The ɓ was 

calculated as follows for lognormal distributions (Ayyub and McCuen 2003): 
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(9-8) 

Where L=load, R=resistance, ɛ=mean, ů=standard deviation, and ŭ=coefficient of 

variation (ů/ɛ).  The statistical parameters associated with fragility curves for seismic 

response (Figure 9-2) were used for resistance parameters and those obtained from non-

linear dynamic analyses were used for loading parameters.  The reliability index 

calculated by Eq. 9-8 was modified to include the probability of occurrence of design 

earthquake during the lifetime of a bridge. 

The probability of column failure is related to the return period and exceedance 

probability of the design earthquake.  Therefore, it is important to determine the 

probability of column failure by incorporating the probability of earthquake exceedance 

during the lifetime of a structure.  Considering that annual earthquake events are 

independent, the probability of earthquake exceedance during lifetime of a structure can 

be calculated using Eq.9-9 (Yen 1970): 
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Where, PEQ, t and T are the probability of earthquake exceedance during the life 

time of a structure, life time of a structure and return period, respectively.  The 
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probability of column failure (PCF) and at the same time to have an earthquake 

occurrence can be calculated using conditional probability as: 

ὖ ᷊ὖ ὖ ὖ ὖ  (9-10) 

ὖ ὖ ()bF-1   or  ὖ ᷊ὖ ()b¡F-1  (9-11) 

( )
EQCF PP ÆF-=¡ -1b

 
 or   ɼ ɮ ὖ ὖ  (9-12) 

ὖ ὖ  is the probability of column failure given the design earthquake has 

occurred, ʌ is the normal standard distribution function, and b¡ is the reliability index 

corresponds to combined probability of failure.  Having b calculated from Eq. 9-8, 

PCFƅPEQ was calculated using Eq. 9-11 (Ayyub and McCuen 2003).  By substituting PEQ 

and PCFƅPEQ in Eq. 9-10, ὖ ᷊ὖ  was determined.  Having ὖ ᷊ὖ , ɓô was 

calculated from Eq. 9-12.  The level of reliability at DS3, DS4, and DS5 was also 

investigated. 

9.8 Calibration of Design Damage Index 

A reliability analysis was conducted to calibrate design DI to obtain a specified ɓ 

against failure.  In general, calibration process in reliability analysis is iterative, until the 

desired reliability level is achieved.  To overcome this iterative process, a new direct 

PDCA was developed to calibrate design.  Calibration of design DI using direct PDCA 

consists of the following steps: 

Step 1. Development of load and resistance model:  The load and resistance models 

were treated as continuous random variables.  Their scatter was described by cumulative 
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distribution functions (CDF) (Section 9.6 and 9.7).  The CDFôs for load and resistance 

models were derived using the available statistical database. 

Step 2. Reliability analysis:  Structural performance was measured in terms of the 

probability of failure.  After having cumulative distributions of load and resistance models, 

ɓ was calculated using Eqs. 9-8 to 9-12. 

Step 3. Selection of target reliability index:  After achieving a methodology and 

database to calculate ɓ, the next step was the selection of target 6b¡ for the design DI 

calibration.  Selection of a target 6b¡ was based on the margin of safety implied in current 

design codes.  Typically, reliability values in the range of 2.0 to 4.0 are used in formulating 

AASHTO LRFD design criteria.  AASHTO LRFD recommends a reliability of 3.5 for 

bridges under gravity loading while not accounting for the effect of earthquake loading.  

Earthquake loading is uncertain and not always present on the structure; therefore, in this 

study a target 6b¡ of 3 against failure was selected for columns under seismic loading.  In 

general, selection of a 6b¡is somewhat subjective.  Ideally, the selection of the target 6b¡ 

is based on economic issue that reflects both the cost of increasing the safety margins and 

the implied costs associated with component failure. 

Step 4. Direct PDCA  and calibration of DI:  In step 1, design DI was tentatively 

specified as 0.35.  Using steps 1 and 2, ɓ was calculated against failure.  To achieve the 

target 6b¡ as described in step 3, one approach is to perform iterations by selecting 

different design DI and repeating the entire process from step 1 and 2 until the desired 

reliability level is achieved.  This approach is time consuming and not practical.  A 

second approach is to fix the reliability index and calculate the design DI associated with 
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it.  Using the second approach, direct PDCA was developed in this study for DI 

calibration.  Design DI could be precisely determined based on a target 6b¡.  The 

development and evaluation of direct PDCA is discussed in detail in Chapter 12.  
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Chapter 10. Expansion of Column Database  

10.1 Introduction  

The database used to develop fragility curves in the study conducted by Vosooghi 

and Saiidi (2012), was expanded with addition of six columns.  The three two-column 

bents of a large-scale 4-span bridge that had been tested on the three shake tables at the 

University of Nevada Reno (UNR) (Saiidi et al. 2013) were used in this part of the study.  

The objectives of their study was to investigate the response, performance, and 

interaction of components of a  quarter-scale four-span bridge system to increasing levels 

of seismic excitation until failure.  The columns were subjected to varying degree of 

damage.  Their project scope included the biaxial (no vertical excitation) testing of a 

highway bridge that utilizes a continuous superstructure supported on drop cap piers.  

After each run of shake table tests, the columns were investigated for damage.  In this 

Chapter, the six response parameters defined in a previous study at UNR (Vosooghi and 

Saiidi 2012) were calculated for each column.  Bridge properties, configuration, and 

calculation of response parameters (RPs) are discussed in the following sections.  

10.2 Four Span Bridge Model 

Saiidi et al. (2013) tested a quarter-scale four-span conventional bridge model on 

three shake tables at the UNR.   Figure 10-1 shows the plan and elevation view of the 

bridge.  The prototype was scaled into an equivalent quarter-scale model for shake table 

testing.  The superstructure was composed of a solid slab that was post-tensioned in both 

the longitudinal and transverse direction.  The model also included abutment seats at both 

ends of the bridge that were driven in the longitudinal direction by hydraulic actuators to 
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incorporate the abutment interaction with the bridge system.  The interior two spans were 

348 inch [8839 mm] and the exterior two spans were 294.25 inch [7474 mm] for a total 

length of approximately 1320 inch [33528 mm].  The clear height of the bents were 60, 

72 and 84 inch [1524, 1829, and 2134 mm], with the tallest bent in the middle.  The 

bridge consisted of three, two-column bents.  The columns were of same diameter and 

height.  But, the height of each bent varies making the bridge asymmetric relative to the 

transverse axis passing through the center to include the effect of in plane torsion.   

Figure 10-2 shows the bent configuration.  

The columns met the current seismic design and detailing requirement.  The 

compressive concrete strength used was 5.7 ksi [39.3 MPa] and the reinforcement yield 

stress was 59 ksi [406.8 MPa].  The longitudinal bar of size #3 and spiral of size W 2.9 

wire was used in the columns.  Bent 1 was the shortest and stiffest as compared to the 

Bent 2 and 3.   

10.3 Loading Protocol 

The motion selected for bridge excitation was a modified version of the Century 

City station recording of the 1994 Northridge, California earthquake.  The earthquake 

motion used in the experimental testing consisted primarily of biaxial motions.  This 

motion was applied in multiple runs, with gradually increasing amplitudes that caused 

increasing damage in columns.  Table 10-1 lists the complete test schedule for the 4-span 

bridge testing. 
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10.4 Observed Performance 

The columns were flexure dominated.  At the end of each earthquake run, the 

visual evidence of damages was investigated to determine the DS.  The definition of 

apparent DS was discussed previously in Chapter 3.  The DSs in columns varied from 

DS1 to DS6.   

10.4.1. Bent 1 Observations 

Bent 1, being the shortest of the bents, attracted a relatively large portion of lateral 

forces.  The plastic hinges in bent 1 exhibited flexural cracks at the end of Test 1D.  By 

the end of Test 3, minor concrete spalling was observed on all faces of the bottom hinge 

of the East column.  Whereas in the West column concrete cover spalling was observed 

after Test 4C.  Extensive concrete spalling occurred in the bottom hinge of East column 

by the end of Test 4D.  By the end of Test 5, spirals were visible in the lower hinge of the 

East column.  By the end of Test 6, start of core damage occurred in the bottom hinge of 

East column; whereas, in the West column start of core damage began by the end of Test 

7.  Finally, by the end of Test 7 all longitudinal bars were visible, 5 of which fractured in 

the East column while numerous others buckled in both columns.  Figures 10-3 to 10-6 

show the damage in the East and West column of Bent 1.  The description of damage 

after each run is presented in Tables 10-2 to 10-5. 

10.4.2. Bent 2 Observations 

Bent 2 was the tallest and most flexible of the bents, and therefore, the amount of 

damage was relatively small due to the small share of shear it carried.  Virtually no 

cracking was observed until Test 1D.  Small amount of flexural cracking occurred by the 
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end of Test 3 in the bottom and top hinges of East and West columns; whereas, in the 

West column, flexural cracking occurred by the end of Test 2.  The extensive spalling of 

cover concrete occurred by the end of Test 5 in the bottom hinge of East column while 

minor spalling occurred in the West column.  By the end of Test 6, few spirals were 

visible in the East column while the West column underwent extensive spalling in the 

bottom hinge.  Few spirals were visible in the West column by the end of Test 7.  Figures 

10-7 to 10-10 show the damage in the East and West column of Bent 2.  The description 

of damage after each run is presented in Tables 10-6 to 10-9. 

10.4.3. Bent 3 Observations 

Bent 3 was the intermediate height bent.  Flexural cracks were visible after Test 3 

in the bottom hinge of East and West columns.  By the end of Test 4D, East column 

exhibited minor spalling in the top and bottom hinge; whereas, West column bottom 

hinge exhibited extensive spalling in the concrete with visible spirals.  In the East 

column, extensive spalling and visible spirals were observed by the end of Test 5 and 7, 

respectively.  The West column exhibited imminent concrete core failure with visible 

longitudinal reinforcement by the end of Test 6.  Figures 10-11 to 10-14 show the 

damage in the hinges of East and West column of Bent 3.  The description of damage 

after each run is presented in Tables 10-10 to 10-13. 

10.5 Measured Force-Displacement Relationship 

The bridge was subjected to uniaxial and biaxial motions. The target peak ground 

acceleration (PGA) applied in the transverse direction was different from the PGA in the 

longitudinal direction in each run.  Because biaxial motions were applied, force-
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displacement envelopes were determined using peak resultant lateral force and the 

corresponding resultant displacements.  Figures 10-15 to 10-20 show the measured force-

displacement envelopes and idealizations for all the bents.  The envelopes were idealized 

by setting the elastic branch to pass through the first yield point and adjusting the plastic 

portion so that the areas above and below the idealized curve is balanced with the 

envelope in each bent.  The first yield point was assumed to be at one-half of the peak 

force because the actual first yield point varied even within the plastic hinges of each 

bent and for different loading directions.  Utilizing the idealized force-displacement 

curves, DS in each column was correlated with the corresponding peak displacements.  

Figures 10-21 to 10-26 show the maximum displacement corresponding to a given DS of 

Bent 1, 2 and 3 columns. 

10.6 Response Parameters 

The six response parameters defined in a previous study (Vosooghi and Saiidi 

2012) were used as indicators of seismic performance.  Even though only one of these 

were utilized in the present study (DI), the data are included for the sake of completeness.  

The RPs were: the maximum drift ratio (MDR), residual drift ratio (RDR), frequency 

ratio (FR), damage index (DI), the maximum longitudinal steel strain (MLS), and the 

maximum transverse steel strain (MTS).  Tables 10-14 to 10-19 show the calculated RPs 

for all the columns.   

10.7 Updated Fragility Curves 

The RPs calculated in this study were combined with those calculated in a 

previous study of Vosooghi and Saiidi (2012) to expand the database.  The fragility 
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curves calculated in their study were updated to reflect this expansion (Figure 10-27).  

Cumulative lognormal distribution function was used to calculate these fragility curves.  

Because the fragility function is a logarithmic function, it cannot be calculated for 

negative RPs.  As a result, instead of lognormal distribution function, a normal 

distribution function was used to calculate the fragility curve for DIs at DS1 in Figure 10-

27.  The corresponding fragility functions were calculated using 
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÷
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(10-1) 

Where, DI1 is for DS1; and µ and ů are the mean and standard deviation of DI1, 

respectively.  The µ and ů of DI1 were calculated as 0.016 and 0.072, respectively.  For 

each of the other DIs and RPs, Table 10-20 lists the median and logarithmic standard 

deviation.  Depending on data scatter, the median of each RP should be consistent with 

the value read from the respective fragility curve with a 50% probability of occurrence.  

For example, the median of the DI at DS3 is 0.36 (Table 10-20) and the corresponding 

value read from the fragility curves is 0.36.    
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Chapter 11. Seismic Demand Analysis and Development of Load Model 

11.1 Introduction  

The structural analysis program SAP 2000 version 15.0.1 (Computer and 

Structures, Inc. 2011) and Xtract (Chadwell 2007) were used in the analytical studies.  

The bent models that were used to develop load model for the reliability analysis are 

described in this chapter.  Single column, two-column, and four-column bents (SCB, 

TCB, and FCB) were studied.  To design SCBs, curvature capacity and strains required 

for bond slip calculations were determined using Xtract for moment-curvature analysis.  

Due to the variation in the axial load of columns in TCB and FCB under cyclic loading, it 

was not practical to use the same design procedure as was used for SCB.  Therefore, SAP 

2000 was used to obtain the pushover curves for multi-column bents.  The pushover 

curve was idealized with an elasto-plastic relationship to estimate the plastic shear force 

and the effective yield displacement (Caltrans SDC 2010).   

Followed by bent design, non-linear dynamic analyses were conducted using SAP 

2000.  To account for uncertainties in the load model, the effect of longitudinal steel 

ratio, site class, return period, aspect ratio, and number of columns per bent was included 

in the study.  The bents were analyzed under a large number of near-field and far-field 

ground motions of different intensities.  For each ground motion, the maximum 

displacement was determined and subsequently, DIL was calculated.  Where DIL is the 

damage index corresponds to load model.  To analyze the scatter in DILs, statistical 

analyses were conducted.  Finally, the log-normal fragility curves were developed for DIs 

for each bent.  These fragility curves served as a load model in the reliability analysis.   



114 

 

 

11.2 Ground Motions Selection 

Un-scaled ground motions (GMs) were selected from the PEER strong ground 

motion database (http://peer.berkeley.edu/peer_ground_motion_database/).  Out of three 

ground motion components in each record set, two horizontal and one vertical, the 

horizontal motion with high spectral acceleration at period of one second was selected.  

Parameters that were used in the selection of far-field and near-field GMs were: shear 

wave velocity (VS30), earthquake magnitude, distance to fault (Rjb), and scale factor (SF).  

The range of VS30 between 500 m/s [1640 ft/s] to 1500 m/s [4921 ft/s] and 200 m/s [656 

ft/s]to 360 m/s [1181 ft/s] was used to select GMs for site class B/C and D, respectively.  

The GMs with magnitude greater than six were used.  The Rjb distance between 0 to 15 

km and 15 to 30 km was used to distinguish near-field and far-field ground motions.  The 

GMs were selected so that the SF calculated based on spectral acceleration associated 

with period of one second ((Sa)1 sec) is not greater than 3.  This is because it was felt that 

records amplified by larger scale factors would not necessarily have the characteristics of 

strong earthquakes.  The limitation of SF of 3 was based on the design spectrum of 1000- 

year return period earthquake.  Then, the same GMs were used to analyze the bents under 

2500-year earthquake.   

Based on the above parameters, 15 near field and 10 far-field GMs were selected 

for each site class (Site B/C and Site D).  Tables 11-1 and 11-2 list the GMs selected for 

site class B/C and D respectively.  In these Tables, NGA is the new generation 

attenuation number and PGA is the peak ground acceleration.  The other parameters are 

defined previously.  Every GM presented in PEER database has its unique new 
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generation attenuation number (NGA).  The GMs response spectrums are presented in 

Figures 11-1 to 11-4.  

11.3 Design Spectra 

The United States Geological Survey (USGS 2008) Interactive Deaggregations 

Beta tool (https://geohazards.usgs.gov/deaggint/2008/) was utilized to calculate the 

design spectrum for site class B/C and D.  This tool provides spectral acceleration (Sa) for 

the following spectral periods anywhere in the conterminous U.S: 0.0 s (PGA), 0.1 s, 0.2 

s, 0.3 s, 0.5 s, 1.0 s, 2.0 s, 3 s, 4 s, and 5 s.  The calculation of design spectrum requires 

10 separate deaggregation calculations, one for each period.  For example, Figure 11-5 

shows the design spectrum calculation for the spectral period of 1 sec for site B/C.  This 

Figure shows that, for period of one second, the spectral acceleration is 0.6733 g.  The 

USGS Interactive Deaggregations tool has an option to develop a design spectrum for 

various site classes and earthquake return periods. 

To determine design spectrum, VS30 of 760 m/s [2500 ft/s] and 270 m/s [886 ft/s] 

were used for site B/C and site D, respectively.  The design spectra were calculated for a 

site in Los Angeles with latitude 34.05
 
and longitude -118.25 degree (Figure 11-6).  All 

the design spectra were calculated for 5% damping.  Given the site parameters (latitude 

and longitude), spectral period, and VS30, design spectra were calculated for 1000, 1500, 

and 2500-year return period earthquake (Figure 11-7 and 11-8).  Table 11-3 lists the 

structural period, Sa, and return period for site class B/C and D. 

https://geohazards.usgs.gov/deaggint/2008/
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11.4 Bent Design 

The Caltrans SDC version 1.6 (Caltrans 2010) was used to design the bents.  The 

Xtract software, SAP 2000, and design spectrum were used to design the columns.  

Within each multicolumn bent, all the columns were designed identically.  Circular cross 

section was selected because of its widespread use.  Each bent was designed for a 

tentative design DI of 0.35 under an earthquake with a 1000-year return period.  The DI 

of 0.35 corresponds to a 50% probability of exceedance of DS3.  The DI was calculated 

using elasto-plastic pushover curve based on SDC 3.1 (Caltrans 2010).  Seismic 

displacement demands were determined based on the rule of ñequal displacementò and 

the effective stiffness of the column bents.  Each bent was designed for two site classes: 

site class B/C and site class D.  To investigate the effect of different design performance 

levels on the reliability, SCBs were also designed for DI of 0.35 under 1500-year 

earthquake. 

The shear design was conducted based on SDC 3.6 (Caltrans 2010).  The bents 

with double-curvature and high longitudinal steel ratio, reached a DI smaller than 0.35, 

even with zero confinement, because they nearly remained elastic under the design 

earthquake.  Therefore, these columns were not included in the present study.  A similar 

trend was observed in some of the tall columns because of their relatively low stiffness.  

In cases where the bents reached DI of 0.35, but shear rather than confinement controlled 

the design, the columns were redesigned for shear.  Because of the extra transverse steel, 

the actual DIs were less than 0.35 in the columns that were controlled by shear. 
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11.4.1. Material and Section Properties 

To account for uncertainties in the bent properties, a large number of bents were 

designed with different longitudinal steel ratios, heights, column diameter, and support 

conditions.  A practical range was used for each parameter to represent actual bridge 

construction.  A specified and expected concrete compressive strength of 3.6 and 5 ksi 

[25 and 35 Mpa] were used.  Grade 60 steel with expected yield strength of 68 ksi [470 

Mpa] was assumed for column longitudinal reinforcement.  For each bent, the transverse 

steel was designed to provide sufficient confinement pressure to meet the target DI of 

0.35.  The axial load index of 10% was specified for all the columns.  The minimum and 

maximum area of the longitudinal reinforcement for compression members are specified 

in Caltrans SDC 3.7 (2010) at 
gA01.0  and

gA04.0 , respectively.  Therefore, the ratio of 

the column longitudinal bars was assumed at 0.01, 0.02, and 0.03.  Table 11-4 lists the 

longitudinal steel ratio and reinforcement provided for different column diameters.  

The Mander et al. (1988) constitutive stress-strain model was used for confined 

core concrete and unconfined cover concrete.  The typical curves for unconfined and 

confined concrete are shown in Figure 11-9.  In this Figure, '

cf  is the compression 

strength of unconfined concrete, '
ccf  is the compression strength of confined concrete, 

'

cuf  is the maximum stress at failure of core concrete, 
cce  is the maximum strain at '

ccf , 

cue ultimate compression strain at '
cuf , spe  is the spalling strain, and 

coe is the strain at '

cf

.  The reduced ultimate strain capacity for reinforcing steel was used per SDC 3.2.3 

(Caltrans 2010) (Figure 11-10).  It is Caltrans practice to reduce the ultimate strain by up 

to thirty-three percent to decrease the probability of fracture of the reinforcement.  In 



118 

 

 

Figure 11-10, 
yee is the yield strain, she  is the strain at strain hardening, R

sue is the 

reduced ultimate tensile steel strain, and sue is the ultimate tensile stain in steel.   

11.4.2. Moment Curvature Analysis  

Moment-curvature analysis was conducted to design the SCBs and calculate the 

strains required for bond slip calculations using Xtract (Chadwell 2007) based on SDC 

3.3.1 (Caltrans 2010).  The expected material properties for steel and concrete were used 

in the analyses.  .  The moment-curvature curve was idealized by an elasto-plastic 

relationship to estimate the plastic moment capacity and the effective yield curvature.  

The elastic portion of the idealized curve passes through the point marking the first 

longitudinal reinforcing bar yield.  The idealized plastic moment capacity was obtained 

by balancing the areas between the calculated and the idealized curves beyond the first 

reinforcing bar yield point.  The effective yield and ultimate curvatures were used to 

estimate the effective yield and ultimate displacement of the bents using SDC 3.1.3 

(Caltrans 2010).   

11.4.3. Bond Slip Effect 

Because the plastic hinge length (PL ) calculated for columns was based on the 

Paulay and Priestley (1992) (Eq. 11-1), the effect of bond slip is implicit in the plastic 

deformations.  Therefore, in the present study, the bond slip calculations were only 

performed for the linear part of the elasto-plastic pushover curve.  

yebyebP fdfdLL 3.015.008.0 ²+=  (11-1) 

Bond slip rotation is a result of yield penetration of the longitudinal bars into the 

footing.  The bond slip effect was modeled using a lumped linear moment-rotation spring 
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at the bottom of the column.  Wehbe et al. (1999) developed a method to calculate the 

bond slip rotations associated with cracking, yielding, and ultimate capacity of reinforced 

concrete columns. The bond-slip rotation is assumed to occur about the neutral axis of the 

column cross section at the connection interface. The neutral axis location, and the strain 

and stress in the extreme tensile steel at a given lateral load are determined from moment-

curvature analysis of the section.  The basic bond strength of tension bars can be found 

using the following equations: 

800
5.9
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=
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d

f
u  (psi) 

(11-2) 

Where, u is the constant bond stress and db is the bar diameter.  Assuming a 

constant bond stress distribution along the embedded bar length, the development length 

can be calculated from equilibrium of forces as follows: 

u
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4
=  

(11-3) 

Where, ld is the development length, fs is the bar stress at the interface, and db is 

the bar diameter.  The bar extension can be calculated by integrating the strain profile 

along the development length as follows: 

ñ=
dl

sdzl
0

ed  
(11-4) 

Where, ŭl is the bar extension at the interface, es is the bar strain at the depth of z 

from the interface, and ld is the development length.  The bond-slip rotation can be 

calculated as follows: 

cd

l
b

-
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d

q  
(11-5) 
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Where, ɗb is the bond-slip rotation, d is the effective depth of the column section, 

and c is the compression depth of the column section at the interface. 

In the present study, it was found that, the effect of inclusion of bond slip on DI 

was negligible in many cases.  Because the calculation of DI is relative, the increase in 

yield displacement due to bond slip was compensated by the increase in displacement 

demand and ultimate displacement.  Although the effect of bond slip was negligible on 

the DI, it was still included in the bents design for practical reasons. 

11.4.4. Transverse Steel Design 

The spirals were designed for the target DI of 0.35 while ensuring that the column 

shear strength is sufficient.  The requirements for the maximum spacing for spiral in SDC 

8.2.5 (Caltrans 2010) were satisfied. The maximum pitch in the plastic hinge zone shall 

not exceed the smallest of the following: 

One fifth of the column diameter 

Six times the nominal diameter of the longitudinal bars 

8 inches [200 mm] 

11.4.5. Seismic Shear Design 

The shear design was conducted based on SDC 3.6 (Caltrans 2010).  The seismic 

shear demand was calculated based on the overstrength shear, oV , associated with the 

overstrength moment, oM , defined in SDC 4.3 (Caltrans 2010).  The overstrength 

moment is 1.2 times the idealized plastic moment capacity, PM , to account for (1) 
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material strength variations and strain rate effects, and (2) actual column moment 

capacity being greater than PM . 

According to SDC 3.2.1 (Caltrans 2010), the seismic shear capacity was 

conservatively calculated using the specified material properties instead of expected 

values.  The columns were designed so that the shear demand to capacity ratio (D/C) was 

less than one.  This ratio is calculated as follow: 
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(11-6) 

where SV  is nominal shear strength provided by spirals, CV  is nominal shear 

strength provided by concrete, and f is the strength reduction factor for shear with a 

value of 0.9.  Other parameters were defined previously. 

11.4.6. Pushover Analysis 

SAP 2000 was used to design the two-column and four-column bents (TCBs and 

FCBs).  In case of single column bents (SCBs), elasto-plastic pushover curve was derived 

from the moment curvature analysis by utilizing Xtract.  Unlike SCBs, under lateral 

loading, the axial load varies among the columns of multicolumn bents.  To account for 

the variation in the axial load, multicolumn bents were modeled in SAP 2000, and 

pushover analyses were conducted.  To account for bond slip in the columns, frame 

partial fixity springs were modeled at the supports.  The spring rotational stiffness was 

determined based on the initial yield moment and bond slip rotation.  It is to be noted 

that, the bond slip calculations were performed only for the pre-yielding portion of the 

pushover curve.  In the post yielding, bond slip effect was already included in the 
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calculated plastic hinge length.  In SAP 2000, Fiber P-M2-M3 hinge element was used to 

model plastic hinges.  To calculate the DI, the effective yield displacement (ȹY), the 

ultimate displacement (ȹC), and the displacement demand (ȹD) were calculated for each 

bent. 

Given the structural period, the seismic demand force was calculated utilizing 

design spectrum.  Based on the linear dynamic analysis method, having seismic force and 

bent stiffness, the ȹD was calculated. 

To find the effective yield displacement, pushover envelopes were idealized by 

elasto-plastic curves.  Each envelope was idealized by setting the initial slope to pass 

through the point marking the first longitudinal tensile reinforcing bar yield in any of the 

column.  The idealized force-displacement was obtained by balancing the area between 

the actual and the idealized force-displacement curves beyond the first reinforcing bar 

yield point (Caltrans 2010).  Figure11-11 shows the typical idealized force displacement 

curve. 

11.5 Bent Models Description 

All the bents designed in the present study were assumed to be in the standard 

bridge category as defined by SDC 1.1 (Caltrans 2010).  To account for the effect of 

redundancy on the reliability analysis, three bent configurations (SCBs, TCBs, and FCBs) 

were used.  The bents were designed for different support conditions (cantilever in SCBs, 

fixed-fixed, fixed-pinned).  The columns within each multicolumn bent were designed 

identically.  In the multicolumn bents, a massless bent cap with rectangular cross section 

was assumed.  The minimum bent cap width provided was equal to the column diameter 
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plus two feet (600 mm) (Caltrans 2010).  The bent cap was modeled as a rigid element 

with a rigid zone factor of 0.5.   

11.5.1. Single Column Bents 

Two sizes of column diameter, 4 ft [1219 mm] and 6 ft [1905 mm] were assumed 

in SCBs.  For each diameter, two different column heights of 30 ft [9.14 m] and 60 ft 

[18.28 m] were assumed corresponding to aspect ratios of five to 15.  Figure 11-12 shows 

the SCBs configurations.  By utilizing SDC 3.1.3 (Caltrans 2010), the columns were 

designed based on their rotation capacity determined from curvature capacity obtained 

from moment curvature analyses.  Some of the bents reached a DI smaller than 0.35 even 

with no confinement because they nearly remained elastic under the design earthquake. 

These bents were not included in the reliability analysis presented in this study.  The 

general procedure used to design the bents for the target DI consisted of two steps: (1) 

calculations for ȹY, and ȹC, and (2) calculations for ȹD.  The procedure was as follow: 

Step 1.   Calculations of ȹY and ȹC: Based on Caltrans SDC 3.1.3 (2010), ȹY and 

the ȹC were calculated for the columns using Eqs. 11-7a to 11-7e.  
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where:  

L = Distance from the point of maximum moment to the point of contra-flexure 

(in)  

LP = Equivalent analytical plastic hinge length (in)  

ȹp = Plastic deformation capacity due to rotation of the plastic hinge (in)  

YD  = Effective yield displacement of the column (in) 

Yf  = Idealized yield curvature defined by an elastio-plastic representation of the 

moment-curvature curve (rad/in)  

pf  = Idealized plastic curvature capacity (assumed constant over Lp) (rad/in)  

uf = Curvature capacity at the failure, defined as the concrete strain reaching Ůcu 

or the longitudinal reinforcing steel reaching the reduced ultimate strain Ůsu
R
 (rad/in) 

pq = Plastic rotation capacity (radian) 

Step 2.   Calculations for ȹD:  The ȹD was calculated based on the linear dynamic 

analysis utilizing the design spectrum using Eqs. 11-8a to 11-8e. 
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where:  

ik = initial slope of the column (kip/in) 

Vo = shear force (kips) 

Mp = plastic moment capacity (kip-in) 

T = fundamental period of the structure 

W = weight corresponds to ALI of 10% (kips) 

FD = seismic force demand (kips) 

m = W/g = mass acting on the column 

a = spectral acceleration corresponds to T (g) 

By having ȹY, ȹC, and ȹD, the DI was calculated as: 

YC

YDDI
D-D

D-D
=  

(11-9) 

Where ȹD, ȹY, and ȹC are the column displacement demand induced by 

earthquake, the effective yield displacement, and the ultimate displacement capacity, 

respectively.  Table 11-5 lists the SCB models with different longitudinal steel ratios, 

height to depth ratios (H/D), site classes, and boundary conditions designed for an 

earthquake with a 1000-year return period.  In site class B/C, the columns with higher 

aspect ratio (H/D = 10) remained elastic under the design earthquake due to their low 

stiffness.  Consequently, the DI in these columns was smaller than 0.35, even with zero 

confinement.  Therefore, these columns were not included in the present study.  Table 11-

6 lists the SCBs designed for 1500-year return period.  The transverse steel in the 

columns shown in italic in these Tables was controlled by shear, and therefore could not 

reach the target DI=0.35. 
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11.5.2. Two Column Bents 

Two different column diameters of 5 ft [1524 mm] and 6 ft [1829 mm] were 

assumed in TCBs.  For each diameter, two different column heights of 30 ft [9144 mm] 

and 60 ft [1828 mm] were used.  Because in SCBs it was found that, only one bent was 

able to reach DI of 0.35 with site class of B/C, the TCBs were only designed for site class 

D.   Figure 11-13 shows a typical TCB configuration used in the analyses. All TCBs were 

designed for a target DI of 0.35.  To determine the DI, pushover curves were idealized by 

elasto-plastic curves.  In cases where shear controlled the transverse steel, the bents were 

redesigned for shear.  Like SCBs, ȹD was calculated using Eqs. 11-8a to 11-8e.  Table 

11-7 lists the TCB models used in the analyses.  The bents shown with italic font style 

were redesigned for shear and therefore, could not reach the target DI=0.35.  In some 

cases, the bents with higher aspect ratio (H/D = 12) remained elastic under the design 

earthquake due to their low stiffness.  Consequently, the DI in these columns was smaller 

than 0.35, even with zero confinement.  Therefore, these columns were not included in the 

present study (fixed-pinned 2 and 3% and fixed-fixed 3% for H/D = 12) (Table 11-7) 

11.5.3. Four Column Bents 

All FCBs were designed with columns of diameter 4ft [1219 mm].  The bents 

were designed for a height of 30 ft [9144 m].  Figure 11-14 shows a typical FCBs 

configuration used in the analyses.  All FCBs were designed for a target DI of 0.35.  To 

determine the DI, pushover envelopes were idealized by elasto-plastic curves.  In cases 

where shear controlled, the transverse steel was redesigned for shear.  The ȹD was 

calculated using Eqs. 11-8a to 11-8e.  Table 11-8 lists the FCB models used in the 
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analyses.  The bents shown with italic font style were redesigned for shear and therefore, 

could not reach the target DI=0.35. 

11.6 Non-Linear Dynamic Analysis 

SAP 2000 was utilized to perform the non-linear response history analyses to 

determine the demand DI.  To develop a load model, non-linear dynamic analyses 

(NLDA) were conducted on SCBs, TCBs, and FCBs.  The expected material properties 

of reinforcing steel and concrete were used.  The Takeda hysteresis model (Takeda et al. 

1970) available in SAP 2000 was used.  The P-M2-M3 was used to model the plastic 

hinge.  Except in the plastic hinge, the cracked (effective) section properties were used 

throughout the length of the column.  The effective section properties were calculated 

from the yield moment, yield curvature, and concrete elastic modulus (Eq. 11-10). 
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To account for bond slip in the columns, frame partial fixity spring was modeled 

at the supports.  The spring rotational stiffness was determined based on the initial yield 

moment and bond slip rotation.  Bents designed for target DI of 0.35 under 1000-year 

earthquake were analyzed under both 1000 and 2500-year earthquakes.  The purpose of 

the latter analysis was to determine the reliability under longer return period in columns 

that are typically designed for earthquakes with1000-year return period.  Each bent was 

analyzed under 10 far field and 15 near field GMs.  The number of near field motions 

was higher because this type of motion is generally more demanding.   
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11.6.1. NLDA for Single Column Bents 

Non-linear dynamic analyses were conducted into two parts: (1) columns that 

were designed for 1000-year earthquakes were analyzed under GMs corresponding to 

1000-year earthquakes, and (2) columns designed for 1000-year earthquakes were 

analyzed under GMs corresponding to 2500-year earthquakes.  Each bent was analyzed 

under 25 GMs selected for site B/C and D.  The GMs were scaled to match the design 

spectra corresponding to the 1000 and 2500-year earthquake.  The GMs were scaled at 

the fundamental period of the bents.  For each GM, the maximum displacement demand 

was determined, and subsequently DIL was calculated.  Figures 11-15 and 11-16 show a 

few examples of the force-displacement hysteretic curves for the far-field and near-field 

GMs, respectively.  These Figures show the results for SCB with column diameter and 

height of 6 ft [1829 mm] and 30 ft [9144 mm], respectively, that were analyzed under 

1000-year earthquake for site D.  Tables 11-9 to 11-28 list the displacement demands and 

DILs for SCBs designed for 1000-year earthquake, and analyzed under 1000 and 2500-

year earthquake.  Some of the SCBs underwent very large displacements under some of 

the ground motions and became unstable.  The ȹD in these bents was assumed to be equal 

to ȹC (presented in italic font in Tables 11-9, 11-10, 11-13, 11-14, 11-15, 11-16, 11-22, 

and 11-26).  The SCBs were also designed and analyzed under 1500-year earthquake to 

generate additional information and determine the sensitivity of reliabilities to the return 

period of the design earthquake.  The design DI was kept at 0.35 under 1500-year 

earthquake.  Tables 11-29 to 11-32 list the displacement demands (ȹD) and DILs of SCBs 

analyzed under 1500-year earthquake level. 
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11.6.2. NLDA for Two Column Bents 

Like SCBs, the TCBs that were designed for a target DI of 0.35 for 1000-year 

earthquake, but were analyzed under 1000 and 2500-year earthquake.  The Each bent was 

analyzed under 25 GMs selected for site B/C and D.  The GMs were scaled to match the 

design spectra corresponding to the 1000 and 2500-year earthquake.  The GMs were 

scaled at the fundamental period of the bents.  For each GM, the maximum displacement 

demand was determined, and subsequently the DIL was calculated.  Tables 11-33 to 11-

42 list DILs of TCBs designed for 1000-year, and analyzed under 1000 and 2500-year 

earthquakes.  Some of the TCBs underwent very large displacements under some of the 

ground motions and became unstable.  The ȹD in these bents was assumed to be equal to 

ȹC (presented in italic font in Tables 11-33 and 11-34).  Some of the bents with higher 

aspect ratio (H/D = 12) remained elastic under the design earthquake due to their low 

stiffness.  Consequently, the DI in these columns was smaller than 0.35, even with zero 

confinement.  Therefore, these columns were not included in the analyses (fixed-pinned 2 

and 3% and fixed-fixed 3% for H/D = 12) (Table 11-37 and 11-38).  

11.6.3. NLDA of Four Column Bents 

Four column bents designed for 1000-year earthquake were analyzed under 1000 

and 2500-year earthquake levels.  Like SCBs and TCBs, FCBs were designed for a target 

DI of 0.35.  The Each bent was analyzed under 25 GMs selected for site D.  The GMs 

were scaled to match the design spectra corresponding to the 1000 and 2500-year 

earthquake.  The GMs were scaled at the fundamental period of the bents.  For each GM, 

the maximum displacement demand was determined, and subsequently DIL was 
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calculated.  Tables 11-43 to 11-46 list the ȹDs and DILs of FCBs. Two of the FCBs 

underwent very large displacements under some of the ground motions and became 

unstable.  The ȹD in these bents was assumed to be equal to ȹC (presented in italic font in 

Tables 11-43 and 11-44) 

11.7 Fragility and Reliability Analysis  

To model the scatter in DILs, fragility curves were developed for all the bents.  To 

develop fragility curves, cumulative lognormal distribution function was used.  The 

Smironov-Kolmogorov goodness-of-fit test (Massey et al. 1951) and graphical methods 

(histograms) were used as acceptance criteria for lognormal distribution.  To use the 

Kolmogorov goodness of fit test, it was assumed that the DIL data is the representative of 

the population.  This assumption was satisfied by conducting extensive analyses with a 

reasonable scatter in data to develop an approximately continuous distribution function 

for DIL.  In the Smironov-Kolmogorov test, the hypothesis that the data has lognormal 

distribution is accepted if all test data points in resistance and load model lie between the 

lower and upper confidence limits (LCL and UCL).  These fragility curves serve as load 

model in the reliability analysis.  By utilizing the resistance and load fragility curves, the 

reliability index was calculated against failure (DS6).  In the present study, the reliability 

index against failure is denoted by ñɓ6ò.  The reliability analysis presented in this 

document is based on large experimental test data and comprehensive analysis of column 

resistances and load models.  Because the DIL data was log-normally distributed, 

reliability corresponds to lognormal distribution, was calculated using equations Eqs. 9-8 

to 9-12.  The level of reliability at DS3 (ɓ3), DS4 (ɓ4), and DS5 (ɓ5) was also determined. 
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11.7.1. Fragility and Reliability Analyses of Single Column Bents 

To develop fragility curves for SCBs, the DIL data tabulated in Tables 11-9 to 11-

32 was utilized.  The fragility curves were developed for each bent for 1%, 2%, and 3% 

longitudinal steel ratios.  For each steel ratio, the fragility curves and reliability indices 

were calculated for 1000 and 2500-year return period earthquake. 

 Analyses of Four Foot Diameter Single Column Bents for Site D 11.7.1.1

To develop fragility curves for SCBs with 4ft [1219 mm] diameter columns for 

Site D, the DIL data tabulated in Tables 11-9 to 12-16 was utilized.  Figures 11-17 and 

11-18 show the fragility curves and reliability indices, respectively, for SCBs with 4 ft 

[1219 mm] diameter column.  The fragility curves and reliability indices were calculated 

for 1000 and 2500-year return period earthquake.  With high aspect ratios of 7.5 and 15, 

the columns designed for Site B/C were not able to reach a DI of 0.35, even at nearly zero 

confinement.  Therefore, these bents were not included in the study, and the fragility 

curves were only developed for Site D.   

Figure 11-17 shows that for the same probability of exceedance, the earthquakes 

with 2500-year earthquake are more demanding as expected.  For example, under 1000-

year earthquake, in a cantilever bent with 30 ft [9144 mm] height and 2% steel, the DIL 

corresponding to 40% probability of exceedance was about 0.20 compared to 0.40 under 

2500-year earthquake.  Even though, the earthquakes with higher return periods are more 

demanding; the probability of occurrence of these earthquakes (PEQ) during the life span 

of a bridge (75-year (AASHTO 2010)) is relatively low.  For example, PEQ for 1000-year 

return period is 0.072256514; whereas for 2500-year return period it is equal to 
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0.029554466.  This effect is reflected in reliability indices (Figure 11-18).  Figure 11-18 

shows the reliability indices for damage states of three or higher.  Note that the reliability 

indices are based on combined probability of failure including the PEQ.  The method used 

to calculate the combined probability of failure is described in Section 9.7.   

Because the bents were designed to be at 50% probability of exceeding DS3 (DI = 

0.35), theoretically the reliability index corresponds to DS3 should be zero.  However, 

Figure 11-18 shows that, the reliability indices in all cases are greater than 1.5.  This is 

because these reliability indices have included PEQ, and the reliability index (ɓ) 

corresponds to PEQ itself is 1.5.  The ɓ of 1.5 is based on the probability of exceedance of 

1000-year earthquake in 75-year (life span of bridge).  Therefore, no matter for which DI 

the column is designed for, the reliability index would always be greater than or equal to 

1.5. 

The effect of various parameters on the reliability index is discussed below:  

¶ Longitudinal steel ratio:  In general, the reliability was almost unchanged, when 

the steel ratio was increased from 1% to 3%.  For example, in cantilever bents with 30ft 

[9144 mm] height analyzed under 1000-year earthquake, the reliability for DS6 increased 

from 3.1 to 3.2, when the steel ratio was increased from 1% to 3%.  However, in tall 

fixed-fixed bents with 60 ft [18288 mm] height and analyzed under 2500-year 

earthquake, the reliability was decreased from 3.1 to 2.7, when the steel ratio was 

increased from 1% to 3%.   

¶ H/D ratio:  In general, the effect of different aspect ratios on the reliability of 

bents was insignificant.  For example, for 1000-year earthquake, in a cantilever bent with 
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30ft [9144 mm] height and 1% steel, the reliability for DS6 was 3.1, compared to 2.8 in 

tall cantilever bent (H = 60 ft [18288 mm]) for  the same earthquake level and steel ratio.  

¶ Boundary conditions:  The reliability was almost unaltered when the support 

condition was changed from cantilever to fixed-fixed.  For example, for 1000-year 

earthquake, in a cantilever bent with 30ft height and 3% steel ratio, the reliability for DS6 

was 3.2, compared to 3.5 in fixed-fixed bent for the same steel ratio and earthquake 

return level.  

The small effect of various parameters on reliability as discussed for DS6 can be 

noticed for other damages states (DS3, DS4, and DS5) as well.  Because the bents were 

designed for 50% probability of exceeding DS3, the reliability is increased from DS3 to 

DS6.  For example, in cantilever bents with 3% steel, 30ft [9144 mm] height, and 

analyzed under 1000-year earthquake, the reliability for DS3 is 2.0 compared to 3.5 for 

DS6.  The reliability indices for DS3 to DS5 provide a vision of damage that might occur 

when the bent is designed for a target reliability index against failure.  

 Analyses of Six Foot Diameter Single Column Bents for Site B/C 11.7.1.2

To develop fragility curves for SCBs with 6ft [1905 mm] diameter columns for 

Site B/C, the DIL data presented in Tables 11-17 to 11-20 was utilized.  The fragility 

curves were developed for 1% and 2% longitudinal steel ratios (Figure 11-19).  When the 

columns designed for Site B/C were not able to reach the DI of 0.35, even at nearly zero 

confinement, they were not included in the results.  This was especially the case for 

fixed-fixed columns, and the columns with higher longitudinal steel ratios because these 

columns remained nearly elastic.   
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Figure 11-19, shows that for the same probability of exceedance, the earthquakes 

with 2500-year earthquake are more demanding.  For example, for 1000-year earthquake, 

in cantilever bent with 2% steel, the DIL corresponding to 60% probability of exceedance 

was about 0.20, compared to 0.45 under 2500-year earthquake.   

The reliability indices were calculated for 1000 and 2500-year earthquake (Figure 

11-20).  Figure 11-20 shows the reliability indices for damage states of three or higher.  

The effect of various parameters on the reliability of bents is discussed below: 

¶ Longitudinal steel ratio:  The reliability was almost unchanged when the steel 

ratio was increased from 1% to 2%.  For example, in cantilever bents analyzed under 

1000-year earthquake, the reliability for DS6 decreased from 3.9 to 3.7 when the steel 

ratio was changed from 1% to 2%. 

¶ Boundary conditions:  The reliability remained nearly the same, when the support 

condition was changed from cantilever to fixed-fixed for 2500-year earthquake.  

However, under 1000-year earthquake, the reliability increased significantly when the 

support condition was changed from cantilever to fixed-fixed.  For example, in a 

cantilever bent with 1% steel and analyzed under 1000-year earthquake, the reliability for 

DS6 was 3.9, compared to 4.7 in fixed-fixed bent.  

 Analyses of Six Foot Diameter Single Column Bents for Site D 11.7.1.3

To develop fragility curves for SCBs with 6ft [1905 mm] diameter columns for 

Site D, the DIL data tabulated in Tables 11-21 to 11-28 was utilized.  Figure11-21 shows 

the fragility curves for SCBs for 6-ft [1905-mm] diameter column.  The fragility curves 

and reliability indices were calculated for 1000 and 2500-year return period earthquake.   
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Figure 11-21 shows that for the same probability of exceedance of DIL, the 

earthquakes with 2500-year earthquake are more demanding.  For example, for 1000-year 

earthquake, in fixed-fixed bent with 30 ft [9144 mm] height and 1% steel, the DIL 

corresponding to 60% probability of exceedance was about 0.40 compared to 0.65 under 

2500-year earthquake.  However, the reliability did not change significantly (except in 

fixed-fixed bent with 30ft [9144 mm] height), when the return period was changed from 

1000-year to 2500-year (Figure11-22).  For example, for 1000-year earthquake, in a 

cantilever bent with 30 ft height and 1% steel, the reliability for DS6 is 3.6, compared to 

3.2 for 2500-year earthquake for the same bent height and steel ratio.  This is because 

these reliability indices are based on combined probability of failure including the PEQ.  

The earthquakes with longer return periods will also have lower probability of 

exceedance as discussed in section 11.7.1.1.  Therefore, the overall effect on the 

reliability index is not significant.  Figure 11-22 shows the reliability indices for damage 

states of three and higher.  The various parameters that affect the reliability are described 

below: 

¶ Longitudinal steel ratio:  Figure 11-22 shows that, the reliability decreased when 

the steel ratio was increased from 1% to 3% in cantilever bents with 30 ft [9144 mm] 

height.  In tall cantilever and fixed-fixed bents with 60 ft [18288 mm] height, the 

reliability remained nearly the same when the steel ratio was changed from 1% to 3%.  

For example, in a cantilever bent with 60ft [18288 mm] height, the reliability was 

decreased from 3.1 to 2.9 for DS6, when steel ratio was changed from 1% to 3%.   

All fixed-fixed bents with 30 ft [9144 mm] height were controlled by shear, and the 

actual DI was less than 0.35.  The DI for these columns decreased when the longitudinal 
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steel ratio was increased from 1% to 3%.  Consequently, ɓ was increased when the steel 

ratio was changed from 1% to 3%.  For example, in a fixed-fixed bent with 30 ft [9144 

mm] height, the reliability was increased from 3.0 to 5.3 for DS6, when steel ratio was 

changed from 1% to 3%. 

¶ H/D ratio:  In general, the effect of different aspect ratios on the reliability of 

bents was insignificant.  For example, for 1000-year earthquake, in a cantilever bent with 

30 ft [9144 mm] height and 2% steel, the reliability for DS6 was 3.3, compared to 3.0 in 

tall cantilever bent with 60 ft [18288 mm] for the same height and steel ratio.  

¶ Boundary conditions:  The reliability did not change significantly when the 

support condition was changed from cantilever to fixed-fixed.  For example, for 1000-

year earthquake, in a cantilever bent with 60 ft [18288 mm] height and 2% steel, the 

reliability for DS6 was 3.0, compared to 3.2 in fixed-fixed bent for the same height and 

steel ratio.  

11.7.2. Sensitivity of Reliability Index to Design Earthquake Return Period for 

Single-Column Bents  

To investigate the effect of design earthquake return period on the reliability of 

the structure, the single-column bents were redesigned by increasing the return period to 

1500-year while maintaining the target DI of 0.35.  Because the majority of bents were 

from Site D, the bents were only designed for this site class.  The bents were designed 

using 6 ft [1829 mm] diameter column for heights of 30 ft [9144 mm] and 60 ft [18288 

mm] for 1%, 2%, and 3% longitudinal steel ratios.  The DIL data tabulated in Tables 11-

29 to 11-32 was utilized to calculate fragility curves and reliability index.  To compare 
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the reliability of bents designed for 1000-year and 1500-year earthquake, the columns 

were designed for flexure to reach a target DI of 0.35 while ignoring the shear demand.   

Figure 11-23 shows the fragility curves for DIL for the bents analyzed under 

1500-year earthquake.  This  shows that the demand (DIL) increased when the steel ratios 

was changed from 1% to 3%, except in tall cantilever bent with 60 ft [18288 mm] height.  

The fragility curves calculated for 1500-year earthquake were compared with those 

calculated for 1000-year earthquake.  It was found that, the demand (DIL) is nearly the 

same, when the bents were redesigned by increasing the return period to 1500-year, while 

maintaining the target DI of 0.35.  For example, for 1500-year earthquake, in a cantilever 

bent with 30 ft [9144 mm] height and 2% steel, the DIL corresponding to 40% probability 

of exceedance was about 0.25, which is nearly the same as that for the cantilever bent 

designed and analyzed under1000-year earthquake (Figure 11-21).   

Figure 11-24 shows the average DIL for 1000-year and 1500-year earthquakes.  

The comparison shown in Figure11-24 is based on the combined data for 1%, 2%, and 

3% steel for cantilever and fixed-fixed bents.  In general, the mean DIL is almost the 

same for 1000-year and 1500-year earthquake, except in fixed-fixed bents with 30 ft 

[9144 mm] height and 3% steel.  For example, for 1000-year earthquake, the mean DIL 

for cantilever bent with 30 ft [9144 mm] height and 1% steel is 0.29, compared to 0.31 

in1500-year earthquake.  This is because designing and analyzing the bents for higher 

earthquake levels affects both the capacity and seismic demand parameters.  In the 

present study, it was found that, the effect on the capacity and the demand balanced each 

other.  This was due to the following reasons: (1) bents designed for higher earthquake 

levels results in higher transverse steel ratio to obtain a target DI of 0.35.  The higher 
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transverse steel ratio results in higher confinement and consequently leads to higher 

ultimate displacement capacity, while not effecting the yield displacement considerably, 

and (2) on the demand side, the GMs are relatively strong for longer return periods and 

consequently they lead to higher displacement demand.  Therefore, the increase in 

displacement capacity was balanced by the increase in displacement demand, and 

resulted in negligible effect on the fragility analysis.   

Figure 11-25 shows the reliability indices for damage states of three or higher for 

the bents analyzed under 1500-year earthquake.  This shows that, the reliability decreased 

when the steel ratios was increased from 1% to 3%, except in tall cantilever bents with 60 

ft [18288 mm] height.  The reliability indices calculated for 1500-year earthquake were 

compared with those calculated for 1000-year earthquake.   It was found that, the 

reliability indices were nearly the same when the return period was changed from 1000-

year to 1500-year.  For example, for 1500-year earthquake, the reliability index for 

cantilever column with 30 ft [9144 mm] height is 3.11 at DS6, compared to 3.10 in 1000-

year earthquake.  This is because the probability of exceedance of earthquake with higher 

return period is relatively low.  For example, the PEQ for 1000-year earthquake is 

0.072256514, compared to 0.048770575 for 1500-year earthquake.  The comparison 

shown in Figure 11-26 is based on the combined data for 1%, 2%, and 3% steel for 

cantilever and fixed-fixed bents. 

11.7.3. Fragility and Reliability Analyses of Two Column Bents 

To develop fragility curves for TCBs, the DIL data tabulated in Tables 11-33 to 

11-42 was utilized.  The fragility curves were developed for 1%, 2%, and 3% 
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longitudinal steel ratios.  The TCBs were designed for a target DI of 0.35 under 1000-

year earthquake for Site D.  These bents were then analyzed under 1000-year and 2500-

year earthquake. 

11.7.3.1. Analyses of Five Foot Diameter Two Column Bents for Site D 

To develop fragility curves for TCBs with 5ft [1524 mm] diameter columns, the 

DIL data presented in Tables 11-33 to 11-38 was utilized.  The fragility curves were 

developed for 1%, 2%, and 3% longitudinal steel ratios (Figure 11-27).  For each steel 

ratio, the fragility curves and reliability indices were calculated for 1000 and 2500-year 

earthquake.    

Figure 11-27 shows that, for the same probability of exceedance, the earthquakes 

with 2500-year earthquake are more demanding.  For example, for 1000-year earthquake, 

in fixed-pinned bent with 30 ft [9144 mm] height and 1% steel, the DIL corresponding to 

40% probability of exceedance was about 0.20, compared to 0.35 under 2500-year 

earthquake.   

The demand in fixed-pinned bents with 30 ft [9144 mm] height was nearly the 

same when the steel ratio was changed from 1% to 3% for 1000-year earthquake. For 

example, the DIL corresponding to 40% probability of exceedance was about 0.20, 0.20, 

and 0.18 for 1%, 2% and 3% steel, respectively.  However, in fixed-fixed bent with the 

same height and earthquake level, the demand decreased when the steel ratio was 

changed from 1% to 3%.  This is because in fixed-fixed bents with 2% and 3% steel 

ratios, the transverse steel was controlled by shear leading to a relatively large amount of 

transverse steel that increased the ultimate displacement.  Consequently, the actual DI in 
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these bents was less than 0.35.  The effect of higher transverse steel in 2% and 3% steel 

ratio also reflected in reliability indices (Figure 11-28).  Figure 11-28 shows the 

reliability indices for damage states of three or higher. The various parameters that affect 

the reliability are described below: 

¶ Longitudinal steel ratio:  Figure 11-28 shows that the reliability was almost 

unchanged in fixed-pinned bents with 30 ft [9144 mm] height when the steel ratio was 

increased from 1% to 3%.  For example, under 1000-year earthquake, the reliability 

decreased from 3.0 to 2.9 for DS5, when steel ratio was changed from 1% to 3%.  In 

fixed-fixed bents with 30 ft height, the reliability increased when the steel ratio was 

changed from 1% to 3%.  For example, the reliability increased from 3.2 to 4.8 for DS6, 

when steel ratio was changed from 1% to 3%.  This is because all the fixed-fixed bents 

with 30 ft [9144 mm] height were controlled by shear and the actual DI was less than 

0.35.  The DI for these column decreased when the longitudinal steel ratio was changed 

from 1% to 3%.  Consequently, the reliability increased when the steel ratio was changed 

from 1% to 3%. 

¶ H/D ratio:  In fixed-pinned bents, the effect of different aspect ratios on the 

reliability of bents was insignificant.  For example, for 1000-year earthquake, in a fixed-

pinned bent with 30 ft [9144 mm] height and 1% steel, the reliability for DS6 was 3.1, 

compared to 2.9 in tall fixed-pinned bent with 60 ft [18288 mm] height.  However, in tall 

fixed-fixed bent with 60 ft [18288 mm] height, the pattern of reliability indices was the 

opposite of the one observed in fixed-fixed bent with 30 ft [9144 mm] height.  This is 

because in tall bents the design was governed by the design DI of 0.35 instead of shear.  
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Therefore, the transverse steel for the column with 2% steel ratio was relatively low for 

the same design DI of 0.35. 

¶ Boundary conditions:  The reliability in short bents (H = 30 ft [9144 mm]) with 

different support conditions cannot be compared.  This is because the actual DI in the 

fixed-fixed bents was less than the one in fixed-pinned bents (DI of 0.35).  However in 

tall bents (H = 60 ft [18288 mm]), the reliability increased when the support condition 

was changed from fixed-pinned to fixed-fixed.  For example, in fixed-pinned bent with 

1% steel, the reliability for DS6 was 2.9, compared to 4.4 in fixed-fixed bent for the same 

steel ratio. 

Because in TCBs with 30 ft [9144 mm] height the difference in reliability indices 

for 1000-year and 2500-year earthquake was insignificant, the tall bents were not 

analyzed under 2500 years earthquake.   

The fixed-pinned TCBs with 60 ft [18288 mm] height were not able to reach DI 

of 0.35 for 2% and 3% steel ratio even with zero confinement.  Therefore, these bents 

were not included in the analyses.  The same was true for the fixed-fixed TCBs with 3% 

steel ratio.   

11.7.3.2. Analyses of Six Foot Diameter Two Column Bents for Site D 

To develop fragility curves for TCBs with 6-ft [1829-mm] diameter columns, the 

DIL data presented in Tables 11-39 to 11-42 was utilized.  Because the difference in 

reliability for 1000 and 2500-year earthquake was found to be insignificant, the fragility 

curves and reliability indices were calculated for 1000-year earthquake only.   
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Figure 11-29 shows the fragility curves for TCBs with 6 ft diameter columns 

analyzed under 1000-year earthquakes.  The demand in fixed-pinned bent with 30 ft 

height was nearly unaffected by the steel ratio.  For example, for 1% steel, the DIL 

corresponding to 40% probability of exceedance was about 0.20 compared to 0.18 for 3% 

steel.  However, in fixed-fixed bents with 30 ft height the demand decreased when the 

steel ratio was changed from 1% to 3%.  This is because fixed-fixed bents with 2% and 

3% steel ratio were controlled by shear leading to a relatively large amount of transverse 

steel that increased the ultimate displacement.  Consequently, the actual DI in these bents 

was less than the target design DI of 0.35. 

In tall fixed-pinned bents with 60 ft height, the difference in demand was not 

significant when the steel ratio was changed for 1% to 3%.  For example, the DIL 

corresponding to 40% probability of exceedance was about 0.18, 0.20, and 0.17 for 1%, 

2%, and 3% steel, respectively.  In tall fixed-fixed bents with 60 ft height, the demand 

decreased when the steel ratio was changed for 1% to 3%. 

Figure 11-30 shows the reliability indices for TCBs with 6 ft diameter columns 

analyzed under 1000-year earthquake.  Various parameters that affect the reliability are 

described below: 

¶ Longitudinal steel ratio:  Figure 11-30 shows that the reliability in fixed-pinned 

bents with 30 ft [9144 mm] height increased when the steel ratio was changed from 1% to 

3%.  For example, the reliability increased from 2.9 to 3.2 for DS5, when steel ratio was 

changed from 1% to 3%.  In fixed-fixed bents with 30 ft height, the increase in reliability 

was significant when the steel ratio was changed from 1% to 3%.  For example, the 

reliability increased from 2.9 to 7.2 for DS6, when steel ratio was changed from 1% to 
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3%.  This is because fixed-fixed bents with 2% and 3% steel ratios were controlled by 

shear causing the design DI to be less than 0.35.  The DI for these columns decreased 

when the longitudinal steel ratio was changed from 1% to 3%.  Consequently, the 

reliability increased when the steel ratio was changed from 1% to 3%. 

¶ H/D ratio:  In fixed-pinned bents, the reliability decreased when the height was 

changed from 30 ft to 60 ft.  For example, for 1000-year earthquakes in a fixed-pinned 

bent with 30 ft [9144 mm] height and 1% steel, the reliability for DS6 was 3.5 compared 

to 3.1 in tall fixed-pinned bent with 60 ft height.  The reliability in fixed-fixed bents with 

different H/D ratio cannot be compared.  This is because the actual DI in the fixed-fixed 

bents (for 2% and 3% steel) with 30 ft height was less than the one in bents with 60 ft 

height (DI of 0.35).   

¶ Boundary condition:  The reliability in short bents (H = 30 ft) with different 

support conditions cannot be compared.  This is because the actual DI in the fixed-fixed 

bents with 2% and 3% steel was less than the one in fixed-pinned bents (DI of 0.35).  

However in tall bents (H = 60 ft), the reliability increased when the support condition was 

changed from fixed-pinned to fixed-fixed.  For example, in fixed-pinned bent with 1% 

steel, the reliability for DS6 is 3.0, compared to 3.8 in fixed-fixed bent for the same steel 

ratio 

11.7.4. Fragility and Reliability Analyses of Four Column Bents  

To develop fragility curves for FCBs with 4 ft [1219 mm] diameter columns, the 

DIL data presented in Tables 11-43 to 11-46 was utilized.  These bents were only 

designed for the height of 30 ft [9144 mm].  The fragility curves were developed for 1%, 
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2% and 3% longitudinal steel ratios (Figure 11-31).  For each steel ratio, fragility curves 

and reliability indices were calculated for 1000 and 2500 years return period.   

Figure 11-31 shows that for the same probability of exceedance of DIL, the 

earthquakes with 2500-year earthquake are more demanding.  For example, for 1000-year 

earthquakes in fixed-pinned with 1% steel, the DIL corresponding to 40% probability of 

exceedance was about 0.25 compared to 0.50 under 2500-year earthquakes.  The same 

pattern was noticed in fixed-fixed bents.  Figure 11-31 shows that the demand decreased 

in fixed-pinned and fixed-fixed bents when the steel ratio was changed from 1% to 3%.  

The decrease in demand in fixed-fixed bents is relatively high.  This is because fixed-

fixed bents with 2% and 3% steel ratio were revised for shear.  In these bents, the 

transverse steel was controlled by shear leading to a relatively large amount of transverse 

steel that increased the ultimate displacement.  Consequently, the actual DI in these bents 

was less than the target design DI of 0.35. 

As discussed previously, even though the earthquakes with higher return period 

are more demanding, the probability of occurrence of these earthquakes is relatively low 

(PEQ).  Because the reliability is based on the combined probability of failure including 

PEQ, this effect is reflected in reliability indices (Figure 11-32).  The effect of various 

parameters on the reliability index is discussed below:  

¶ Longitudinal steel ratio:  The reliability in fixed-pinned bents did not vary 

significantly when the steel ratio was changed from 1% to 3%.  For example, in fixed-

pinned bents analyzed under 1000-year earthquake, the reliability varied from 3.0 to 3.4 

for DS6 when the steel ratio was changed from 1% to 3%.  However, in fixed-fixed 

bents, the reliability increased significantly when the steel ratio was changed from 1% to 
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3%.  For example, in fixed-fixed bents analyzed under 1000-year earthquakes the 

reliability changed from 3.6 to 4.9 for DS6, when the steel ratio was changed from 1% to 

3% 

¶ Boundary condition:  The reliability increased when the support condition was 

changed from cantilever to fixed-fixed.  For example, under1000-year earthquake, in a 

fixed-fixed bent with 3% steel ratio, the reliability for DS6 was 3.0, compared to 3.6 in 

fixed-fixed bent for the same steel ratio and earthquake return period. 

11.8 Discussion of Results  

Reliability analysis results show that ɓ6 in SCBs varies from 2.7 to 3.9, except in 

cases where column shear controlled the design of transverse reinforcement.  The 

reliability analyses were conducted based on combined probability of failure, including 

the probability of earthquake exceedance (PEQ).  The reliability of bents was greater than 

1.5.  The ɓ of 1.5 is based on the probability of exceedance of 1000-year earthquake in 

75-year (life span of bridge) itself.  Because the bents were designed for 50% probability 

of exceeding DS3, the reliability increased from DS3 to DS6.  Because the reliability 

against failure was the controlling parameter in calibrating the design DI, most of the 

discussion is focused on reliability against DS6.  However, the reliability indices for DS3 

to DS5 are also useful in providing a vision of damage and repair that one can expect 

when the bent is to be designed for a target reliability index against failure. 

Because the variation in ɓ was not significant, all the data for SCBs were 

combined to obtain a uniform reliability against failure.  The fragility and reliability 

analysis was conducted on the combined data.  The cumulative lognormal distribution 
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was used to conduct the fragility analysis.  Because PDCA approach is displacement 

based, the bents in which shear controlled the transverse steel design were excluded.  The 

validity of fragility curve was determined using Smironov-Kolmogorov test with 10% 

level of significance.  Figure11-33 shows that the data follows the lognormal distribution.  

The reason some of the data lies outside or on the limit curve is that the bandwidth of the 

limit curves are inversely proportional to the number of data points.  The empirical data 

falling outside the lower limit curve shows that the theoretical distribution used is 

conservative.  To validate the current distribution, the histogram with lognormal fit was 

plotted utilizing Minitab 15 software (Figure 11-34).  Figure 11-34 shows that the data 

closely follow the lognormal distribution.  

The same approach as that used for SCBs was applied to develop a combined 

fragility curves for TCBs and FCBs.  Figures 11-35 and 11-36 show the fragility curve 

and histogram for TCBs, respectively.  Figure 11-37 shows that all the data for FCBs are 

falling inside the curve limits. 

The combined data for each bent type (single column, two-column, and four-

column bents) was used to determine and compare the reliability indices for different 

bents.  Figure 11-38 shows the reliability indices for SCBs, TCBs, and FCBs.  This 

Figure shows that, for each steel ratio, ɓ increased slightly from SCBs to FCBs.  The 

reliability indices against failure were calculated as 3.1, 3.2, and 3.3 for SCBs, TCBs, and 

FCBs, respectively.  The present study shows that ɓ6 is higher than 3.0 when bents are 

designed for 50% probability of exceeding DS3 (DI = 0.35) under 1000-year earthquake.  

ɓ of 3.0 is approximately a probability of failure of 1 in 1000.  However, the bents can be 

designed for higher probability of exceeding DS3 without causing a concern for failure.  
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In general, the selection of ɓ is somewhat subjective.  Ideally, the selection of the target ɓ 

is based on economic considerations that reflect both the cost of increasing the safety 

margins and the implied costs associated with component repair, bridge closure, or 

failure.   

The current study shows that, the PDCA by incorporating reliability index 

provides much flexibility to the structural engineer to design a bridge column to reach a 

given damage state with a specified reliability under an earthquake with a given return 

period.  To correlate the target ɓ6 with design DI, a direct probabilistic design method 

was developed.  This method is described in Chapter 12.  
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Chapter 12. Development of Direct Probabilistic Design Method 

12.1 Introduction  

In Chapter 11, the reliability indices were calculated for bents that were designed 

to be at 50% probability of exceeding DS3 (DI = 0.35).  The designer does not have a 

control over the reliably index for higher damage states including failure.  To achieve the 

desired reliability level, one needs to select different design DIs, and conduct the 

reliability analyses until the desired6b¡is obtained.  Therefore, to calibrate the design DI, 

an iterative process has to be used to achieve a certain level of reliability index for 

different damage states.  Although this process of calibrating the design DI is exact, it can 

be time consuming and impractical.  To overcome this iterative approach used in the 

exact method, a new direct PDCA was developed.   

The direct PDCA was developed by calibrating the design DI for a given 6b¡, 

while calculating the probability of exceeding other DSs (DS3, DS4 and DS5).  The 

direct method is approximate but it can be used quickly with no iteration involved.  The 

methodology used in this method, is inverse of the methodology used for the exact 

method.  In this method, instead of selecting different DIs, and then calculate the6b¡, the 

DI is directly determined for a given target6b¡, which is based on combined probability 

of failure ( EQCF PP Æ ), including the probability of earthquake exceedance and the life 

span of bridge (PEQ).  The development of direct PDCA is described in this chapter.  
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12.2 Objective 

The objectives of developing the direct PDCA were: (1) provide flexibility to 

designers to assign different probability of exceedance of a certain damage state (using 

DIs) given a target 6b¡, and (2) determine the probability of exceedance of other damage 

states while designing a column for a target6b¡. 

12.3 Assumptions and Simplifications 

In developing DPDM, it was assumed that the ȹY and ȹD are independent of 

transverse steel ratio.  In general, the ȹY and ȹD are mostly controlled by the yielding of 

column longitudinal bar and the column period, respectively.  For example, Figure 12-1 

shows ȹD for the SCBs with columns designed for different spiral ratios (0.44% and 

1.05%).  The ȹD was 10.08 in [256.0 mm] and 10.07 in [255.8 mm] for the columns with 

0.44% and 1.05 spiral ratio, respectively.  Whereas ȹY was 3.32 in [84 mm] and 3.51 in 

[89 mm] for the columns with 0.44% and 1.05 spiral ratio, respectively.  This shows that 

the assumptions made was reasonable.  These assumptions are further verified in the 

design example presented for SCBs in Appendix 6.  

12.4 Calibration of Damage Index 

The design DI was calibrated for a given6b¡.  The calibration was performed using 

Eqs. 12-1 to 12-6.   

YC

YD
LDI

D-D

D-D
=  (12-1) 

YC

YD
LID

D-D¡

D-D
=¡  (12-2) 
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(12-5) 

DIDI a=¡  (12-6) 

Where, DI = tentative design damage index, DIǋ = calibrated design damage index 

for a given reliability, LDI  = damage index calculated from earthquake ground motions 

for bents designed for DI, LID ¡ = damage index calculated from earthquake ground 

motions for bents designed for DIǋ, ȹC = ultimate displacement based on DI, CD¡= 

ultimate displacement based on DIǋ, ȹD = displacement demand, ȹY = effective yield 

displacement, L = load, R = resistance, ŭ = coefficient of variation (ů/ɛ), Lm¡ = mean of 

LID ¡, Ls¡ = standard deviation of LID ¡, Lm¡ = mean of LID ¡, Ls¡ = standard deviation of 

LID ¡, and 6b¡¡ = target reliability index corresponding to probability of column failure 

(ὖ ὖ ).  The µR and ůR are the mean and standard deviation of fragility curves of 

damage indices (DIR) developed by Vosooghi and Saiidi (2012).  The µR and ůR for all 

DSs are listed in Table 12-1.  Table 12-2 lists the Lmand Ls of the combined DIL data for 

each bent category (SCBs, TCBs and FCBs). 

Because for a given earthquake level, PEQ is constant, the calibration of DI is 

based on ὖ ὖ  and its corresponding reliability index (6b¡¡).  For example, for a 1000-
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year earthquake, to obtain a desired 6b¡of 3.5, the required combined probability of 

exceedance is equal to 0.000232629 ( EQCF PP Æ = ( )61 b¡F- ) (Eq. 9-11), in which the PEQ 

is equal to 0.072256514 (Eq. 9-9).  Having EQCF PP Æ and PEQ, ὖ ὖ  can be 

calculated as 0.003219489 ( EQEQCF PPP ·Æ ) (Eq. 9-10).  The 6b¡¡ for ὖ ὖ  of 

003219489 is 2.72 (ɮ ὖ ὖ ) (Eq. 9-12).  By plugging 6b¡¡in Eq. 12-5, the 

constant Ŭ can be calculated. 

Having Lm¡ and Ls¡ calculated using Eqs. 12-1 to 12-6, the new reliability indices 

corresponding to DIǋ was back calculated from Eq. 9-8.  Once the new reliability indices 

were calculated, the PEQ was included to calculate the desired6b¡utilizing Eqs. 9-10 to 9-

12.  Table 12-3 lists values of 6b¡¡ to be used to obtain desired6b¡.  The parameters in 

Table 12-3 were defined previously in Section 9.7.   

To demonstrate direct PDCA, various examples are presented in Appendix A6.  

The results of direct method were compared with the exact method.  The results in 

Appendix-6 show that, the direct PDCA was very effective in calibrating the design DI 

and providing flexibility to determine reliability indices for a column designed for 

different damage indices. 

12.5 Reliability Based Design Matrix  

The reliability based design matrix was developed assuming a 1000-year 

earthquake return period.  The design examples presented in Appendix A6 shows that, 

the direct PDCA could be effectively applied to calibrate the design DI.  This design 

example was presented only for SCB.  In order to apply direct method to all types of 
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bents regardless of the number of columns, the design DI was calibrated by combining all 

the data of DIL for different bent categories.  Because the variation in ɓs was not 

significant in the bents with different configurations and steel ratios, the decision of 

combining the data was considered to be reasonable.   

Utilizing direct PDCA, the DIǋ was calibrated for SCBs, TCBs, and FCBs for 

various 6b¡s.  Table 12-4 shows different sID ¡ for various 6b¡s for SCBs.  In this Table, 

for a given 6b¡, the probability of exceedance of other DSs was also investigated.  Because 

the PEQ is implicit in 6b¡, the probabilities of exceeding DSs are very low.  For example, 

for 6b¡of 3.0, the probability of exceeding DS1 is only 7%.  However, the probability of 

exceeding these DSs is much higher when PEQ is not included in the 6b¡ (Table 12-5).  

Table 12-5 shows that, for 6b¡of 3.0, the probability of exceeding DS1 is 100%.  This is 

because the reliability index (ɓ) corresponds to PEQ itself is 1.46.  The ɓ of 1.46 

corresponds to the 7% probability of exceedance.  Therefore, no matter for which ID ¡ 

the column is designed, the probability of exceedance of any given DS will always be 

less than or equal to 7%. 

Similarly, the sID ¡ were calculated for TCBs and FCBs for various 6b¡s.  Tables 

12-6 and 12-7 show different sID ¡ for distinct 6b¡s for TCBs and FCBs, respectively.  

For a given 6b¡, the probability of exceedance of other DSs was also investigated.  Like 

SCBs, the probabilities of exceeding DSs are very low due to the inclusion of PEQ in 6b¡. 

As discussed previously in Chapter 11, the TCBs and FCBs were more reliable 

than SCBs.  Consequently, the sID ¡ calculated for TCBs and FCBs were higher 
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compared to the SCBs designed for the same6b¡.  For example, in SCBs, ID ¡ of 0.38 is 

required to obtain 6b¡ of 3.0 (Table 12-4), while requiring 0.41 and 0.43 for TCBs, and 

FCBs, respectively (Table 12-6 and 12-7), to achieve the same6b¡. 

12.6 Difference between Theoretical and Actual Failure of Columns 

Thus far, in the present study, the ɓs were calculated based on the compressive 

failure of concrete core edge (code-defined failure, which is the theoretical failure).  

Accordingly, the ultimate displacement capacity (ȹC) of the bents was calculated based 

on the compressive failure of concrete core edge in determining DI.  Numerous column 

tests have shown that the ȹC at the actual failure, which is generally associated with 

reinforcing bar fracture and extensive core damage, exceeds the theoretical displacement 

capacity, as shown in Figure 12-2.  Consequently, the reliability indices corresponding to 

the actual failure is higher those based on the theoretical failure.  In order to determine DI 

based on the actual failure, the fragility curves developed by Vosooghi and Saiidi (2012) 

were utilized.  From these fragility curves, it was found that the actual failure 

displacement is approximately 20% higher than the theoretical displacement. The factor 

of 1.2 was calculated by dividing the average of DI6 by DI5 using the resistance fragility 

curves (Vosooghi and Saiidi 2012).  Where, DI6 and DI5 are the damage indices 

correspond to DS6 and DS5, respectively.  For DS6, the average of DI6 was taken equal 

to one.  In the direct PDCA, the ɓs were calculated based on both the core edge failure 

(DS5) and the actual failure (DS6).  To determine bs based on the actual failure, the 

following steps were used: 
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Step 1. Determine the DI corresponding to the actual failure using resistance 

fragility curves.   

DIDI R ³= 2.1  (12-7) 

Step 2.  Determine the mean and standard deviation corresponding to actual 

failure using Eq. 12-8. 

2.1
LR

L

m
m =  

 

(12-8) 

2.1
LR

L

s
s =  

In the above equations, the superscript ñRò represents the actual failure.  In Eq. 

12-8, the load parameters were divided by 1.2 in order to reduce LDI , which 

consequently leads to an increase in ɓ.  Having R

Lm  and R

Ls , ɓs were back calculated 

from Eq. 9-8.   

12.7 Comparison of Reliability Indices Based on Theoretical and Actual Failure 

As discussed in section 12.6, the reliability index based on the actual failure is 

higher for a given designID ¡.  The 6b¡ based on the actual failure was calculated, and 

compared with the one based on theoretical failure. Figures 12-3, 12-4, and 12-5 show 

the comparison of 6b¡ calculated based on theoretical and actual failure for SCBs, TCBs, 

and FCBs, respectively.  It is evident from these Figures that, for a given ID ¡, the 6b¡ for 

actual failure is relatively high.  For example, in SCBs, for design ID ¡ of 0.38, 6b¡is 3.0  

and 3.2 for theoretical and actual failure, respectively (Figure 12-3).  The same pattern 

was observed in TCBs and FCBs (Figures 12-4 and 12-5).   
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These results show that, the reliability based design matrix developed for SCBs, 

TCBs, and FCBs is conservative, indicating a higher safeguard against actual failure.  

To be consistent with the code requirements, it is recommended that, the reliability 

based design matrix based on the theoretical failure rather than actual failure to be 

used. 

12.8 Discussion of Results 

The results show that the direct method can precisely calibrate the design damage 

index for a desired6b¡.  The ID ¡ Tables presented for SCBs, TCBs, and FCBs 

provides flexibility to the structural designers to design a bridge column to reach a 

given DS with a specified reliability level.  For the same 6b¡, ID ¡in multicolumn 

bents was higher compared to SCBs.  This confirms the general perception that 

multicolumn bents are more reliable than single column bents.  Therefore, to achieve 

an optimum reliability index against failure, multicolumn bents can be designed for 

higher probability of exceeding DS3 without causing a concern for failure.  The 

reliability based design matrices developed in this study are based on the theoretical 

failure.  Therefore, these design matrices are conservative and have a higher 

safeguard against actual failure. 
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Chapter 13. Preliminary Development of PDCA for Repaired Bridge Columns 

13.1 Introduction  

Thus far, the PDCA and reliability analysis was used to develop performance 

based seismic design (PBSD) for conventional bridge columns.  In this Chapter, the 

PDCA and reliability analysis were further extended for earthquake-damaged columns 

that have been repaired.  This study focused on columns repaired using carbon fiber 

reinforced polymer (CFRP) jackets.  Retrofitted columns were not included in this study.  

PDCA was developed based on limited experimental test results and engineering 

judgments for repaired columns subjected to various earthquake levels.  Like conventional 

columns, different damage states (DSs) were defined for repaired columns associated with 

varying degree of damage.  In order to define the apparent DSs, the experimental data from 

the study conducted by Vosooghi and Saiidi 2010 was utilized.  The goal of this Chapter is 

to demonstrate the process to use PDCA for repaired columns, realizing that the study is of 

limited scope due to the scarcity of data for repaired columns.   

13.2 Assumptions and Simplifications 

In repaired columns subjected to different earthquake intensities, because the 

column is wrapped with CFRP, the apparent damage states (DSs) are substantially 

different from original columns DSs except for possibly DS6, which is associated with 

column failure.  Even DS6 in repaired columns may be due to the CFRP jacket fracture, 

which is not applicable to original columns.  Generally, the CFRP jacket does not exhibit 

any visit damage until failure.  Therefore, the only visible damage may be noted at the 

jacket gaps provided at column ends to prevent bearing of jacket on the footing or the cap 
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beam.  As a result, pre-failure DSs were investigated based on the type of damage in the 

gap region.  Out of six possible damage states, only two DSs, DS3 and DS6 were defined.  

The other damage states are not applicable for repaired columns.  The DS3 and DS6 

correspond to extensive spalling in the gap region and CFRP fracture, respectively 

(Figure 13-1).  In developing PDCA for repaired columns, it was assumed that, the repair 

was applied to standard columns that have undergone damage states of 1 to 5 (with DS5 

being theoretical failure) to restore their lateral load strength and shear capacity.  

Columns that are repaired after undergoing DS6 (with fractured bars) were excluded.  

Also, repaired substandard columns were not included.     

13.3 Resistance Model for Repaired Columns 

To develop resistance model for reliability analysis, a literature search was made 

to collect the experimental data for repaired columns.  The goal was to gather this data 

and calculate the DIs at different DSs to develop fragility curves (resistance model) for 

repaired columns.  However, comprehensive data could be found only for two repaired 

columns (NHS1-R and NHS2-R) tested in a previous study of Vosooghi and Saiidi.  

These two columns were used to define apparent DSs (DS3 and DS6) and calculate the 

corresponding DIR.  Because DI for DS6 is one, the DIR was only calculated for DS3.  

The DIRs calculated for DS3 were 0.10 and 0.23 for NHS1-R and NHS2-R, respectively 

(Table 13-1).   

The DIRs for repaired columns are lower than the DIRs for conventional columns 

subject to the same DS.  For example, DIR for DS3 in NHS1-R is 0.10 compared to 0.18 

in NHS1 (Table 13-1 and 13-2).  NHS1 and NHS2 were the designation of the original 
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columns (Vosooghi and Saiidi 2010).  It was found that, the DIRs (0.10 and 0.23) 

calculated for repaired columns (NHS1-R and NHS2-R) for DS3, fall in the range of DS2 

in original standard columns (Figure 13-2).  This is attributed to the lower initial stiffness 

of repaired columns. Therefore, the DIR fragility curve for DS2 in conventional columns 

was utilized as a resistance model for DS3 in repaired columns for reliability analysis. 

13.4 Analytical Model 

To demonstrate the applicability of PDCA to repaired columns, a cantilever single 

column bent was designed (original column), and then repaired with CFRP (repaired 

column).  The properties of the original column (undamaged) used in this study are listed 

in Table 13-3.  Because DS3 in repaired columns is equivalent to the DS2 in conventional 

columns with respect to DI, the column was repaired to be at 50% probability of 

exceeding DS3 with DI å 0.15 (Table 10-20).  The DI of 0.15 corresponds to the 50% 

probability of exceeding DS2 in conventional columns. The expected material properties 

were used in the analyses (cf¡ = 5 ksi [34.5 MPa] and yef  = 68ksi [468.8 MPa]).   Figure 

11-10 (Chapter 11) was used for stress-strain relationship of steel in the original column. 

13.4.1. Modification of Steel Properties 

In damaged columns under cyclic loading, the stress-strain properties of steel 

become different from those associated with purely tensile or compressive stress.  This is 

known as the Bauschinger effect (Kent & Park 1973) and results in lowering of the 

reversed yield stress and the reversed stiffness (Figure 13-3).  The column was assumed 

to have been damaged to DS5 prior to repair.  A tri-linear stress-strain relationship 

proposed by Vosooghi and Saiidi was used for the repaired column longitudinal bars 
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(Figure 13-4).  The slope of the first branch was calculated as a fraction of the steel 

modulus of elasticity.  In their study, the modification factor (a) was determined based 

on the damage state.  For instance, the factor of 0.2, 0.5, and 0.67 were proposed for DS5, 

DS3, and DS2, respectively.  In the present study, a equal to 0.2 was used.  In Figure 13-

4, Point A represents the yield stress and the strain associated with the modified stiffness.  

The second branch connects Point A to Point B.  Point B is related to the maximum strain 

in longitudinal steel (MLS) at the given damage state.  The third branch connects Point B 

to the ultimate point (Point C).  Table 13-4 lists the parameters of the modified stress-

strain relationship for the repaired columns.  Figure 13-5 shows the modified stress-strain 

relationship for steel used for the repaired column.   

13.4.2. CFRP Confined Concrete Properties 

It was assumed that the spiral contribution to confinement in the repaired columns 

is negligible at DS5 (Vosooghi and Saiidi 2010).  Therefore, the concrete properties of 

the repaired columns were determined based on CFRP confined concrete properties.  

Saiidiôs (Saiidi et al. 2005) bilinear stress-strain relationship for CFRP-confined concrete 

was used in this study.  To define the bilinear relationship, the coordinate of the break 

point and the ultimate point were determined.  At the break point, the strain was assumed 

to be at 0.002 and the stress was found as follows: 

jcfcco Eff r003.0+¡=¡  (13-1) 

Where cfr  is volumetric ratio of CFRP jacket, Ej is elastic modulus of CFRP, and 

cf¡ is the unconfined concrete strength.  The ultimate strain and stress were determined 

using the following equations: 
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(13-2) 

7.05.3 rccu fff +¡=¡  [ksi] (13-3a) 

7.02.6 rccu fff +¡=¡  [MPa] (13-3b) 

Where Ůcu is the ultimate strain, cuf¡ is the ultimate stress, fr is the confinement 

pressure, and Ůj is the jacket strain.  Saiidi et al. (2005) recommend 50% of the failure 

strain of CFRP for the jacket strain to account for the fact that jacket failure strain is 

typically lower than the ultimate strain obtained in coupon testing of FRP.  Unidirectional 

CFRP fabrics with fibers in the horizontal direction were used in the analysis.  

Unidirectional CFRP fabrics produced by the FYFE Co. SCH41/Tyfo S, with fibers in 

the horizontal direction were assumed.  The material properties of CFRP fabrics used are 

shown in Table 13-5.  Because in practice, the cover concrete and the edge of core 

concrete are replaced with the repair mortar, the CFRP confined properties were 

calculated for core and cover concrete separately using the original concrete and repair 

mortar properties, respectively.  The nominal strength of 4 ksi [27.6 MPa] was used for 

repair mortar.  The properties of CFRP confined concrete are listed in Table 13-6. 

13.4.3. Moment Curvature Analysis 

Moment-curvature analyses were conducted to calculate strains required for bond-

slip calculations.  The modified Wehbeôs method (Section 11.4.3) was applied for bond-

slip calculations.  Xtract was used in the analyses (Chadwell 2007) utilizing the modified 

steel properties and the CFRP confined concrete properties.  The moment-curvature 

relationships for the original and repaired column are plotted in Figure 13-6.  Since the 
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column was repaired after reaching DS5 (compressive failure of core concrete edge), the 

moment curvature analyses were also continued until the ultimate strain in core concrete 

was reached.   

13.4.4. Column Design 

Initially the column was designed for site class D under 1000-year earthquake 

level.  The column diameter and height of 6 ft [1829 mm] and 30 ft [9144 mm] were 

used.  The column was designed for 2% longitudinal steel ratio.  This column was served 

as the original column (undamaged).  Later, it was assumed that the original column 

underwent DS5.  The longitudinal steel properties of the original column were modified 

to reflect the softening due to damage to the original column (Section 13.4.1).  Finally, 

the repair was designed for a target DI of 0.15.  The properties of the repaired column are 

listed in Table 13-7. 

The DI was calculated using elasto-plastic pushover curve based on SDC 3.1 

(Caltrans 2010).  By utilizing SDC 3.1.3 (Caltrans 2010), the columns were designed 

based on their rotation capacity determined from moment curvature analyses.  The 

general procedure used to design the bent for the target DI was explained in Section 

11.5.1.  Seismic displacement demands were determined based on the rule of ñequal 

displacementò and the effective stiffness of the column.  The idealized force-

displacement relationship for the original and repaired column is plotted in Figure 13-7. 
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13.5 Load Model for Repaired Columns  

To develop a load model, non-linear dynamic analyses (NLDA) were conducted.  

SAP 2000 was utilized to perform the analyses.  The column was analyzed under 10 far 

field and 15 near field ground motions (GMs).  The GMs were scaled at the fundamental 

period of the column.  For each GM, the maximum displacement demand was 

determined, and subsequently DIL was calculated.  Table 13-8 lists the displacement 

demands (ȹD) and DILs of the repaired column designed for DI of 0.15, and analyzed 

under 1000 years earthquake level for site class D.  Because in some cases the 

displacement demand imposed by the ground motions was less than the column effective 

yield displacement, the DIL in these cases was a negative value (Table 13-8). 

To model the scatter in DILs, a fragility analysis was conducted (Figure 13-8).  To 

develop the fragility curve, cumulative lognormal distribution function was used.  

Because lognormal distribution is not defined at negative values, such values were 

excluded from the fragility analysis.  The Smironov-Kolmogorov goodness-of-fit test 

(Massey et al. 1951) was used as acceptance criteria for lognormal distribution.  In the 

Smironov-Kolmogorov test, the hypothesis that the data has lognormal distribution is 

accepted if all test data points in the load model lie between the lower and upper 

confidence limits (LCL and UCL).  This fragility curve served as the load model in the 

reliability analysis.  
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13.6 Reliability Analysis 

By utilizing the resistance and load fragility curves, the reliability analysis was 

conducted.  The reliability index was calculated for DS3 and DS6.  To calculate the 

reliability index, Eqs. 9-8 to 10-12 were utilized.  The level of reliability index calculated 

for DS3 ( 3'b ) and DS6 ( 6'b ) was 1.67 and 2.96, respectively (Figure 13-9).   

The results show that, the reliability index against failure is 3.0, when the column 

was repaired for 50% probability of exceeding DS3 (DI = 0.15) under 1000-year 

earthquake, whereas in the original column with the same height, diameter, and 

earthquake return period, the reliability against failure was 3.3 (Figure 11-22).  Note that 

the original column was designed to be at 50% probability of exceeding DS3 (DI = 0.35).  

The results show that, for the same probability of exceeding DS3, the failure reliability 

index in the repaired column is lower than that of the original column.  Inversely, the 

results suggest that, to accomplish the same reliability against failure, the repair should be 

designed for a smaller DI. The PDCA procedure provided herein is based on very limited 

information about the damage progression in repaired columns.  The findings from this 

limited study should be considered to be tentative.  Nonetheless, the procedure can serve 

as a framework, which could be further refined in the future as more data for repaired 

columns becomes available.   
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Chapter 14. Summary and Conclusions 

14.1 Post-Earthquake Damage Repair of Reinforced Concrete Bridges 

This study was conducted to develop post-earthquake repair methods using 

carbon fiber reinforced polymers (CFRP) and probabilistic damage control approach 

(PDCA) for reinforced concrete (RC) bridges.  To develop repair methods, first the repair 

objectives were defined.  To define repair objectives, internal earthquake damage was 

quantified and correlated to a series of visible damage states (DSs).  Damage states for 

bridge columns were used as the basis for other bridge components.  Several studies have 

been conducted on repair of reinforced concrete (RC) columns subjected to seismic 

loading. Previous research on repair of bridge columns was expanded to develop repair 

methods using CFRP materials for other earthquake damaged RC bridge components 

with distinct damage levels.  Methods to repair bridge components such as abutments, 

shear keys, girders, columns, and cap beam-column joints were developed in a 

systematic, step-by-step format.  Repair methods developed were based on the visual 

damage evaluation with no non-destructive testing involved to expedite decision making. 

Because DSs in bridge column were used as the basis for other bridge 

components and the degree of damage in columns is probabilistic in nature depending on 

the uncertainties in seismic demand and response, in addition to bridge repair, a PDCA of 

bridge columns was developed.  Bridge components other than columns are designed to 

remain essentially elastic during earthquake.  Therefore, the PDCA in the present study 

was focused on columns.  PDCA was developed for both conventional standard columns 

and the columns that have been repaired.   
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PDCA method for bridge columns was developed by incorporating reliability 

analysis to evaluate the structural performance of bridge columns under a given seismic 

hazard.  Each performance level was quantified by correlating it to a possible apparent 

damage state (DS).  Subsequently, each damage state was correlated to an associated 

damage index (DI).  The fragility curves that correlate DSs with DIs were utilized 

(Vosooghi and Saiidi 2012).  An average DI from fragility curves was selected.  A 

comprehensive design matrix was developed to correlate the performance objective with 

bridge category, earthquake return period, and bridge response parameter (DI).  Both 

qualitative and quantitative performance levels were defined in the matrix.  The PDCA 

was developed for single column bents (SCBs), two-column bents (TCBs), and four-

column bents (FCBs).  Each bent was designed for a predefined performance level (or 

DI) under the design earthquake.  The global goal of this study was to provide flexibility 

to designers to design a bridge column for different probability of exceedance of certain 

DS and determine the reliability index against failure (6b¡) or design the column for a 

target reliability index against failure (6b¡) and determine the probability of exceedance 

of different DSs.  Because the knowledge of probability of exceedance of non-failure 

damage states that still require repair (DS3 to DS5) is also important from repair and 

down time prospective, the reliability against these DSs was also investigated while 

designing a column for a desired 6b¡.   

To accomplish objectives of this study, the study was composed of seven parts as 

discussed in the following paragraphs. 
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In the first part, detailed review of past earthquake damage and repair practice 

was conducted.  There was a relatively large amount of information available for repair 

of bridge columns compared to other bridge components.  In addition to columns, an 

attempt was made to obtain records of post-earthquake damage repair for other bridge 

components around the world.  The past bridge repair work documented by Caltrans in 

various bridge books was found to be the most comprehensive.  In other countries, post-

earthquake damage repair methods and repair objectives were not generally documented.  

Even though repair methods and records could not be obtained from other countries, the 

bridge earthquake damage records and their evaluation methods were reviewed.  Finally, 

all the reviewed past earthquake damage and repair data that were presented in various 

tables to categorize and rate the extent by which they can be used in development of a 

general repair guideline and to identify gaps in repair methods. 

In the second part of the study, practical methods were developed to access the 

condition of earthquake damaged bridge structural components in terms of apparent 

DSôs.  Earthquake damage was quantified and correlated to a series of visible DSôs.  

Upon consultation with Caltrans engineers, a uniform definition of apparent DSôs that 

had been developed for bridge columns in a previous study at UNR (Vosooghi and Saiidi 

2010) was used as the basis for other bridge components, with the understanding that not 

all DSôs are applicable to all components. 

The third part consisted of developing repair design recommendations and design 

examples to aid bridge engineers in quickly designing the number of CFRP layers and the 

necessary bond transfer length based on the apparent DS.  Unidirectional CFRP fabrics 
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were used to develop repair methods.  Because ACI 440 .2R-08 method of calculating the 

effective strain in CFRP for sided boned FRP configuration was iterative and found to be 

time consuming, a new simple equation was developed to calculate the effective strain in 

the CFRP.  The equation was extensively evaluated for a wide range of parameters.  The 

results showed good agreement with ACI 440.2R-08 results.  Hence, the proposed simple 

method was adopted in the repair design recommendations.  In cases where the extent of 

damage precludes an economically feasible repair, reconstruction of damaged bridge 

component was recommended.  Because of limited database for bridge components other 

than columns, many simplifying and conservative assumptions were made about the 

residual capacity of damaged components. 

In the fourth part, to develop PDCA for bridge columns, a statistical distribution of 

the resistance parameter (DIR) was determined.  To determine statistical distribution of 

DIR, the updated fragility curves to reflect the expansion of column database were 

utilized (Section 10.7).  The statistical distribution of DIR was developed by using 

statistical analysis (resistance model) of over 140 response data measured from testing of 

22 bridge column models subjected to seismic loads. 

In the fifth part, a load model was developed to conduct reliability analysis.  To 

develop a load model, extensive analytical modeling of seismic response of many SCBs, 

TCBs, and FCBs bents was conducted.  To account for uncertainties in the reliability 

analysis, a wide range of column variables such as the aspect ratio, support conditions, 

longitudinal steel ratio, site class, distance to active faults, and the number of columns per 

bent were included in the study.  Each bent was analyzed under 25 earthquake records 

consisting of 15 near-field and 10 far-field ground motions.  For each ground motion, the 
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maximum displacement was determined and consequently DIL was calculated.  A large 

database of DIL for SCBs, TCBs, and FCBs was generated.  Utilizing this database, a 

fragility analysis was conducted for SCBs, TCBs, and FCBs to develop load model.  After 

having the resistance and load models, reliability analysis was conducted.   

In the sixth part, the reliability analysis results were investigated and a direct 

probabilistic design method was developed to calibrate the design DI for a desired6b¡.   

Finally, an exploratory study was conducted to extend the PDCA and reliability 

analysis approach to earthquake-damaged columns that have been repaired.  This part of 

the study was focused on columns that are repaired using carbon fiber reinforced polymer 

(CFRP) jackets.  Retrofitted columns were not included in this study.  Neither were 

columns that have been repaired after fracture of reinforcing steel.  The goal of this 

exploratory study was to demonstrate the process to use PDCA for repaired columns, 

realizing that the study is of limited scope due to the scarcity of data for repaired columns. 

PDCA was developed based on limited experimental test results and engineering 

judgments for repaired columns subjected to various earthquake levels.  Like conventional 

original (not repaired) columns, different damage states (DSs) were defined for repaired 

columns associated with varying degree of damage.  In order to define the apparent DSs, the 

experimental data from the study conducted by Vosooghi and Saiidi 2010 was utilized.   
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14.2 Recommendations and Conclusions 

The following sections discuss the conclusions and recommendations that were 

drawn based on this study. 

14.2.1.  Bridge Repair 

1. There was a lack of systematic, step-by-step repair procedure for repair of 

earthquake-damaged ridge components.  While the limited repair methods documented 

by Caltrans for bridge components damaged in past earthquakes are useful, their 

application cannot be generalized because the methods are not based on residual capacity 

of bridge components at a given damage. 

2. Because generally bridge columns undergo a wide range of apparent damage 

states, uniform definition of damage states developed for columns can be used as a basis 

to select damage states that are applicable to other bridge components. 

3. The proposed simple method to determine the effective strain in CFRP leads to 

results that are very close to those from ACI 440 2R-08.  The proposed equation is 

preferred because it is non-iterative.   

4. Repair of severely damaged shear keys provides an opportunity to change the 

mode of failure to a more predictable failure pattern.  The shear key repair method 

developed in the present study prevents extension of any future shear key failure to the 

abutment wall.   

5. Replacement is recommended for severely damaged bridge girders.  The present 

study revealed that, once the loss in strand contribution to flexural strength is more than 

20%, it is not practical to restore the original flexural capacity of the girders. 
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6. Unless there is significant reduction in the abutment wall height due to failure or 

significant permanent rotation due to out of plane bending, abutment walls with fractured 

bars may be repaired by replacing fractured or buckled portion of the bars using new bars 

and service couplers as defined by Caltrans and using information that has become 

available recently from cyclic load studies of reinforced concrete columns with couplers 

in plastic hinges.  Alternatively CFRP fabrics with fibers in the horizontal and vertical 

directions may be used to restore the strength of the wall.   

7. Because bridge joints are critical elements that should be capacity protected, even 

joints with moderate damage are recommended to be replaced.  Repair methods for lower 

damage states were developed in the present study.   

8. Repair methods were developed for severely damaged columns based on residual 

capacity models.  For the less severely damaged columns, the available literature 

provides sufficient repair design guidelines.   

14.2.2. Performance-Based Probabilistic Damage Control Approach 

1 The PDCA for bridge columns provides flexibility to engineers to (a) design 

columns for different probability of exceedance of certain apparent damage state that is 

correlated to a quantifiable damage index,  or (b) design the column for a given target 

reliability against failure and determine probability of exceedance of other damage states. 

2 Even though the design damage index was calibrated for the bents based on 

desired target reliability index, 6b¡, the reliability indices for lower damage states  are 

useful in providing a vision of damage and repair that can be expected when the bent is to 

be designed for a desired6b¡. 
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3 The reliability indices against failure were calculated as 3.1, 3.2, and 3.3 for 

single column bents (SCBs), two column bents (TCBs), and four column bents (FCBs), 

respectively.  The present study shows that ɓ6 is higher than 3.0 when bents are designed 

for 50% probability of exceeding DS3 (DI = 0.35) under 1000-year earthquake.   

4 The reliability index against failure in multicolumn bents is slightly higher than 

that of single-column bents.  This confirms the general perception that multicolumn bents 

are more reliable than single column bents.  The results show that, multicolumn bents can 

be designed for higher probability of exceeding DS3 without concern for failure.   

5 In general, the effect of different steel ratios, support conditions, and aspect ratio 

on the reliability index was insignificant except in cases where the column design was 

controlled by shear. 

6 The results show that, the effect of design earthquake return period on the 

reliability of the structure is insignificant.  This is because the lower probability of 

exceedance for longer return periods balances the higher demand for these earthquakes. 

7 The reliability-based design matrices developed in this study are based on the 

theoretical failure (start of concrete core damage).  Therefore, these design matrices are 

conservative and have a relatively high safeguard against the actual failure (bar fracture 

and/or major concrete core damage). 

8 It was found that, the DIR calculated for repaired columns for DS3, falls in the 

range of DIR for DS2 in original standard columns.  This is attributed to the lower initial 

stiffness of repaired columns.  

9 The results show that, the reliability index against failure is 3.0, when the column 

was repaired for 50% probability of exceeding DS3 (DI = 0.15) under 1000-year 
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earthquake.  Whereas in the original column with the same height, diameter, and 

earthquake return period, the reliability against failure was 3.3.  This shows that, to 

accomplish the same reliability index against failure (6b¡), the repair should be designed 

for a relatively low design DI.  

10 The PDCA procedure developed for repaired columns is based on very limited 

information about the damage progression in repaired columns.  Nonetheless, the 

procedure can serve as a framework which could be further refined in the future as more 

data becomes available. 
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Chapter 2. Tables 

Table 2-1.  Bridge damage and repair of San Fernando Earthquake (1971). 

 

 

 Bridge 

Number 

 

Bridge 

Component 

Damage Description Repair 

SF 53-1012 

 

 

 

 

Abutment wall  

 

 

Footing 

Minor damage to abutment wall. 

 

 

Minor damage to abutment 

footing. 

The damage was repaired by injecting 

epoxy in cracks. 

 

The damage was repaired by injecting 

epoxy in cracks and recasting small 

sections of broken footing. 

 

SF 53-1896 
 

Column 

 

 

 

 

 

 

 

 

Footing 

Columns at bents 4, 5 and 6 were 

out of plumb. 

 

 

 

 

 

 

 

Most of the columns and their 

footings were badly cracked and 

spalled. 

All support footings were exposed by 

excavating soil and the columns of bents 4, 

5 and 6 were plumbed by pushing the 

structure by applying 30 kip force by a 

ñgraderò against the top of the bent.  Bents 

2&3 were slightly out of plumb but efforts 

to plumb them failed since they were 

shorter and stiffer.  

 

Cracked and spalled concrete were 

repaired by injecting epoxy and patching 

with epoxy bonded Portland cement 

concrete (PCC), respectively. 

 

SF 53-1924 

R/L  

 

Wing wall 

 

 

 

Piles 

 

 

The wing walls were broken and 

lost their integrity with the 

abutment.  

 

Piles were damaged due to the 

movement of superstructure in 

vertical as well as in transverse 

direction.  

 

Wing walls were removed and re-casted. 

 

 

 

A new foundation consisting of a 

diaphragm abutment on CIDM piles was 

casted behind each existing abutment and 

keyed and doweled to the existing 

diaphragm.   

 

SF 53-1925 

 

Abutment wall 

 

 

Bent 

The abutment walls at abutment 1 

and 7 were sheared off.  

 

At bents 2, 3, 4 and 6 the columns 

were spalled at the soffit but 

sound at the footing.  Bent 5 was 

badly spalled for 3 to 4 feet above 

the footing with l exposed steel 

bars.  Columns at bent 4, 5 and 6 

were slightly out of plumb.   

 

Re-casted abutment walls. 

 

 

The cracked concrete and spall at the 

columns were repaired by injecting the 

cracks with epoxy and patching the spalls 

with epoxy bonded mortar.  For Bent 4, 5 

and 6, the footings were exposed by 

excavating soil, and the columns were 

partially plumbed by applying the 

controlled force near the top of the 

columns.  The columns were temporarily 

anchored in the desired position until the 

superstructure was re-casted.  Also the 

concrete jacket was placed over the 

damaged portion of the columns. 
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Table 2-1. (Continued) 

SF 15-1936 

RL 

 

Abutment Wall 

 

 

 

Column  

 

Abutment had minor spalling, and 

vertical and diagonal cracks. 

 

 

Minor cracking and spalling at 

the top of the column. 

All cracks were sealed with epoxy 

injections.  Removed and replaced the 

unsound concrete. 

 

Chipped out all spalls and cracked 

concrete and patched with epoxy bonded 

mortar. 

 

SF 53-1963 

 

Abutment Wall 

 

 

 

 

 

 

 

 

 

 

Pier 

 

 

 

 

 

 

Hinge 

 

The abutment wall was cracked 

and spalled throughout the width 

of the bridge. These cracks were 

extended through to the back face 

of the abutment. The abutment 

had one diagonal and one vertical 

crack. The CIDH piles were 

cracked and several appear to be 

cracked at the connection to the 

abutment wall. 

 

There were heavy diagonal 

cracks. There was no evidence of 

damage to the pier beyond the 

plane of reinforcement except for 

thin cracks extending into the 

concrete. 

 

Most of the hinges experienced 

concrete spalling at seat width.  

A temporary support was constructed and 

rebuilt the abutment wall below soffit 

elevation and also repaired top of piles as 

necessary.  All cracks were epoxy 

injected. 

 

 

 

 

 

 

All cracks were epoxy injected, and re-

casted the concrete removal area with 

epoxy bonded mortar. 

 

 

 

 

A temporary bent was constructed under 

the hinge to jack up the seated section to 

allow for repair and restoration of the 

hinge. Removed the damaged portion of 

spalled concrete. Rebuilt the seated 

section of the hinge as necessary. Also 

installed new hinge restrainer unit. 

 

SF 53-1964 

 

Hinges 

 

 

Deck  

 

 

Column 

 

Opening in the hinges from ¼ 

inch to 2-1/4 inch.  

 

Spalling in the deck. 

 

 

Cracking in the soffit near pier 3.  

 

Added restrainer units to the hinges.   

 

 

Repaired all spalls (no information about 

repair method is provided). 

 

All  cracks were filled with epoxy. 

SF 53-1965 

 

Pier cap 

 

 

 

Exterior shear 

key 

 

Pier 2, 3 and 4, had vertical hair 

line cracks along the faces of the 

pier caps. 

 

Complete failure of a shear key at 

abutments.  

 

No repair information was given. 

 

 

 

The shear key was removed and rebuilt. 
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Table 2-1. (Continued) 

 Abutment Wall 

 

 

 

Deck  

Diagonal cracks at the abutments. 

 

 

 

Cracked concrete in the deck. 

Removed all unsound concrete at spalls 

and cracked concrete region and replaced 

with epoxy bonded PCC. 

 

Removed all unsound concrete at cracked 

concrete region and replaced with epoxy 

bonded PCC. 

 

SF 53-1983 

 

Deck 

 

 

 

Abutment wall  

 

 

 

 

Footing 

Major cracking in the deck. 

 

 

 

Cracking and spalling of the 

abutment wall.  

 

 

 

The footing was cracked. The 

footing steps were cracked at 

some locations. 

Removed and replaced the damaged 

portion of the deck.  All cracks were 

epoxy injected.  

 

Removed and replaced loose concrete 

from damaged sections of abutment wall 

and re-casted with epoxy bonded mortar.  

All cracks were epoxy injected.  

 

Removed and replaced the cracked footing 

steps.  All cracks were filled with epoxy.  

It was also recommended to remove 

structure backfill as required to complete 

repair works.  

 

SF,53-1986 

 

 

 

 

 

 

 

 

Bent 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Footing 

 

 

Bent 2 was damaged at the top.  

There were numerous cracks in 

the column. 

 

Bent 3 was heavily cracked and 

spalled on the corners for the 

bottom 4 feet. 

 

 

Bent 4 column was severely 

cracked and spalled for the bottom 

12 feet. 

 

 

Bent 6 was heavily cracked and 

spalled for the bottom 6 feet. Top 

of the column had some cracking.   

 

 

 

 

 

Bent 5 footing was completely 

cracked and exposed piles show 

spalling at the top. 

 At bent 2 all cracks were epoxy injected. 

 

 

 

At bent 3 damaged portion of the column 

was removed and reconstructed but 

remain existing longitudinal 

reinforcement.   

 

At bent 4 damaged portion of the column 

was removed and reconstructed but 

remain existing longitudinal 

reinforcement.   

 

Bent 6 was jacked up to relieve the load 

on the column.  The bottom 6 feet of bent 

6 was removed and the ties were replaced 

in more quantity than the original amount. 

The bottom of the column was replaced 

with collar approximately 2feet larger than 

the original column dimensions.  

 

Pier 5: Removed and reconstructed 

footing. 
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Table 2-1. (Continued) 

 

 

 

 

 

 

 

 

Abutment Wall 

 

 

 

 

 

 

 

 

 

 

 

 

Hinge 

Abutment 1 was heavily damaged 

by the earthquake.  It was tilted 

out of plumb.  The corners and 

joints where the soffit and 

abutment meet were completely 

Pulverized. Grade lines for the 

bridge and wing-walls no longer 

matched.  

 

Abutment 8 was tilted out of 

plumb.  Abutment wall showed 

cracking and spalling. 

 

Damage occurred at the hinge 

where longitudinal and transverse 

movement took place. 

 

Both abutments 1 and 8 were removed and 

replaced.   

 

 

 

 

 

 

 

 

 

 

 

Hinge was repaired by installing 

restrainers.  

 

SF 53-2166 

R/L  

 

Abutment wall 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Abutment 

footing and 

shear key 

Abutment walls #1L and #2R 

were severely cracked. Abutment 

#1L footing moved down station 

11 inch on the left side and 6.5 

inch on the right. The entire 

abutment and footing moved to 

the left by approximately 2 feet. 

 

 

 

 

 

 

 

 

The left end abutment #2L was 

fractured and only hairline cracks 

were visible on right one half of 

this wall. 

 

 

 

 

Abutment #1L footing shear key 

was torn off from top of footing. 

 

Abutment walls #1L and #2R were 

removed from top of footing to soffit line. 

These walls were removed in 8 feet 

sections spaced on 16 feet center. 

Additional reinforcing steel were added. 

These sections were replaced with the 

width of wall being increased to 2.5 feet. 

Expansion paper 1inch thick was placed on 

the top of footing to ensure that only 1.25 

feet of wall was bearing on center portion 

of footing. After these replaced sections 

had reached required strength, the 

remainder sections were removed and 

replaced. 

 

Only the fractured concrete portion of 

abutment #2L wall was removed. The left 

end of wall was removed from top of the 

footing to soffit line and replaced to same 

thickness as original wall. The hair line 

cracks were injected with two component 

epoxy. 

 

The cracked left end of #1L footing and 

end shear key was removed and the footing 

was patched.  Also additional reinforcing 

steel was added to the footing.  
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Table 2-1. (Continued) 

SF 53-2171 

 
Abutment Wall 

 

 

 

 

 

 

 

Column 

 

 

 

 

 

 

 

Abutment 

footing and 

shear key 

 

The ends of abutment walls were 

severely cracked and spalled. The 

back face of the abutment wall 

was also cracked. The cracks 

were not visible on the front face 

of the wall. 

 

 

The left column at bent 2 had 

cracked concrete at top and 

bottom region. The cracks were 2 

feet long and penetrated to the 

depth of main reinforcing steel.  

At bent 3 both columns had 

spalled concrete at the top. 

 

The left end shear key and end of 

abutment footing were torn off.  

 

The cracks and the spall in the abutment 

walls were patched and then injected with 

two component epoxy. The epoxy was 

injected into walls via short pieces of 

copper tubing ¼ inch in diameter. This 

tubing was inserted into cracks during 

patching operations. 

 

The cracked concrete in the columns was 

removed and replaced. 

 

 

 

 

 

 

The left end shear key and the end of the 

footing were removed and replaced. 
 

SF 53-2200 

 

Bent cap 

 

 

 

Footing 

 

 

 

 

 

 

Bent 

 

 

Hinges 

 

 

 

Footing 

 

 

 

 

Bent caps at bents 2, 10 and 11 

were severely cracked with ¾ 

inch wide cracks on both sides.   

 

The pedestals at bents 2, 10 and 

11 were cracked. These cracks 

were 1/16 inch wide on each side 

of columns at pedestal top and 

went downward at 45 degrees 

toward center line of columns. 

 

Bent 2 column had flexural 

cracks.  

 

The hinges were cracked. Each 

hinge had two cracks.  The cracks 

were 1/8 inch wide at top. 

 

Abutment 1 footing moved 3 inch 

to the right and 8 inch up. 

The bent caps were removed and replaced. 

 

 

 

The cracks in the pedestal were injected 

with two component epoxy. The collars 

were placed around each footing after 

cracks were epoxy injected. 

 

 

 

The cracks in the column were injected 

with two component epoxy. 

 

The hinges were injected with two 

component epoxy. 

 

 

Abutment 1 footing was increased in size 

so that the abutment wall not to be bearing 

on one edge. The footing reinforcing steel 

was extended by drilling holes in the 

footing and epoxy grouted. The space of 3 

inch wide in stepped footing was filled 

with concrete. 
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Table 2-2.  Bridge damage and repair of Loma Prieta Earthquake (1989) 

 

 

 

 

 

 Bridge 

Number 

 

Bridge 

Component 

Damage Description Repair 

L 28-0171 

 
Pile shafts The pile shafts at bents 4, 5, 6 and 

8 had cracks at the top and these 

cracks extending 2 feet down 

from the deck soffit. Bents 2 and 

3 had cracks extending from 

ground up to the soffit level 

 

All cracks were epoxy injected. 

L 28-0218 

 
Abutment  Wall 

 
Minor Spalling at the abutment.  

 
No repair information was given. 

L 33-0061 

 

 

Bent 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Several bents suffered minor to 

major flexural/shear cracks and 

spalls.  

 

Bent MB 25 had a series of major 

flexural and shear cracks, and 

spalling starting at 10 feet above 

the ground.  Also one longitudinal 

reinforcement bar was buckled. 

 

 

 

 

 

 

Removed all loose concrete, patched the 

spalls and the cracks were epoxy injected. 

 

 

2 inch of column core was taken out at the 

cracked portions of the column and it was 

found that the column core was intact. The 

concrete was stripped down to the main 

vertical reinforcing steel all around the 

column up to 18 feet height.  Additional #5 

hoops were placed at 5 inch spacing and 

spliced with OS splice clips in damaged 

area and then covered with air blown 

mortar.  

 

Deck 

 

 

 

There were numerous medium to 

large size cracks and spalls in the 

deck. 

 

All loose concrete was removed and 

patched the spalls on the deck. 

 

 
Footing 

 
 

 

 

 

 

 

The earthquake movement has 

left a gap between the supports 

and adjacent earth at many 

locations at abutment.  The back 

of the abutment footing had 

settled more than the front 

causing abutment rotation 

 

No repair information was given. 

 

 

 

 

 

 

 

Back wall 

 

 

 

The abutment MB 1 back wall 

was damaged. (Damage detail 

was not given) 

 

The upper 18 inch of the back wall was 

rebuilt.  #4 stirrups were added along with 

2-#4 continuous bars in the top of the wall.  

 
Restrainer 

 
Several earthquake restrainer 

cables were damaged. 

 

Replaced the existing earthquake 

restrainers. 
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Table 2-2. (continued)  

L 33-0126 

 
Bent 

 

 

 

Abutment  Wall 

 

Major cracking and spalling was 

experienced at Bent JL 27 and 52, 

at the column bases.  

 

Concrete spalling at the abutment 

wall.  

 

Cracks epoxy injected and spalls dry pack 

repaired. 

 

 

Spalls were repaired with dry pack and #3 

stirrups at 6 inch epoxied into holes drilled 

in abutment.  

 

L 33-0483 

 
Bent 

 

 

 

 

 

 

 

 

Bent cap 

 

 

Deck 

 

 

 

Abutment wall 

 

Shear keys 

 

Bent 38: The bridge had sustained 

major structural damage to this 

outrigger bent. The movement 

was such that the major 

reinforcement at the corners of 

the outrigger has undergone 

plastic deformation forming a 

hinge at the corner.  

 

Multiple shear cracks were 

experienced at bent 35 and 38.  

 

At bent 38, crack in the deck were 

approximately 1/32 inch ï 1/16 

inch width.  

 

Spalling at the abutment wall. 

 

Failure of abutment external shear 

key.   

Damaged concrete was removed and re-

casted.  

 

 

 

 

 

 

 

No repair information was given. 

 

 

No repair information was given.  

 

 

 

Repaired by dry packing with cement. 

 

No repair information was given. 

L 34-0055 

 
Bent 

 

 

 

 

 

 

Deck 

 

At most of the bent, there were 

shear cracks at the top of the 

column.  

 

 

 

 

Spall in the deck. 

 

After shoring the bridge, earthquake 

damaged concrete was removed, 

reinforcing steel was cleaned and it was 

recommended that new earthquake 

mitigation measures can be installed if 

required by design. 

 

No repair information was given.  

L 34-0077 

 
Bent 

 

 

 

 

 

 

Bent cap 

 

Bents 42, 43, 44, 45, 46, and 48 

had similar cracking patterns 

which consisted of mostly heavy 

and medium shear cracks.  Some 

columns exhibit extensive 

spalling, loss of concrete and 

rebar bond.  

There were vertical and diagonal 

cracks on the face of the bent cap.  

 

It was recommended to place false work 

adjacent to distressed columns.  But no 

repair design information was provided. 

 

 

 

 

Support was placed under girder.  Area of 

spalled concrete was removed from the 

bent cap under each bearing plate. 
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Table 2-2. (continued) 

  These cracks were extended from 

the bottom to approximately the 

mid height of the cap. 

 

Sand blasted any rusty steel. Drilled holes 

and steel bars were hooked into the face of 

the bent cap and new concrete was re-

casted. 

L 34-0100 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Bent cap 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Outrigger Joint 

 

 

 

Restrainer 

 

 

 

 

 

Bent 31:  Diagonal cracks in the 

bent cap. 

 

Bent S2-41:  There were 

moderate to severe vertical and 

diagonal cracks in the outside 

corner areas of the bent cap. 

 

Bent A32:  There was 6 inch wide 

spall on the top right side of the 

bent cap, which runs diagonally 

towards the bent cap column 

corner.  

 

 

 

 

Bent N 35:  The top of the 

outrigger on both sides of the bent 

#3 was severely damaged.  

 

Hinge A 44:  Suffered a 

longitudinal movement and 

longitudinal earthquake 

restrainers were broken in the 

exterior bays.  

 

Sealed the cracks with epoxy. 

 

 

Chipped away loose concrete. Applied 

sand blast to clean the area to seal cracks 

with epoxy. 

 

 

Removed damaged corners and replaced 

with new concrete.  

 

 

 

 

 

 

 

Removed damaged corners of this out-

rigger and repaired.   

 

 

Longitudinal restrainers were replaced. 

L 36-0018 

 

Exterior Shear 

key 

The shear key was sheared off.  

 

Shear key was replaced. 

L 36-0058 

 
Wing wall 

 

 

 

 

The abutment 5 wing wall had a 

30 inch portion which was broken 

off and there was a large spall 

with exposed reinforcing steel on 

the exterior side of the wing wall. 

 

No repair information was given  

 

L 37-0007 

 
Back wall  

 

The abutment 5 back wall was 

badly broken up in an area of 8 to 

10 square feet with many 

horizontal and vertical cracks.   

 

 

 

Removed all loose concrete from damaged 

area and re-casted.  All cracks were epoxy-

injected. 
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Table 2-2. (continued)  

L 37-0050 

 
Column 

 
At bent 3 the column had fairly 

extensive flexural and shear 

cracks. The column of bent 4 was 

spalled about 3feet long and 10 

inch deep 

 

All cracks were injected with epoxy and 

the spall was repaired. 

L 37-0059 

 
Abutment  

 

 

 

 

 

 

 

Interior shear 

key 

The damage included a rotation 

of the abutment about its footing, 

the plumb-ness of the bearing 

bars, and the large transverse 

opening was visible in the AC 

pavement along the paving 

notches. 

 

Extensive shear cracking and 

spalling of shear key.   

 

Placed the bearing bars to their proper 

position.  Masonry plate was removed and 

resettled. 

 

 

 

 

 

No repair information was given 

L 37-0120 

 
Shear key 

 
At abutment 4 shear key 

experienced extensive spalling. 
No repair information was given 
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Table 2-3.  Bridge damage and repair of Northridge Earthquake (1994). 

 

 

 

 Bridge 

Number 

 

Bridge 

Component 

Damage Description Repair 

N 53-1615 

 

Bent 

 

 

Abutment Wall 

 

Bent 2 exhibit minor spalling at top 

of all four columns. 

 

Vertical cracks on the face of the 

abutment wall. 

No repair information was given. 

 

 

Cracks in the abutment were filled with 

epoxy. 

 

N53-1637 

 

Diaphragm  

 

At bent 7, there was a horizontal 

crack in the diaphragms located at 

the level of the seismic restrainer.  

 

 

Diaphragm of the span #7 

separated from the girders of the 

span # 7. There were cracks 

between the girders and the 

diaphragm. 

 

 

Removed the unsound concrete along the 

horizontal hairline crack of the diaphragm in 

span #7 and the cracks were epoxy injected  

 

Removed the diaphragm of the span #7 and 

broken portion of the exterior girders and the 

diaphragm was re-casted.  Also the additional 

reinforcements in the diaphragm were 

provided.  Provided #3 spirals with low pitch 

around the opening provided for the passage 

of seismic restrainers to give some ductility 

to this diaphragm and avoid future spalling. 

 

N 53-1917 

 

Exterior Shear 

key. 
Shear keys at the abutment were 

sheared off. 
Shear keys were re-casted. 

N 53-1921 
 

Depressed shear 

key 

 

The depressed transverse shear 

keys were damaged  
Removed and replaced unsound concrete. 

Repaired the spalled concrete adjacent to the 

key.  

 

N 53-1984 

 
Shear key 

 

 

 

Column  

 

 

 

 

 

 

Back wall  

 

 

Hinge 

There was a major shear key 

damage at all locations at all 

abutments 

 

There was a major damage at the 

top plastic hinge location of various 

columns.  

 

 

 

 

There was damage at the end of 

back walls. 

 
There was a minor spalling at the 

exterior girders at all hinges. 

Replaced all exterior shear keys at all 

abutments.  

 

 

Chipped out and removed all the unsound 

concrete at damaged area and the spalls were 

filled with epoxy bonded mortar and cured 

with non-pigmented material. Also additional 

horizontal ties were installed to achieve 3 

inch center to center spacing. 

 
Damaged section of the back walls was 

removed and re-casted. 

 

Removed unsound concrete at the locations 

of concrete spall and reconstructed.  Cracks 

were epoxy injected.  Also the holes were 

drilled and bonded with additional rebar at 

locations where rebar was missing.  
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 Table 2-3. (continued) 

N 53-1989F 

 

Shear key 

 

 

 

Back wall 

 

 

Bent 2 

At abutment 1 and 9, exterior 

shear keys failed at both sides. 

 

 

Abutment back wall was 

damaged. 

 

Bent 2 experienced large diagonal 

cracks at the bottom and minor 

cracks and spalls at column top. 

 

 

Exterior keys at both abutments were 

repaired.  Information about repair design 

was not given. 

 

No repair information was given. 

 

 

Repaired the cracks/spalls by backfilling 

the slurry cement. 

N 53-2329G 

 
Abutment  Wall 

 

 

 

 

 

Bent 

 

 

 

 

 

 

Hinge  

 

There was extensive spalling at 

the abutment with exposed bars.  

 

 

 

 

At bent 2, there was a major shear 

crack starting at the bottom of the 

flared section of the bent and ends 

at the top of CIDH pile.  

 

 
 
All hinges had vertical offset. 

This offset occurred at the high 

end of super-elevation, but not at 

the low end.  

 

Chipped out and removed the loose 

unsound concrete to expose rebar.  Re-

casted with concrete mortar, and then 

cured with non-pigmented curing 

compound. 

 

Removed the broken concrete cover and 

exposed the main core. Removed the 

unsound concrete inside of the core located 

between the flare section and the top of the 

CIDH pile and then the column was re-

casted. 

 

Removed concrete for joint seal anchorage. 

Removed the existing joint seal.  
 

 

N 53-2395 

 
Abutment Wall 

 

 

 

Column 

 

Abutment had cracked and 

spalled concrete on the face of 

abutment.  

 
Minor spalling at top of the flared 

section. 

 

All loose concrete from the damaged area 

was removed and all cracks were epoxy 

injected.  Spalls were patched.  

 

Spalls were repaired.  No repair 

information was given. 

N 53-2396 

 
Column There were Cracks in the columns 

with exposed reinforcing steel. 

Cracks appeared to be 

propagating inside the core.  No 

damage to longitudinal and spiral 

reinforcement recorded and the 

column core was intact. 

 

All cracks were epoxy injected. The 

surface of the columns was sand blasted.  

Air -blown concrete technique was used to 

resurface the column faces utilizing regular 

strength structural concrete.  
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Table 2-4.  Bridge damage and repair of Whittier Earthquake (1987). 

 

Table 2-5.  Bridge damage and repair of Petrolia Earthquake (1992) 

 

 

 

 

 

 

 Bridge 

Number 

 

Bridge 

Component 

Damage Description Repair 

53-1660 

 

Bent 

 

 

 

 

 

 

 

Bent cap 

 

At bent #6 major damage was 

sustained to the five columns. 

There were many large diagonal 

shear cracks on the face of all the 

columns.  The most severely 

damaged column was the center 

column.  

 

There was large incipient concrete 

spall in the bent cap at bent #5.  

Few vertical cracks were present in 

bent cap at bent #7. 

Removed the column concrete to expose 

longitudinal reinforcement and added new 

ties and then the columns were re-casted.  

 

 

 

 

 

At bent#5, the corner of the bent cap was 

reconstructed.  #5 bars at 12 inch both ways 

inserted into bent cap corner by drilling holes 

into it and then these holes were grouted.  At 

bent #7 the cracks in bent were filled with 

epoxy.  

 

 

 Bridge 

Number 

 

Bridge 

Component 

Damage Description Repair 

4-0017R/L Column  

 

At bent #10 of span 3 had a large 

transverse cracks across the full 

section at the top, and large open 

spalls that has removed about 40% 

of the concrete cross section from 

this column around the perimeter of 

the column. The main longitudinal 

reinforcement was completely 

exposed and had buckled slightly. 

In addition, the transverse floor-

beam had large spalls on both faces 

above this location, and there was a 

medium to large vertical crack that 

extends from the inside of the 

column/floor-beam connection 

about halfway up the depth of the 

floor-beam.  

 

Imminent replacement of this structure was 

recommended. 
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Table 2-6.  Bridge damage and repair of The Landers and Big Bear Earthquake (1992) 

 

Table 2-7.  General damage levels in bridge components (WFEO 2010) 

 

 

 Bridge 

Number 

 

Bridge 

Component 

Damage Description Repair 

56-0532G 

 

Shear key The internal shear key at abutment 

#1 & #5 had crushed. 

Chipped out the entire shear key, protected 

all the existing reinforcement in the key area. 

Drilled 1 inch diameter holes 6 inch deep into 

the soffit for additional reinforcing steel 

dowels. Using dry pack mortar, #5 rebar 

dowels were placed in the holes. Re-casted 

the key using six sack air blown mortar. 

 

 Damage 

Degree 

Definitions 

Reinforced Concrete Piers Reinforced Concrete Girders 

Aôs Near collapse and large tilting  Near collapse  

A Fracture of rebars and large deformation Several longitudinal rebars or prestressing 

cables are fractured as well as failure of 

bearings 

B Fracture of part of rebars and deformation of rebars, 

crack and spalling of concrete 

Large cracks and spalling of concrete 

C Crack and local spalling of cover concrete Minor cracks. Crack width less than 2mm 

D Minor cracks No or slight damage without effect on 

bearing capacity 
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Table 2-12.  Repair methods for RC girder (WFEO 2010) 

 

 

 

 

 

 

 

 

 

* Crack repair by resin mortar and resin injection

* Steel plate attachement on vertical sides of the girder by

anchor bolt and epoxy injection

* Adding piles to the footing

* Construction of underground walls and / or beams

* Soil improvement

* Removal and reconstruction

Bridge Component Repair Methods

Footing

RC Girder
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Table 2-15.  Summary of repair methods in bridge books for bridge components. 

 

 

 

* Epoxy injection

* Patching

* Reinforced concrete jacket

* Removal and reconstruction

* Epoxy injection

* Steel Plate

* Removal and reconstruction

* Epoxy injection

* Patching

* Removal and reconstruction

Shear Key * Removal and reconstruction

Beam Column Joints * Patching

Cap beam * Removal and reconstruction

* Epoxy injection

* Patching

* Increment in footing size

* Removal and reconstruction

* Epoxy injection 

* Removal and reconstruction

Reatrainer * Replacement 

* Epoxy injection 

* Patching

* Removal and reconstruction

* Epoxy injection

* Patching

* Installation of restrainers

Wing Wall * No repair information is provided

* Epoxy injection

* Patching

* Installation of hinge restrainers

* Removal and reconstruction

* Epoxy injection

* Patching

Footing

Bridge Component Caltrans Past Earthquake Damaged Bridge Repair Practice in Field

Column

Girders

Abutment Wall

Deck

Pile

Back wall

Diaphragm

Superstructure Hinge
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Chapter 3. Tables 

Table 3-1.  CFRP material properties (Tyfo
®
 SCH-41 composite using Tyfo

®
 S epoxy) 

Property Composite Gross Laminate 

Properties 

Ultimate tensile strength in primary fiber 

direction, psi 

121000 psi [834 Mpa] 

Elongation at break 0.85% 

Tensile modulus, psi 11.9 x 10
6
 [82 Gpa] 

Nominal laminate thickness 0.04 in. [1 mm] 
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Chapter 4. Tables 

Table 4-1. Effective strain in CFRP calculated by Eq. 3.4 and ACI 440.2R-08, Ef =10000 

ksi. 

 

 

 

 

  

 

 

 

 

 

tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00219 0.00193 12%

0.08 0.00153 0.00137 11%

0.12 0.00123 0.00112 9%

0.16 0.00105 0.00097 8%

0.20 0.00093 0.00086 7%

0.24 0.00084 0.00079 6%

0.28 0.00077 0.00073 5%

0.32 0.00072 0.00068 5%

0.36 0.00067 0.00064 4%

0.40 0.00063 0.00061 3%

f 'c = 3 ksi,  Ef = 10000 ksi

% diff
tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00266 0.00234 12%

0.08 0.00186 0.00166 11%

0.12 0.00149 0.00135 9%

0.16 0.00128 0.00117 8%

0.20 0.00113 0.00105 7%

0.24 0.00102 0.00096 6%

0.28 0.00094 0.00089 5%

0.32 0.00087 0.00083 5%

0.36 0.00081 0.00078 4%

0.40 0.00077 0.00074 3%

f 'c = 4 ksi,  Ef = 10000 ksi

% diff

tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00308 0.00272 12%

0.08 0.00215 0.00193 11%

0.12 0.00173 0.00157 9%

0.16 0.00148 0.00136 8%

0.20 0.00131 0.00122 7%

0.24 0.00118 0.00111 6%

0.28 0.00109 0.00103 5%

0.32 0.00101 0.00096 5%

0.36 0.00094 0.00091 4%

0.40 0.00089 0.00086 3%

f 'c = 5 ksi,  Ef = 10000 ksi

% diff
tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00348 0.00308 12%

0.08 0.00243 0.00218 11%

0.12 0.00196 0.00178 9%

0.16 0.00167 0.00154 8%

0.20 0.00148 0.00138 7%

0.24 0.00134 0.00126 6%

0.28 0.00123 0.00116 5%

0.32 0.00114 0.00109 5%

0.36 0.00107 0.00103 4%

0.40 0.00101 0.00097 3%

f 'c = 6 ksi,  Ef = 10000 ksi

% diff
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Table 4-2. Effective strain in CFRP calculated by Eq. 3.4 and ACI 440.2R-08, Ef =11000 

ksi. 

 

 

 

 

 

  

 

 

 

 

 

tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00209 0.00187 11%

0.08 0.00146 0.00132 9%

0.12 0.00117 0.00108 8%

0.16 0.00100 0.00093 7%

0.20 0.00088 0.00084 5%

0.24 0.00080 0.00076 4%

0.28 0.00073 0.00071 4%

0.32 0.00068 0.00066 3%

0.36 0.00064 0.00062 2%

0.40 0.00060 0.00059 2%

f 'c = 3 ksi,  Ef = 11000 ksi

% diff
tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00253 0.00227 10%

0.08 0.00176 0.00160 9%

0.12 0.00142 0.00131 8%

0.16 0.00121 0.00113 6%

0.20 0.00107 0.00101 5%

0.24 0.00097 0.00093 4%

0.28 0.00089 0.00086 4%

0.32 0.00082 0.00080 3%

0.36 0.00077 0.00076 2%

0.40 0.00073 0.00072 1%

f 'c = 4 ksi,  Ef = 11000 ksi

% diff

tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00294 0.00263 10%

0.08 0.00205 0.00186 9%

0.12 0.00164 0.00152 8%

0.16 0.00141 0.00132 6%

0.20 0.00124 0.00118 5%

0.24 0.00112 0.00107 4%

0.28 0.00103 0.00099 4%

0.32 0.00096 0.00093 3%

0.36 0.00090 0.00088 2%

0.40 0.00084 0.00083 1%

f 'c = 5 ksi,  Ef = 11000 ksi

% diff
tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00332 0.00297 10%

0.08 0.00231 0.00210 9%

0.12 0.00186 0.00172 8%

0.16 0.00159 0.00149 6%

0.20 0.00140 0.00133 5%

0.24 0.00127 0.00121 4%

0.28 0.00116 0.00112 3%

0.32 0.00108 0.00105 3%

0.36 0.00101 0.00099 2%

0.40 0.00095 0.00094 1%

f 'c = 6 ksi,  Ef = 11000 ksi

% diff



204 

 

Table 4-3. Effective strain in CFRP calculated by Eq. 3.4 and ACI 440.2R-08, Ef = 12000 

ksi. 

 

 

 

 

 

  

 

 

 

 

 

tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00200 0.00181 9%

0.08 0.00139 0.00128 8%

0.12 0.00112 0.00105 6%

0.16 0.00095 0.00091 5%

0.20 0.00084 0.00081 4%

0.24 0.00076 0.00074 3%

0.28 0.00070 0.00068 2%

0.32 0.00065 0.00064 1%

0.36 0.00061 0.00060 0%

0.40 0.00057 0.00057 0%

f 'c = 3 ksi,  Ef = 12000 ksi

% diff
tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00242 0.00220 9%

0.08 0.00168 0.00155 8%

0.12 0.00135 0.00127 6%

0.16 0.00115 0.00110 5%

0.20 0.00102 0.00098 4%

0.24 0.00092 0.00090 3%

0.28 0.00085 0.00083 2%

0.32 0.00078 0.00078 0%

0.36 0.00073 0.00073 0%

0.40 0.00069 0.00069 0%

f 'c = 4 ksi,  Ef = 12000 ksi

% diff

tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00281 0.00255 9%

0.08 0.00195 0.00180 8%

0.12 0.00157 0.00147 6%

0.16 0.00134 0.00128 5%

0.20 0.00118 0.00114 4%

0.24 0.00107 0.00104 3%

0.28 0.00098 0.00096 2%

0.32 0.00091 0.00090 1%

0.36 0.00085 0.00085 0%

0.40 0.00080 0.00081 0%

f 'c = 5 ksi,  Ef = 12000 ksi

% diff
tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00317 0.00288 9%

0.08 0.00221 0.00204 8%

0.12 0.00177 0.00166 6%

0.16 0.00151 0.00144 5%

0.20 0.00134 0.00129 4%

0.24 0.00121 0.00118 3%

0.28 0.00111 0.00109 2%

0.32 0.00103 0.00102 1%

0.36 0.00096 0.00096 0%

0.40 0.00091 0.00091 0%

f 'c = 6 ksi,  Ef = 12000 ksi

% diff
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Table 4-4. Effective strain in CFRP calculated by Eq. 3.4 and ACI 440.2R-08, Ef = 13000 

ksi 

 

 

 

 

 

  

 

 

 

 

 

tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00192 0.00176 8%

0.08 0.00133 0.00124 7%

0.12 0.00107 0.00102 5%

0.16 0.00091 0.00088 3%

0.20 0.00081 0.00079 2%

0.24 0.00073 0.00072 1%

0.28 0.00067 0.00067 0%

0.32 0.00062 0.00062 0%

0.36 0.00058 0.00059 -1%

0.40 0.00055 0.00056 -2%

f 'c = 3 ksi,  Ef = 13000 ksi

% diff
tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00232 0.00213 8%

0.08 0.00161 0.00151 6%

0.12 0.00129 0.00123 5%

0.16 0.00110 0.00107 3%

0.20 0.00098 0.00095 2%

0.24 0.00088 0.00087 1%

0.28 0.00081 0.00081 0%

0.32 0.00075 0.00075 0%

0.36 0.00070 0.00071 -1%

0.40 0.00066 0.00067 -2%

f 'c = 4 ksi,  Ef = 13000 ksi

% diff

tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00270 0.00248 8%

0.08 0.00187 0.00175 6%

0.12 0.00150 0.00143 5%

0.16 0.00128 0.00124 3%

0.20 0.00113 0.00111 2%

0.24 0.00102 0.00101 1%

0.28 0.00094 0.00094 0%

0.32 0.00087 0.00088 -1%

0.36 0.00082 0.00083 -1%

0.40 0.00077 0.00078 -2%

f 'c = 5 ksi,  Ef = 13000 ksi

% diff
tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00305 0.00280 8%

0.08 0.00211 0.00198 6%

0.12 0.00170 0.00162 5%

0.16 0.00145 0.00140 3%

0.20 0.00128 0.00125 2%

0.24 0.00116 0.00114 1%

0.28 0.00106 0.00106 0%

0.32 0.00098 0.00099 -1%

0.36 0.00092 0.00093 -1%

0.40 0.00087 0.00089 -2%

f 'c = 6 ksi,  Ef = 13000 ksi

% diff
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Table 4-5. Effective strain in CFRP calculated by Eq. 3.4 and ACI 440.2R-08, Ef = 14000 

ksi. 

 

 

 

 

 

  

 

 

 

 

 

tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00185 0.00171 7%

0.08 0.00128 0.00121 5%

0.12 0.00103 0.00099 4%

0.16 0.00088 0.00086 2%

0.20 0.00077 0.00077 0%

0.24 0.00070 0.00070 0%

0.28 0.00064 0.00065 -1%

0.32 0.00059 0.00061 -2%

0.36 0.00056 0.00057 -3%

0.40 0.00052 0.00054 -3%

f 'c = 3 ksi,  Ef = 14000 ksi

% diff
tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00224 0.00208 7%

0.08 0.00155 0.00147 5%

0.12 0.00124 0.00120 3%

0.16 0.00106 0.00104 2%

0.20 0.00094 0.00093 1%

0.24 0.00085 0.00085 0%

0.28 0.00078 0.00079 -1%

0.32 0.00072 0.00073 -2%

0.36 0.00067 0.00069 -3%

0.40 0.00063 0.00066 -4%

f 'c = 4 ksi,  Ef = 14000 ksi

% diff

tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00260 0.00241 7%

0.08 0.00180 0.00171 5%

0.12 0.00144 0.00139 3%

0.16 0.00123 0.00121 2%

0.20 0.00109 0.00108 1%

0.24 0.00098 0.00098 0%

0.28 0.00090 0.00091 -1%

0.32 0.00084 0.00085 -2%

0.36 0.00078 0.00080 -3%

0.40 0.00074 0.00076 -4%

f 'c = 5 ksi,  Ef = 14000 ksi

% diff
tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00293 0.00273 7%

0.08 0.00203 0.00193 5%

0.12 0.00163 0.00157 3%

0.16 0.00139 0.00136 2%

0.20 0.00123 0.00122 1%

0.24 0.00111 0.00111 0%

0.28 0.00102 0.00103 -1%

0.32 0.00094 0.00096 -2%

0.36 0.00088 0.00091 -3%

0.40 0.00083 0.00086 -4%

f 'c = 6 ksi,  Ef = 14000 ksi

% diff
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Table 4-6. Effective strain in CFRP calculated by Eq. 3.4 and ACI 440.2R-08, Ef =15000 

ksi. 

 

 

 

 

 

  

 

 

 

 

 

tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00178 0.00167 6%

0.08 0.00123 0.00118 4%

0.12 0.00099 0.00096 2%

0.16 0.00084 0.00084 0%

0.20 0.00075 0.00075 0%

0.24 0.00067 0.00068 -2%

0.28 0.00062 0.00063 -3%

0.32 0.00057 0.00059 -3%

0.36 0.00053 0.00056 -4%

0.40 0.00050 0.00053 -5%

f 'c = 3 ksi,  Ef = 15000 ksi

% diff
tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00216 0.00203 6%

0.08 0.00149 0.00143 4%

0.12 0.00120 0.00117 2%

0.16 0.00102 0.00101 1%

0.20 0.00090 0.00091 -1%

0.24 0.00081 0.00083 -2%

0.28 0.00075 0.00077 -3%

0.32 0.00069 0.00072 -3%

0.36 0.00065 0.00068 -4%

0.40 0.00061 0.00064 -5%

f 'c = 4 ksi,  Ef = 15000 ksi

% diff

tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00250 0.00235 6%

0.08 0.00173 0.00166 4%

0.12 0.00139 0.00136 2%

0.16 0.00118 0.00118 0%

0.20 0.00105 0.00105 0%

0.24 0.00094 0.00096 -2%

0.28 0.00087 0.00089 -3%

0.32 0.00080 0.00083 -4%

0.36 0.00075 0.00078 -4%

0.40 0.00071 0.00074 -5%

f 'c = 5 ksi,  Ef = 15000 ksi

% diff
tf ACI 440 2R-08 Eq. 3.4 

inch ɭfe ɭfe

0.04 0.00283 0.00266 6%

0.08 0.00196 0.00188 4%

0.12 0.00157 0.00154 2%

0.16 0.00134 0.00133 1%

0.20 0.00118 0.00119 -1%

0.24 0.00107 0.00109 -2%

0.28 0.00098 0.00101 -3%

0.32 0.00091 0.00094 -4%

0.36 0.00085 0.00089 -4%

0.40 0.00080 0.00084 -5%

f 'c = 6 ksi,  Ef = 15000 ksi

% diff
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Table 4-7. Required CFRP thickness calculated by ACI 440.2R-08 and proposed method 

for shear keys under DS2. 

 

 

 

 

 

 

 

  

 

 

 

 

 

t f tf

 ACI 440.2R-08 EQ-3.8

ksi inch inch

10000 0.023 0.029 26%

11000 0.021 0.026 24%

12000 0.019 0.023 21%

13000 0.018 0.021 17%

14000 0.016 0.019 19%

15000 0.015 0.017 13%

Damage State 2

f'c  = 3 ksi

Ef
% Diff

t f tf

 ACI 440.2R-08 EQ-3.8

ksi inch inch

10000 0.021 0.026 24%

11000 0.019 0.023 21%

12000 0.018 0.021 17%

13000 0.016 0.019 19%

14000 0.015 0.017 13%

15000 0.014 0.016 14%

Damage State 2

f'c  = 4 ksi

Ef
% Diff

tf t f

 ACI 440.2R-08 EQ-3.8

ksi inch inch

10000 0.021 0.024 14%

11000 0.019 0.022 16%

12000 0.018 0.019 6%

13000 0.016 0.017 6%

14000 0.015 0.016 7%

15000 0.014 0.014 0%

Damage State 2

f'c  = 5 ksi

Ef
% Diff

t f tf

 ACI 440.2R-08 EQ-3.8

ksi inch inch

10000 0.023 0.023 0%

11000 0.021 0.020 -5%

12000 0.019 0.018 -5%

13000 0.018 0.016 -11%

14000 0.017 0.015 -12%

15000 0.016 0.014 -13%

Damage State 2

f'c  = 6 ksi

Ef
% Diff
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Table 4-8. Required CFRP thickness calculated by ACI 440.2R-08 and proposed method 

for shear keys under DS5. 

 

 

 

 

 

 

 

 

 

  

  

 

t f tf

 ACI 440.2R-08 EQ-3.8

ksi inch inch

10000 0.44 0.46 5%

11000 0.40 0.41 2%

12000 0.39 0.37 -5%

13000 0.36 0.33 -8%

14000 0.31 0.30 -3%

15000 0.29 0.28 -3%

Damage State 5

% Diff

f'c  = 3 ksi

Ef

t f tf

 ACI 440.2R-08 EQ-3.8

ksi inch inch

10000 0.39 0.42 8%

11000 0.36 0.37 3%

12000 0.33 0.33 0%

13000 0.30 0.30 0%

14000 0.28 0.27 -4%

15000 0.26 0.25 -4%

Damage State 5

% Diff

f'c  = 4 ksi

Ef

tf t f

 ACI 440.2R-08 EQ-3.8

ksi inch inch

10000 0.36 0.39 8%

11000 0.33 0.35 6%

12000 0.30 0.31 3%

13000 0.28 0.28 0%

14000 0.26 0.25 -4%

15000 0.24 0.23 -4%

Damage State 5

% Diff

f'c  = 5 ksi

Ef

t f tf

 ACI 440.2R-08 EQ-3.8

ksi inch inch

10000 0.34 0.37 9%

11000 0.31 0.32 3%

12000 0.28 0.29 4%

13000 0.26 0.26 0%

14000 0.24 0.24 0%

15000 0.22 0.22 0%

Damage State 5

% Diff

f'c  = 6 ksi

Ef
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Chapter 5. Tables 

Table 5-1.  Prototype girder geometric and material properties. 

Property I Girder  

Section P/S concrete I-girder 

Prestressing Steel 50-250 ksi 7/16 in. seven-wire 

strand 

Youngôs modulus of prestressing steel, Ὁ 28500 ksi  [196,500 Mpa] 

Youngôs modulus of deck and girder, Ὁ 4030 ksi [27,786 Mpa] 

Concrete deck and girder expected 

compressive strength, Ὢ  

5 ksi [34.47 Mpa] 

Girder Length 75.5 ft. [23 m] 

 

Table 5-2.  Prestressing steel properties 

Property Prestressing Steel 

Effective stress in prestressing steel after all 

losses, Ὢ  

133.6 ksi [921 Mpa] 

Yield stress, Ὢ  212.5 ksi [1465 Mpa] 

Ultimate Stress, Ὢ  250 ksi [1724 Mpa] 

Tensile modulus, Ὁ 28500 ksi [196,500 Mpa] 
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Chapter 6. Tables 

Table 6-1.  Prototype abutment geometric and material properties. 

Property Abutment 

Abutment stem wall height 7 ft [2134 mm] 

Abutment thickness 4 ft [1219 mm] 

Abutment length in transverse direction 50ft [15.24 m] 

Youngôs modulus of concrete, Ὁ 3605 ksi [27,786 Mpa] 

Expected concrete compressive strength, Ὢ  5 ksi [34.5 Mpa] 

Steel Grade, fye 68 ksi [468.8 Mpa] 
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Chapter 8. Table  

Table 8-1. Ratio of contribution to shear (Vosooghi and Saiidi 2010) 

 

Damage 

State 

Plastic Hinge Zone Non-Plastic Hinge Zone 

Contribution to Shear Contribution to Shear 

RC RS RC RS 

DS-1 100% 100% 100% 100% 

DS-2 80% 100% 100% 100% 

DS-3 60% 75% 100% 100% 

DS-4 40% 50% 80% 100% 

DS-5 20% 50% 60% 100% 

 

Table 8-2. Residual moment capacity factor at different damage states 

 

Table 8-3. Column design properties 

Diameter Height Steel Ratio VS VC ȹY ȹU Mu  

µC in  

[mm] 

in 

[mm]  

Long. 

% 

Trans. 

% 

kip 

[kN]  

kip 

[kN]  

in 

[mm] 

in 

[mm] 

kip-in 

[kN-m]] 

48 

[1219] 

240 

[6096] 

2 0.65 282 

[1254] 

115 

[512] 

2.5 

[64] 

12.5 

[318] 

35830 

[247039] 

5 

 

 

 

 

 

 

 

Damage 

State 

Damage 

Index, DI 

Displacement 

Ductility 

Demand, 
m 

Simple Model 

with No 

Residual 

Displacement    

Ŭ 

Simple Model with Residual 

Displacement 

Approach 1     

Ŭ 

Approach 2   

Ŭ 

DS2 0.15 µ2 =  1.6 0.65 0.75 1 

DS3 0.35 µ3 =  2.4 0.40 0.50 0.85 

DS4 0.55 µ4 =  3.2 0.30 0.35 0.65 

DS5 0.80 µ5 =  4.2 0.25 0.30 0.50 
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Table 8-4. Number of required CFRP layers to restore shear strength loss  

 

 

Table 8-5. Required thickness of CFRP (shell) to restore flexural strength loss  

 

 

Table 8-6. Unidirectional CFRP laminate (GU50C) properties 

Tensile 

Strength        

ksi (Mpa) 

Elongation 

at Break              

% 

Tensile 

Modulus         

ksi ( Gpa) 

Nominal Laminate 

Thickness             

in. (mm) 

Width              

in. (mm) 

400 (2758) 1.7% 24000 (165) 0.0472 (1.2) 4 (102) 

 

 

 

Damage Provided

Shear StrengthConfinementNo. of Layers

kips kips kips in in n

DS2 80% 100% 92 282 23 0.003 0.13 4.0

DS3 60% 75% 69 212 117 0.032 0.13 4.0

DS4 40% 50% 46 141 210 0.059 0.18 5.0

DS5 20% 50% 23 141 233 0.065 0.18 5.0

Damage No. of Layers

Shear StrengthConfinement Provided

kips kips kips in in  n

DS2 100% 100% 115 282 0 0 - 0

DS3 100% 100% 115 282 0 0 - 0

DS4 80% 100% 92 282 23 0.006 - 1.0

DS5 60% 100% 69 282 46 0.013 - 1.0

Inside Plastic Hinge Zone

Calculated, tjRc*Vc Rs*Vs V j

Rc Rs

Inside Plastic Hinge Zone

Rc Rs

Calculated, tj

State

State

Rc*Vc Rs*Vs V j
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Table 8-7. Required thickness of CFRP strip to restore flexural strength loss  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

No. of CFRP Moment After

Layers Repair

kip-in in n kip-in

DS3 85% 30456 0.10 2 38590

DS4 65% 23290 0.20 3 40690

DS5 50% 17915 0.27 3 39000

Mu = 35830 kip-in

MRDamage StateStrength Loss tj
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Chapter 9. Tables 

Table 9-1. Database of single column and bridge models 

 
a 
Calderone et al. (2001), 

b 
Choi et al. (2007, 2010), 

c 
Correal et al. (2006), 

d 
Johnson et al. (2008) 

e 
Lehman and Moehle (2000), 

f 
Phan et al. (2007), 

g 
Saiidi et al. (2009), 

h 
Saiidi and Mortensen 

(2002) 
i 
Vosooghi and Saiidi (2010), 

j 
Nelson et al. (2010) 

 

 

 

 

 Column model Scale Design 

 code 

Ground motion Aspect 

ratio 

Section 

dimensions

, in  

Long. 

steel 

ratio, % 

Trans. 

steel 

ratio, % 

328 
a
 0.5 BDS 1993 Quasi-static 3.0 24 2.8 0.9 

828 
a
 0.5 ATC-32 Quasi-static 8.0 24 2.8 0.9 

 

Bridge II 
b
 

B2E-II  0.25 NCHRP 12-49 Synthetic fault rupture 4.0 12 1.56 0.84 

B2W-II  0.25 NCHRP 12-49 Synthetic fault rupture 4.0 12 1.56 0.84 

MN  
b
 0.29 Caltrans 2004 Rinaldi 4.5 14 2.86 1.37 

ETN 
b
 0.29 Caltrans 2004 Rinaldi 7.75 14 2.86 1.54 

SETN 
b
 0.29 New spectrum Rinaldi/RRS (Synthetic) 7.75 14 3.62 2.05 

SVTN 
b
 0.2 New spectrum Rinaldi/RRS (Synthetic 8.21 12 3.0 1.82 

ISH 1.0 
c
 0.2 Caltrans 2001 Sylmar Hospital 2.0 10 x 14.5 2.9 0.6 

ISH 1.25 
c
 0.2 Caltrans 2001 Sylmar Hospital 2.0 10 x 15.62 2.8 0.9 

ISH 1.50 
c
 0.2 Caltrans 2001 Sylmar Hospital 2.1 10 x 16.75 2.9 0.9 

ISH 1.50T 
c
 0.2 Caltrans 2001 Sylmar Hospital 2.1 10 x 16.75 2.9 0.9 

ISL 1.0 
c
 0.25 Caltrans 2001 Sylmar Hospital 3.3 12 x 17.5 2.0 1.1 

ISL 1.5 
c
 0.25 Caltrans 2001 Sylmar Hospital 3.6 12 x 20.25 2.0 1.1 

 

 

 

Bridge-I 
d
 

N1E-I 0.25 NCHRP 12-49 CCN 3.0 12 1.56 0.84 

B1W-I 0.25 NCHRP 12-49 CCN 3.0 12 1.56 0.84 

B2E-I 0.25 NCHRP 12-49 CCN 4.0 12 1.56 0.84 

B2W-I 0.25 NCHRP 12-49 CCN 4.0 12 1.56 0.84 

B3E-I  0.25 NCHRP 12-49 CCN 2.5 12 1.56 0.84 

B3W-I  0.25 NCHRP 12-49 CCN 2.5 12 1.56 0.84 

407 
e
 0.33 Caltrans 1991 Quasi-static 4.0 24 0.75 0.7 

415 
e
 0.33 Caltrans 1991 Quasi-static 4.0 24 1.50 0.7 

430 
e
 0.33 Caltrans 1991 Quasi-static 4.0 24 3.0 0.7 

825 
e
 0.33 Caltrans 1991 Quasi-static 8.0 24 1.50 0.7 

1015 
e
 0.33 Caltrans 1991 Quasi-static 10.0 24 1.50 0.7 

NF-1 
f
 0.33 Caltrans 2004 Rinaldi 4.5 16 2.0 0.92 

NF-2 
f
 0.33 AASHTO 2002 Rinaldi 4.5 16 2.2 1.10 

RSC 
g
 0.2 NCHRP 12-49 Quasi-static 4.5 10 2.04 0.74 

SC-CAL  
h
 0.25 Caltrans 1994 Artificial  4.5 12 2.83 0.66 

SC-PBD 
h
 0.25 PBD Artificial  4.5 12 2.83 1.05 

NHS1 
i
 0.33 Caltrans 2006 Sylmar Hospital 2.5 16 3.08 1.38 

NHS2 
i
 0.33 Caltrans 2006 Sylmar Hospital 2.5 16 3.08 1.38 

BENT 1 
j
 B1E 0.25 NCHRP 12-49 Northridge 5.0 12 1.56 0.86 

B1W 0.25 NCHRP 12-49 Northridge 5.0 12 1.56 0.86 

BENT 2 
j
 B2E 0.25 NCHRP 12-49 Northridge 7.0 12 1.56 0.86 

B2W 0.25 NCHRP 12-49 Northridge 7.0 12 1.56 0.86 

BENT 3 
j
 B3E 0.25 NCHRP 12-49 Northridge 6.0 12 1.56 0.86 

B3W 0.25 NCHRP 12-49 Northridge 6.0 12 1.56 0.86 
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Table 9-2. Magnitudes of ()Nda  (Massey et al. 1951) 
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Table 9-3. Design performance levels 

 

O-ST = Ordinary Standard Bridge 

O-NST = Ordinary Non Standard Bridge 

Rec. = Recovery Bridge 

Imp. = Important Bridge 

NA = Not Applicable 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Damage State Service Service to Emergency Design

DS to Emergency Repair Damage Index

Public DI O-ST O-NST Rec. Imp.

DS-1 Yes Yes No 0 100 500 1000 1500

Yes,

only plastic hinge

Yes, Yes, 

1 lane entire column

Yes, Yes, 

1 lane entire column

Yes, 

entire column

DS-6 No No NA 1 NA NA NA NA

Earthquake Levels (Years)

YesDS-2 Yes 0.15 500 1000 1500 2500

NA NA NA

0.55 25001500 NA

NoDS-5 No 0.8 2500

NA

2500 NA

DS-4 No

NoDS-3 0.35 1000 1500
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Table 9-4. Soil profile types  
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Chapter 10. Tables 

Table 10-1. Complete schedule of shake table testing (Saiidi et al. 2013) 

 

 

 

 

 

 

 

Test 

No. 

Motion 

Level 

Test Type Target Motion 

PGA (g) 

Trans.  Long.  

WN01  White Noise (Transverse) 

WN02  White Noise (Longitudinal) 

1A 1 W/Restrainer1 - 0. 09 

1B 1 W/Restrainer2 - 0. 09 

1C 1 Longitudinal - 0. 09 

1D 1 Biaxial 0. 075 0. 09 

WN11  White Noise (Transverse)) 

WN12  White Noise (Longitudinal) 

2 2 Biaxial 0. 15 0. 18 

WN21  White Noise (Transverse) 

WN22  White Noise (Longitudinal) 

3 3 Biaxial 0. 25 0. 30 

WN31  White Noise (Transverse)) 

WN32  White Noise (Longitudinal) 

4A 4 W/Restrainer1 - 0. 60 

4B 4 W/Restrainer2 - 0. 60 

4C 4 Longitudinal - 0. 60 

4D 4 Biaxial 0. 50 0. 60 

WN41  White Noise (Transverse) 

WN42  White Noise (Longitudinal) 

5 5 Biaxial 0. 75 0. 90 

WN51  White Noise (Transverse) 

WN52  White Noise (Longitudinal) 

6 6 Biaxial 1. 00 1. 20 

WN61  White Noise (Transverse) 

WN62  White Noise (Longitudinal) 

7 7 Biaxial 1. 00 1. 20 
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Table 10-2. Observed performance of bent 1 east column bottom plastic hinge 

 
 

 

Table 10-3. Observed performance of bent 1 east column top plastic hinge 

 
 

 

 

 

Test 

no. 

Observed performance  Damage  

state 

1A No damage - 

1B No damage - 

1C No damage - 

1D Flexural cracks DS 1 

2 Flexural cracks - 

3 More flexural cracks and spalling begin, few shear cracks DS 2 

4A More shear cracks, concrete spalling  - 

4B Extensive flexural and shear cracks - 

4C Extensive flexural and shear cracks - 

4D Extensive spalling , one visible lateral bar DS 3 

5 Extensive spalling, two visible lateral reinforcement DS 4 

6 

Visible five lateral and three longitudinal reinforcement, start 

of core damage DS 5 

7 Failure of column with fractured longitudinal and lateral 

reinforcement DS 6 

  

Test 

no. 

Observed performance  Damage  

state 

1A No damage - 

1B No damage - 

1C No damage - 

1D Flexural cracks DS 1 

2 Flexural cracks, crack width is from 0.016 to 0.025 inch - 

3 Flexural cracks - 

4A Flexural cracks - 

4B More flexural cracks - 

4C More flexural cracks, few shear cracks, spalling begin DS 2 

4D Extensive spalling, one slightly visible lateral bar DS 3 

5 Extensive spalling, one visible lateral bar - 

6 Extensive spalling and two visible lateral bars DS 4 

7 Extensive spalling, visible four lateral and three longitudinal 

reinforcements.  DS 5  
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Table 10-4. Observed performance of bent 1 west column bottom plastic hinge 

 
 

 

Table 10-5. Observed performance of bent 1 west column top plastic hinge 

 
 

 

 

 

 

 

Test 

no. 

Observed Performance  Damage  

State 

1A No damage - 

1B No damage - 

1C No damage - 

1D No damage - 

2 No damage - 

3 Flexural cracks  DS 1 

4A Spalling of cover concrete begin DS 2 

4B More flexural cracks - 

4D Extensive spalling, no visible lateral bar DS 3 

5 

Extensive spalling , more shear and flexural cracks, one lateral 

bar slightly visible DS 4 

6 Extensive spalling and visible lateral reinforcement - 

7 

Visible lateral and longitudinal reinforcement, start of core 

damage, and few longitudinal bars are buckled 
DS 5 

 

Test 

no. 

Observed performance  Damage  

state 

1A No damage - 

1B No damage - 

1C No damage - 

1D Flexural cracks DS 1 

2 Flexural cracks - 

3 Flexural cracks - 

4A Flexural cracks - 

4B Flexural cracks - 

4C More flexural cracks - 

4D More flexural cracks and spalling begin DS 2 

5 More spalling and  shear cracks  DS 3 

6 

Extensive spalling , more shear and flexural cracks, one visible 

lateral bar - 

7 Extensive spalling, 3 visible lateral bars DS 4 
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Table 10-6. Observed performance of bent 2 east column bottom plastic hinge 

 
 

 

Table 10-7. Observed performance of bent 2 east column top plastic hinge 

 
 

 

 

 

 

 

Test 

no. 

Observed performance  Damage  

state 

1A No damage - 

1B No damage - 

1C No damage - 

1D No damage - 

2 No damage - 

3 Flexural cracks DS 1 

4A Flexural cracks - 

4B Flexural cracks - 

4C Flexural cracks - 

4D Flexural cracks, crack width 0.007 inch - 

5 Extensive spalling of cover concrete. DS 3 

6 Extensive spalling, two lateral bars are visible. DS 4 

7 Extensive spalling, three lateral bars are visible     - 
 

Test 

no. 

Observed performance  Damage  

state 

1A No damage - 

1B No damage - 

1C No damage - 

1D No damage - 

2 No damage - 

3 Flexural cracks DS 1 

4A Flexural cracks - 

4B Flexural cracks - 

4C Flexural cracks - 

4D Flexural cracks - 

5 shear cracks DS 2 

6 Extensive spalling of cover concrete DS 3 

7 Extensive spalling and shear cracks - 
 



223 

 

Table 10-8. Observed performance of bent 2 west column bottom plastic hinge 

 
 

 

Table 10-9. Observed performance of bent 2 west column top plastic hinge 

 
 

 

 

 

 

 

Test 

no. 

Observed performance  Damage  

state 

1A No damage - 

1B No damage - 

1C No damage - 

1D No damage - 

2 Flexural cracks DS 1 

3 Flexural cracks - 

4A Flexural cracks - 

4B Flexural cracks - 

4C Flexural cracks - 

4D Flexural cracks 0.01 inch - 

5 Spalling begin and few shear cracks DS 2 

6 Extensive spalling of cover concrete DS 3 

7 Extensive spalling, two lateral bars are visible     DS 4 
 

Test 

no. 

Observed performance  Damage  

state 

1A No damage - 

1B No damage - 

1C No damage - 

1D No damage - 

2 Flexural cracks  DS 1 

3 Flexural cracks  - 

4A Flexural cracks  - 

4B Flexural cracks  - 

4C Flexural cracks  - 

4D Flexural cracks  - 

5 Flexural cracks 0.01 inch - 

6 shear cracks but no spalling occur DS 2 

7 shear cracks but no spalling occur - 
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Table 10-10. Observed performance of bent 3 east column bottom plastic hinge 

 
 

 

Table 10-11. Observed performance of bent 3 east column top plastic hinge 

 
 

 

 

 

 

 

 

 

Test 

no. 

Observed performance  Damage  

state 

1A No Damage - 

1B No Damage - 

1C No Damage - 

1D No Damage - 

2 No damage - 

3 Flexural cracks DS 1 

4A Flexural cracks - 

4B More flexural cracks - 

4C More flexural cracks  - 

4D Spalling of cover concrete begin DS 2 

5 Extensive spalling,  two lateral bars visible DS 3 

6 extensive spalling, two lateral bars visible, core was still intact - 

7 Extensive spalling, four lateral bars visible DS 4 
 

Test 

no. 

Observed performance  Damage  

state 

1A No damage - 

1B No damage - 

1C No damage - 

1D No damage - 

2 No damage - 

3 No damage - 

4A No damage - 

4B No damage - 

4C No damage - 

4D Spalling of cover concrete begin  DS 2 

5 Extensive spalling of cover concrete DS 3 

6 Extensive spalling, one lateral bar is visible DS 4 

7 Extensive spalling , two visible lateral bars  - 
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Table 10-12. Observed performance of bent 3 west column bottom plastic hinge 

 
 

 

Table 10-13. Observed performance of bent 3 west column top plastic hinge 

 
 

Test 

no. 

Observed performance  Damage  

state 

1A No damage - 

1B No damage - 

1C No damage - 

1D No damage - 

2 No damage - 

3 Flexural cracks DS 1 

4A More flexural cracks  - 

4B More flexural cracks  - 

4C More flexural cracks  - 

4D Extensive spalling , three visible lateral bars DS 4 

5 Approaching to damage state 5 - 

6 

Extensive spalling and start of core damage, five lateral and 

two long  bars are visible DS 5 

7 
Extensive core damage, four longitudinal and nine lateral 

bars visible 
- 

 

Test 

no. 

Observed performance  Damage  

state 

1A No damage - 

1B No damage - 

1C No damage - 

1D No damage - 

2 No damage - 

3 No damage - 

4A No damage - 

4B No damage - 

4C No damage - 

4D Extensive spalling of cover concrete DS 3 

5 

Extensive spalling and shear cracks, two lateral bars are 

visible DS 4 

6 

Extensive spalling, more shear and flexural cracks, four 

visible lateral bars - 

7 Extensive spalling, more shear and flexural cracks, five 

visible lateral bars - 
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Table 10-14. Maximum drift ratio corresponds to a given damage  

 
 

 

Table 10-15. Residual drift ratio corresponds to a given damage state 

 

 

 

Table 10-16. Frequency ratio corresponds to a given damage state 

 

Damage  

State 

Maximum Drift Ratios 

Bent 1 Bent 2 Bent 3 

East 

Column 

West 

Column 

East 

Column 

West 

Column 

East 

Column 

West 

Column 

DS 1 1.1% 1.1% 2.3% 1.4% 2.9% 2.9% 

DS 2 3.4% - - 4.4% 4.8% - 

DS 3 5.1% 5.1% 4.4% 5.0% 6.6% - 

DS 4 6.0% 6.0% 5.0% 5.1% 8.8% 4.8% 

 DS 5  8.0% 9.0% - - - 8.8% 

DS 6 9.0% - - - - - 
 

Damage  

State 

Residual Drift Ratios 

Bent 1 Bent 2 Bent 3 

East 

Column 

West 

Column 

East 

Column 

West 

Column 

East 

Column 

West 

Column 

DS 1 0.2% 0.2% 0.1% 0.2% 0.1% 0.1% 

DS 2 0.2% - - 0.1% 0.4% - 

DS 3 0.3% 0.3% 0.1% 0.2% 0.7% - 

DS 4 0.6% 1.6% 0.5% 0.5% 1.5% 0.4% 

 DS 5  1.6% 2.7% - - - 1.5% 

DS 6 2.7% - - - - - 
 

Damage  

State 

Frequency Ratios 

Bent 1 Bent 2 Bent 3 

East 

Column. 

West 

Column 

East 

Column 

West 

Column 

East 

Column. 

West 

Column 

DS 1 52.7% 52.7% 45.6% 58.6% 55.1% 55.2% 

DS 2 30.4% - - 33.4% 42.8% - 

DS 3 24.7% 24.7% 33.4% 31.1% 36.7% - 

DS 4 22.7% 22.7% 31.1% 30.9% 31.8% 42.8% 

 DS 5  19.7% 18.6% - - - 31.8% 

DS 6 18.6% - - - - - 
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Table 10-17. Damage index of bent 1 East column 

 
 

 

Table 10-18. Maximum average strain in the column longitudinal bars (microstrain) 

 

 

 

Table 10-19. Maximum average strain in the column transverse bars (microstrain) 

 

 

 

 

 

 

Damage  

State 

Maximum 

Displacement 

D  

Effective 

Yield 

Displacement 

DY 

Ultimate 

Displacement 

DU 
Damage 

Index 

DI [in] [in] [in] 

DS 1 0.67 

0.18 5.38 

0.09 

DS 2 2.02 0.35 

DS 3 3.06 0.55 

DS 4 3.62 0.66 

DS 5  4.82 0.89 

DS 6 5.38 1.00 

 

Damage  

State 

Bent 1 Bent 2 Bent 3 

East 

Column. 

West 

Column 

East 

Column 

West 

Column 

East 

Column. 

West 

Column 

DS 1 9298 20729 7859 2708 16540 16465 

DS 2 16948 18745 6602 20283 29396 - 

DS 3 29558 30248 19117 26610 37380 11275 

DS 4 37555 56775 23262 27072 40709 28746 

 DS 5  39541 - - - - 43574 

 

Damage  

State 

Bent 1 Bent 2 Bent 3 

East 

Column. 

West 

Column 

East 

Column 

West 

Column 

East 

Column. 

West 

Column 

DS 1 432 673 310 178 264 719 

DS 2 580 987 355 581 2468 - 

DS 3 1520 2112 598 1229 3438 905 

DS 4 2861 4466 894 1715 3866 1696 

 DS 5  6314 4720 - -   1861 
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Table 10-20. Median and logarithmic standard deviation of response parameters 

 

Note: NA is not applicable. 
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Chapter 11. Tables 

Table 11-1.Ground motions for site class B/C 

 

 

 

 

 

 

 

 

Design Spectrum

(Sa)1sec=0.4658g

Scale Factor

g g km m/sec

164 Imperial Valley 6.53 0.157 0.294 15.2 659.6 1.58

286 Irpinia, Italy 6.90 0.083 0.255 17.5 1000.0 1.83

369 Coalinga, US 6.36 0.153 0.269 26.0 684.9 1.73

755 Loma Prieta 6.93 0.484 0.364 20.0 597.1 1.28

769 Loma Prieta 6.93 0.170 0.205 17.9 663.3 2.27

994 Northridge 6.69 0.289 0.361 21.2 1015.9 1.29

1091 Northridge 6.69 0.139 0.199 23.1 996.4 2.34

1234 Chi-Chi Taiwan 7.62 0.204 0.298 27.6 680.0 1.56

1482 Chi-Chi Taiwan 7.62 0.206 0.350 19.9 540.7 1.33

2626 Chi-Chi Taiwan 6.20 0.224 0.302 18.5 573.0 1.54

126 Gazli, USSR 6.80 0.608 0.797 3.9 659.6 0.58

143 Tabas, Iran 7.35 0.836 0.713 1.8 766.8 0.65

265 Victoria, Mexico 6.33 0.621 0.589 13.8 659.6 0.79

292 Irpinia, Italy 6.9 0.358 0.375 6.8 1000.0 1.24

495 Nahanni, Canada 6.76 1.096 0.485 2.5 659.6 0.96

765 Loma Prieta 6.93 0.473 0.310 8.8 1428.0 1.50

810 Loma Prieta 6.93 0.450 0.298 12.0 714.0 1.56

828 Cape Mendocino, CA 7.01 0.662 0.985 0.0 712.8 0.47

879 Landers, CA 7.28 0.727 0.476 2.2 684.9 0.98

1013 Northridge 6.69 0.511 0.706 0.0 629.0 0.66

1080 Northridge 6.69 0.877 0.736 0.0 557.4 0.63

1111 Kobe, Japan 6.9 0.509 0.305 7.1 609.0 1.53

1197 Chi-Chi, Taiwan 7.62 0.821 1.046 3.1 542.6 0.45

1517 Chi-Chi, Taiwan 7.62 1.157 2.546 0.0 680.0 0.18

1787 Hector Mine 7.13 0.337 0.373 10.3 684.9 1.25

(Sa)1sec Rjb

N
E

A
R

 F
IE

L
D

VS30PGA

F
A

R
 F

IE
L

D

NGA No. Event Name Magnitude
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Table 11-2. Ground motions for site class D 

 

 

 

 

 

 

 

 

 

 

 

Design Spectrum

(Sa)1sec=0.845g

Scale Factor

g g km m/sec
169 Imperial Valley-06 6.53 0.351 0.481 22.0 274.5 1.76

338 Coalinga-01 6.36 0.282 1.023 28.1 338.5 0.83

729 Superstition Hills-02 6.54 0.207 0.440 23.9 207.5 1.92

778 Loma Prieta 6.93 0.279 0.548 24.5 215.5 1.54

900 Landers 7.28 0.245 0.499 23.6 353.6 1.69

978 Northridge-01 6.69 0.246 0.585 17.8 234.9 1.44

995 Northridge-01 6.69 0.358 0.452 19.7 316.5 1.87

1003 Northridge-01 6.69 0.439 0.496 21.2 308.7 1.70

1107 Kobe, Japan 6.90 0.345 0.352 22.5 312.0 2.40

1203 Chi-Chi, Taiwan 7.62 0.294 0.615 16.1 233.1 1.37

160 Bonds Corner, Imperial Valley-06 6.53 0.775 0.447 0.5 223.0 1.89

180 El Centro Array#5, Imperial Valley-06 6.53 0.379 0.678 1.8 205.6 1.25

183 El Centro Array#8, Imperial Valley-06 6.53 0.602 0.365 3.9 206.1 2.31

368 Pleasant Valley P.P.-Yard, Coalinga-01 6.36 0.592 0.991 7.7 257.4 0.85

461 Morgan Hill 6.19 0.312 0.423 3.5 281.6 2.00

529 N. Palm Springs 6.06 0.594 0.859 0.0 345.4 0.98

723 Parachute Test Site, Superstitons Hills-02 6.54 0.455 0.970 0.9 348.7 0.87

752 Capitola, Loma Prieta 6.93 0.529 0.456 8.7 288.6 1.85

821 Erzincan, Turkey 6.69 0.515 0.848 0.0 274.5 1.00

829 Rio Dell Overpass-FF, Cape Mendocino 7.01 0.385 0.538 7.9 311.8 1.57

953 Northridge-01 6.69 0.416 1.019 9.4 355.8 0.83

1063 Northridge-01 6.69 0.825 1.826 0.0 282.2 0.46

1087 Northridge-01 6.69 1.779 0.787 0.4 257.2 1.07

1106 Kobe, Japan 6.90 0.821 1.501 0.9 312 0.56

1503 Chi-Chi Taiwan 7.62 0.814 1.313 0.6 305.9 0.64

F
A

R
 F

IE
L

D
N

E
A

R
 F

IE
L

D

NGA No. Event Name Magnitude
PGA (Sa)1sec Rjb VS30
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Table 11-3. Design spectrum values for site B/C and D 

 

 

Table 11-4. Column diameter and bar size for 1%, 2%, and 3% longitudinal reinforcement 

 

  

Site B/C Site D Site B/C Site D Site B/C Site D

0 0.636 0.643 0.749 0.729 0.899 0.842

0.1 1.341 1.080 1.583 1.209 1.914 1.399

0.2 1.596 1.361 1.883 1.533 2.306 1.780

0.3 1.328 1.400 1.572 1.594 1.915 1.849

0.5 0.934 1.275 1.103 1.471 1.359 1.745

1 0.466 0.845 0.549 0.982 0.673 1.181

2 0.196 0.420 0.227 0.489 0.273 0.586

3 0.114 0.257 0.131 0.296 0.156 0.353

4 0.078 0.179 0.090 0.206 0.107 0.245

5 0.063 0.145 0.074 0.168 0.088 0.200

Sa, g Sa, g Sa, g

Period

T = 1000 Years T = 1500 Years T = 2500 Years

Diameter, D Longitudinal Longitudinal

in (mm) Steel Ratio Reinforcement

1% 14 #10

2% 16 #14

3% 24 #14

1% 22 #10

2% 26 #14

3% 38 #14

1% 32 #10

2% 36 #14

3% 54 #14

48 (1219)

60 (1524 )

72 (1829 )



232 

 

Table 11-5. Single column bent models designed for T = 1000-year 

 

Site Period ɲY ɲD ɲC

Class Long. Trans. Sec in in in

1% 0.17% 1.22 3.2 5.3 9.3 0.35 0.82

2% 0.23% 1.04 3.7 4.7 9.5 0.17 0.95

Fixed-Fixed 1% 0.61% 0.64 1.8 2.9 9.9 0.13 0.98

1% 1.05% 1.23 3.5 10.1 22.5 0.346 0.32

2% 0.84% 1.04 4.0 8.6 17.0 0.353 0.48

3% 0.66% 0.91 4.0 7.3 13.3 0.351 0.69

1% 0.53% 0.64 1.8 4.4 9.9 0.32 0.98

2% 0.24% 0.55 2.3 3.6 13.1 0.12 0.87

3% 0.09% 0.48 2.4 2.9 13.4 0.05 0.98

1% 0.44% 3.39 12.6 24.7 47.2 0.35 0.26

2% 0.30% 2.84 14.0 21.7 35.8 0.352 0.41

3% 0.20% 2.49 14.2 19.5 29.5 0.349 0.59

1% 0.48% 1.73 6.7 14.2 28.2 0.353 0.53

2% 0.30% 1.47 7.5 12.1 20.7 0.349 0.87

3% 0.18% 1.29 7.8 10.6 20.6 0.22 0.97

1% 1.14% 1.91 5.4 15.7 35.0 0.347 0.19

2% 0.92% 1.65 6.4 13.5 26.6 0.35 0.29

3% 0.75% 1.46 6.5 12.0 22.0 0.35 0.43

1% 0.84% 1.01 2.9 8.3 18.1 0.35 0.44

2% 0.50% 0.89 3.6 7.0 13.2 0.35 0.94

3% 0.31% 0.79 3.8 5.9 14.6 0.2 0.92

1% 0.50% 5.23 19.3 38.9 75.2 0.35 0.16

2% 0.22% 4.44 21.6 31.3 50.3 0.35 0.30

3% 0.08% 3.92 22.1 27.6 38.2 0.35 0.47

1% 0.41% 2.70 10.2 20.8 41.3 0.35 0.40

2% 0.25% 2.32 11.9 18.5 30.4 0.35 0.59

3% 0.18% 2.05 12.3 16.8 25.6 0.35 0.81

B/C

Cantilever 5

5Fixed-Fixed

Steel Ratio

Cantilever
5

Configuration H/D Vn / Vs+VcDI

15

10

D

Cantilever

Fixed-Fixed

7.5

7.5

Cantilever

Fixed-Fixed

15

Cantilever

Fixed-Fixed

10
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Table 11-6. Single column bent models designed for T = 1500-year 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Site Period ɲY ɲD ɲC

Class Long. Trans. Sec in in in

1% 1.32% 1.23 3.6 11.8 26.4 0.35 0.23

2% 1.19% 1.04 4.1 10.0 20.9 0.35 0.39

3% 0.97% 0.91 4.1 8.4 16.3 0.35 0.57

1% 0.74% 0.64 1.9 5.1 11.0 0.35 0.78

2% 0.41% 0.55 2.1 4.2 8.0 0.35 1.74

3% 0.26% 0.48 2.2 3.4 6.0 0.35 2.50

1% 0.61% 3.38 12.9 28.5 55.7 0.35 0.21

2% 0.52% 2.84 14.4 25.0 45.2 0.35 0.31

3% 0.42% 2.50 14.6 22.7 37.5 0.35 0.42

1% 0.71% 1.73 6.8 16.6 34.6 0.35 0.42

2% 0.52% 1.47 7.7 14.1 26.4 0.35 0.66

3% 0.40% 1.29 7.8 12.4 21.1 0.35 0.92

5

H/D
Steel Ratio

DI

Cantilever 10

Fixed-Fixed 10

D

Cantilever 5

Fixed-Fixed

Vn / Vs+VcConfiguration
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Table 11-7. Two column bent models designed for T = 1000-year 

 

  

Site Period ɲY ɲD ɲC

Class Long. Trans. Sec in in in

1% 1.45% 1.30 4.1 10.7 22.7 0.35 0.22

2% 0.86% 1.16 5.2 9.5 17.1 0.35 0.51

3% 0.66% 1.06 5.7 8.7 14.7 0.35 0.73

1% 0.61% 0.70 2.4 5.0 9.4 0.35 1.05

2% 0.79% 0.64 3.3 4.4 12.8 0.12 1.04

3% 1.32% 0.58 3.7 3.8 13.5 0.01 1.05

1% 1.06% 1.62 5.2 13.3 28.0 0.35 0.28

2% 0.83% 1.38 6.2 11.3 20.7 0.35 0.39

3% 0.63% 1.26 6.6 10.4 17.4 0.35 0.54

1% 0.75% 0.86 2.8 6.7 13.7 0.35 0.52

2% 0.45% 0.76 3.7 5.6 10.4 0.29 1.00

3% 0.97% 0.69 4.1 4.9 11.3 0.11 1.00

1% 0.44% 3.62 14.9 25.9 47.3 0.35 0.27

2% 0.15% 3.13 17.2 23.3 34.4 0.35 0.64

3% 0.11% 2.81 18.4 21.5 32.0 0.22 1.01

1% 0.56% 1.87 8.2 15.3 29.2 0.35 0.48

2% 0.30% 1.63 9.7 13.5 21.2 0.35 0.91

3% 0.31% 1.47 10.5 12.0 21.5 0.14 1.02

Fixed-Pinned 12 1% 0.32% 4.41 18.1 31.0 56.5 0.35 0.31

1% 0.50% 2.28 9.6 18.1 34.1 0.35 0.44

2% 0.21% 1.95 11.5 16.0 24.2 0.35 0.98

10

Configuration H/D
Steel Ratio

DI Vn / Vs+Vc

D

Fixed-Pinned 5

Fixed-Fixed 5

Fixed-Pinned

Fixed-Fixed 10

Fixed-Fixed 12

6

Fixed-Fixed 6

Fixed-Pinned
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Table 11-8. Four column bent models designed for T = 1000-year 

 

 

Site Period ɲY ɲD ɲC

 Class Long. Trans. Sec in in in

1% 1.14% 2.06 6.5 16.8 34.4 0.35 0.20

2% 0.92% 1.85 8.0 15.2 28.6 0.35 0.29

3% 0.61% 1.67 8.5 13.7 23.3 0.35 0.49

1% 0.49% 1.12 4.0 9.3 20.0 0.35 1.00

2% 0.53% 1.04 5.5 8.6 17.8 0.25 0.99

3% 0.71% 0.96 6.1 7.7 19.8 0.12 1.00

Configuration H/D Vn / Vs+VcDI
Steel Ratio

D

Fixed-Pinned 7.5

Fixed-Fixed 7.5
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Table 11-9. DIL for cantilever SCBs with D = 4ô, H = 30ô, Site D, and T = 1000 

 

ȹD ȹD ȹD

in in in

169 17.44 0.41 7.71 0.07 10.50 0.26

338 15.16 0.33 10.71 0.22 9.31 0.18

729 12.37 0.24 14.09 0.38 15.62 0.59

778 35.04 1.00 14.53 0.40 15.48 0.58

900 12.75 0.25 10.55 0.21 10.96 0.29

978 16.84 0.39 12.62 0.31 12.00 0.35

995 11.15 0.19 8.65 0.11 8.58 0.13

1003 16.16 0.36 10.13 0.19 13.22 0.43

1107 8.94 0.12 8.98 0.13 12.25 0.37

1203 10.13 0.16 11.24 0.24 11.42 0.32

160 11.36 0.20 9.54 0.16 10.57 0.26

180 35.04 1.00 40.14 1.00 27.17 1.00

183 16.24 0.37 12.49 0.30 10.38 0.25

368 15.30 0.33 9.16 0.14 9.12 0.17

461 12.82 0.25 13.10 0.33 10.56 0.26

529 15.84 0.35 13.17 0.34 10.64 0.27

723 14.00 0.29 17.46 0.55 14.47 0.51

752 10.92 0.19 7.94 0.08 6.21 -0.02

821 13.34 0.27 13.44 0.35 14.13 0.49

829 11.40 0.20 12.94 0.33 9.99 0.22

953 16.62 0.38 7.69 0.07 10.61 0.26

1063 14.93 0.32 10.37 0.20 11.67 0.33

1087 16.50 0.37 14.10 0.38 9.61 0.20

1106 12.66 0.24 10.62 0.21 10.12 0.23

1503 12.00 0.22 14.39 0.40 13.85 0.47

F
a
r 

F
ie

ld
N

e
a
r 

F
ie

ld

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
Trans. Steel  = 0.75%Trans. Steel  = 0.92%

DIL DIL DIL

NGA No.
Trans. Steel  = 1.14%
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Table 11-10. DIL for cantilever SCBs with D = 4ô, H = 30ô, Site D, and T = 2500 

 

ȹD ȹD ȹD

in in in

169 35.04 1.00 9.42 0.15 13.23 0.43

338 19.30 0.47 15.41 0.45 12.37 0.38

729 50.07 1.00 18.66 0.61 18.49 0.77

778 35.04 1.00 27.46 1.00 25.96 1.00

900 25.43 0.68 13.22 0.34 13.93 0.48

978 27.88 0.76 17.86 0.57 17.72 0.72

995 13.77 0.28 9.88 0.17 10.65 0.27

1003 25.29 0.67 13.14 0.34 17.21 0.69

1107 9.14 0.13 12.20 0.29 16.60 0.65

1203 14.99 0.32 12.25 0.29 15.58 0.59

160 18.40 0.44 12.21 0.29 14.08 0.49

180 35.04 1.00 26.56 1.00 21.99 1.00

183 28.00 0.76 16.60 0.51 15.11 0.56

368 27.22 0.74 13.10 0.33 11.44 0.32

461 15.71 0.35 17.77 0.57 14.76 0.53

529 21.82 0.55 18.98 0.62 15.41 0.57

723 18.38 0.44 21.96 0.77 23.17 1.00

752 18.80 0.45 10.69 0.21 7.56 0.07

821 20.69 0.52 18.80 0.62 17.69 0.72

829 14.71 0.31 15.62 0.46 14.45 0.51

953 23.63 0.62 10.21 0.19 14.86 0.54

1063 22.14 0.56 14.13 0.38 13.77 0.47

1087 18.60 0.45 21.94 0.77 14.43 0.51

1106 18.50 0.44 13.26 0.34 12.27 0.37

1503 35.04 1.00 27.13 1.00 21.62 0.98

F
a
r 

F
ie

ld
N

e
a
r 

F
ie

ld

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
Trans. Steel  = 1.14% Trans. Steel  = 0.92% Trans. Steel  = 0.75%

DIL DIL DIL
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Table 11-11. DIL for fixed-fixed SCBs with D = 4ô, H = 30ô, Site D, and T = 1000 

 

ȹD ȹD ȹD

in in in

169 7.77 0.32 6.61 0.32 7.84 0.37

338 5.40 0.16 7.96 0.46 9.61 0.54

729 5.80 0.19 7.47 0.41 5.54 0.16

778 5.18 0.15 5.61 0.21 6.30 0.23

900 9.60 0.44 7.32 0.39 7.92 0.38

978 5.53 0.17 5.18 0.17 6.35 0.24

995 6.30 0.22 5.36 0.19 5.54 0.16

1003 5.76 0.19 7.88 0.45 7.29 0.32

1107 7.32 0.29 12.57 0.94 7.77 0.37

1203 3.86 0.06 6.33 0.29 4.93 0.10

160 6.73 0.25 6.83 0.34 4.66 0.08

180 8.00 0.33 8.55 0.52 11.39 0.70

183 12.85 0.65 9.28 0.60 6.39 0.24

368 5.36 0.16 6.93 0.35 6.14 0.22

461 8.78 0.39 5.61 0.21 5.71 0.18

529 6.39 0.23 8.55 0.52 9.31 0.51

723 16.22 0.88 13.62 1.00 6.33 0.23

752 8.05 0.34 7.54 0.41 4.93 0.11

821 11.37 0.56 10.11 0.68 9.62 0.54

829 8.10 0.34 9.02 0.57 7.14 0.31

953 6.87 0.26 5.83 0.24 6.62 0.26

1063 9.22 0.41 7.78 0.44 6.96 0.29

1087 7.60 0.31 5.28 0.18 5.22 0.13

1106 5.89 0.20 6.59 0.31 7.24 0.32

1503 6.11 0.21 8.80 0.55 8.63 0.45

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

Trans. Steel  = 0.84% Trans. Steel  = 0.50% Trans. Steel  = 0.71%
NGA No.
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Table 11-12. DIL for fixed-fixed SCBs with D = 4ô, H = 30ô, Site D, and T = 2500 

 

ȹD ȹD ȹD

in in in

169 14.45 0.76 9.39 0.61 11.09 0.68

338 6.58 0.24 10.07 0.68 12.08 0.77

729 8.44 0.36 11.42 0.82 7.65 0.36

778 6.15 0.21 6.15 0.27 8.56 0.44

900 17.25 0.94 12.47 0.93 10.41 0.61

978 7.54 0.30 6.74 0.33 8.36 0.42

995 7.21 0.28 7.09 0.37 6.65 0.26

1003 7.35 0.29 10.39 0.71 10.58 0.63

1107 12.87 0.65 21.00 1.00 11.99 0.76

1203 4.64 0.11 7.82 0.44 6.74 0.27

160 8.53 0.37 9.74 0.64 6.07 0.21

180 13.21 0.68 10.65 0.74 14.02 0.95

183 23.10 1.00 14.66 1.00 10.42 0.61

368 6.91 0.26 9.51 0.62 6.92 0.29

461 12.66 0.64 8.18 0.48 7.21 0.32

529 10.06 0.47 9.51 0.62 11.59 0.72

723 32.77 1.00 25.91 1.00 12.70 0.82

752 14.97 0.79 9.75 0.64 7.28 0.32

821 18.99 1.00 17.41 1.00 16.69 1.00

829 9.97 0.46 14.56 1.00 10.99 0.67

953 8.01 0.33 7.72 0.43 8.34 0.42

1063 12.49 0.63 12.00 0.88 10.80 0.65

1087 12.83 0.65 6.72 0.33 7.00 0.30

1106 7.37 0.29 7.08 0.37 9.06 0.49

1503 8.32 0.36 12.97 0.98 11.18 0.68

Long. Steel = 1%

DIL

Trans. Steel  = 0.84%
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ie

ld
NGA No.

Long. Steel = 2% Long. Steel = 3%

Trans. Steel  = 0.50% Trans. Steel  = 0.71%

DIL DIL
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Table 11-13. DIL for cantilever SCBs with D = 4ô, H = 60ô, Site D, and T = 1000 

 

ȹD ȹD

in in

169 22.44 0.03 31.88 0.52

338 22.83 0.04 20.57 -0.09

729 19.20 -0.08 13.31 -0.48

778 44.82 0.81 25.71 0.19

900 38.94 0.60 58.43 1.00

978 30.79 0.32 26.61 0.24

995 26.27 0.16 15.80 -0.35

1003 18.72 -0.10 24.41 0.12

1107 33.64 0.42 28.38 0.33

1203 19.78 -0.06 12.72 -0.51

160 38.72 0.60 41.60 1.00

180 28.63 0.24 25.55 0.18

183 31.78 0.35 29.42 0.39

368 22.17 0.02 27.45 0.28

461 22.76 0.04 26.97 0.26

529 27.06 0.19 23.63 0.08

723 29.81 0.29 28.85 0.36

752 38.61 0.59 30.58 0.45

821 26.64 0.17 21.79 -0.02

829 50.32 1.00 43.60 1.00

953 20.56 -0.04 28.44 0.33

1063 18.73 -0.10 24.94 0.15

1087 33.60 0.42 28.09 0.32

1106 18.35 -0.11 22.25 0.00

1503 20.70 -0.03 31.34 0.49
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Long. Steel = 3%

Trans. Steel  = 0.13%
NGA No.

Long. Steel = 2%

Trans. Steel  = 0.22%

Long. Steel = 1%

No data for 1% steel

DIL DIL
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Table 11-14. DIL for cantilever SCBs with D = 4ô, H = 60ô, Site D, and T = 2500 

 

ȹD ȹD

in in

169 29.92 0.29 40.70 1.00

338 29.32 0.27 27.59 0.34

729 27.79 0.21 18.20 -0.24

778 50.32 1.00 30.81 0.54

900 50.32 1.00 53.08 1.00

978 42.49 0.73 34.87 0.80

995 39.49 0.62 21.43 -0.04

1003 23.10 0.05 33.00 0.68

1107 50.32 1.00 39.53 1.00

1203 26.49 0.17 16.95 -0.32

160 38.55 0.59 55.30 1.00

180 39.29 0.62 35.23 0.82

183 64.80 1.00 42.00 1.00

368 28.71 0.25 35.22 0.82

461 31.93 0.36 36.18 0.88

529 36.25 0.51 32.10 0.62

723 41.87 0.71 38.26 1.00

752 50.76 1.00 42.08 1.00

821 36.05 0.50 29.51 0.46

829 50.32 1.00 38.16 1.00

953 28.18 0.23 38.57 1.00

1063 25.37 0.13 33.90 0.74

1087 50.32 1.00 37.70 0.97

1106 24.93 0.11 30.34 0.51

1503 28.35 0.23 39.05 1.00

Trans. Steel  = 0.13%

Long. Steel = 2% Long. Steel = 3%

Trans. Steel  = 0.22%

Long. Steel = 1%

DIL DIL
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No data for 1% steel
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Table 11-15. DIL for fixed-fixed SCBs with D = 4ô, H = 60ô, Site D, and T = 1000 

 

ȹD ȹD ȹD

in in in

169 18.76 0.27 19.87 0.43 16.15 0.29

338 17.22 0.23 14.80 0.16 16.02 0.28

729 18.24 0.26 13.61 0.09 12.72 0.03

778 17.23 0.23 24.44 0.68 19.68 0.56

900 24.63 0.46 19.64 0.42 16.76 0.34

978 17.86 0.25 14.94 0.16 17.37 0.38

995 15.23 0.16 15.61 0.20 16.45 0.31

1003 17.61 0.24 16.63 0.26 18.47 0.47

1107 17.55 0.24 12.23 0.02 6.59 -0.43

1203 41.33 1.00 21.01 0.49 10.54 -0.13

160 17.57 0.24 12.50 0.03 11.29 -0.07

180 19.88 0.31 22.90 0.60 25.96 1.00

183 23.53 0.43 17.99 0.33 14.85 0.19

368 15.08 0.16 18.51 0.36 16.54 0.32

461 16.75 0.21 17.51 0.30 15.55 0.25

529 19.51 0.30 16.50 0.25 15.63 0.25

723 20.72 0.34 16.73 0.26 16.24 0.30

752 10.69 0.02 18.19 0.34 17.25 0.37

821 14.83 0.15 16.53 0.25 16.91 0.35

829 14.62 0.14 15.43 0.19 15.78 0.26

953 12.85 0.08 19.59 0.42 21.27 0.68

1063 16.84 0.21 20.60 0.47 15.85 0.27

1087 27.69 0.56 13.98 0.11 15.10 0.21

1106 19.61 0.30 18.87 0.38 13.24 0.07

1503 14.45 0.14 17.80 0.32 12.90 0.05

F
a
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F
ie

ld
N

e
a
r 

F
ie

ld
NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

Trans. Steel  = 0.41% Trans. Steel  = 0.25% Trans. Steel  = 0.18%

DIL DIL DIL
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Table 11-16. DIL for fixed-fixed SCBs with D = 4ô, H = 60ô, Site D, and T = 2500 

 

ȹD ȹD ȹD

in in in

169 18.65 0.27 27.73 0.86 22.63 0.78

338 21.92 0.38 20.38 0.46 22.48 0.77

729 19.99 0.31 18.34 0.35 15.96 0.28

778 26.60 0.53 34.64 1.00 33.96 1.00

900 30.59 0.65 25.67 0.75 23.09 0.81

978 21.26 0.35 18.15 0.34 23.59 0.85

995 19.51 0.30 20.83 0.48 23.28 0.83

1003 23.92 0.44 22.89 0.59 26.42 1.00

1107 25.85 0.50 15.67 0.20 8.88 -0.26

1203 41.33 1.00 34.91 1.00 14.15 0.14

160 41.33 1.00 17.02 0.28 15.25 0.22

180 34.17 0.77 29.59 0.96 40.33 1.00

183 35.12 0.80 26.70 0.80 21.35 0.68

368 21.75 0.37 26.00 0.76 23.27 0.83

461 21.94 0.38 20.84 0.48 21.85 0.72

529 25.86 0.50 22.84 0.59 21.87 0.72

723 26.23 0.51 23.84 0.65 23.67 0.86

752 18.85 0.28 20.17 0.45 24.20 0.90

821 20.92 0.34 19.58 0.42 22.15 0.74

829 21.83 0.37 20.65 0.47 21.98 0.73

953 19.57 0.30 26.90 0.81 30.91 1.00

1063 24.67 0.46 29.47 0.95 22.58 0.77

1087 32.22 0.71 18.84 0.38 20.36 0.61

1106 28.17 0.58 27.69 0.86 19.10 0.51

1503 25.09 0.48 32.94 1.00 17.59 0.40

Trans. Steel  = 0.41% Trans. Steel  = 0.25% Trans. Steel  = 0.18%

F
a
r 

F
ie

ld
N

e
a
r 

F
ie

ld
NGA No.

Long. Steel = 1%

DIL

Long. Steel = 2% Long. Steel = 3%

DIL DIL
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Table 11-17. DIL for cantilever SCBs with D = 6ô, H = 30ô, Site B, and T = 1000 

 

ȹD ȹD

in in

164 3.22 0.00 4.55 0.15

286 5.42 0.36 3.57 -0.02

369 3.52 0.05 5.02 0.23

755 4.29 0.18 4.74 0.18

769 4.84 0.27 4.95 0.21

994 4.60 0.23 3.80 0.02

1091 4.90 0.28 4.00 0.05

1234 4.95 0.28 4.39 0.12

1482 5.53 0.38 4.49 0.13

2626 5.31 0.34 4.71 0.17

126 6.16 0.48 4.24 0.09

143 4.19 0.16 5.96 0.39

265 3.96 0.12 4.61 0.16

292 6.24 0.50 5.13 0.25

495 4.28 0.17 3.34 -0.06

765 5.27 0.34 4.01 0.05

810 3.71 0.08 4.40 0.12

828 5.11 0.31 4.37 0.11

879 6.26 0.50 6.54 0.49

1013 4.01 0.13 5.00 0.22

1080 5.42 0.36 3.71 0.00

1111 4.73 0.25 4.80 0.19

1197 5.30 0.34 4.77 0.18

1517 4.32 0.18 5.47 0.30

1787 5.33 0.35 6.64 0.51

Trans. Steel  = 0.17% Trans. Steel  = 0.23%
NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

No data for 3% steel 

DIL DIL
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Table 11-18. DIL for cantilever SCBs with D = 6ô, H = 30ô, Site B, and T = 2500 

 

ȹD ȹD

in in

164 3.88 0.11 6.13 0.42

286 7.33 0.68 5.24 0.26

369 4.46 0.20 5.85 0.37

755 6.27 0.50 6.66 0.51

769 6.37 0.52 6.54 0.49

994 6.10 0.47 4.93 0.21

1091 6.45 0.53 5.13 0.25

1234 6.84 0.60 5.32 0.28

1482 8.24 0.83 7.93 0.73

2626 7.24 0.66 6.90 0.55

126 8.31 0.84 5.76 0.36

143 5.92 0.44 9.21 0.95

265 4.58 0.22 5.73 0.35

292 10.50 1.00 8.44 0.82

495 5.40 0.36 4.80 0.19

765 8.20 0.82 6.51 0.48

810 4.89 0.27 5.44 0.30

828 8.08 0.80 5.38 0.29

879 11.20 1.00 12.57 1.00

1013 5.95 0.45 7.58 0.67

1080 5.60 0.39 5.15 0.25

1111 7.58 0.72 5.95 0.39

1197 6.77 0.58 7.08 0.58

1517 5.26 0.34 6.60 0.50

1787 6.39 0.52 9.15 0.94

DIL DIL

No data for 3% steel 

NGA No.

Long. Steel = 1% Long. Steel = 2%
Trans. Steel  = 0.17%
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Long. Steel = 3%
Trans. Steel  = 0.23%
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Table 11-19. DIL for fixed-fixed SCBs with D = 6ô, H = 30ô, Site B, and T = 1000 

 

ȹD

in

164 1.95 0.01

286 4.00 0.27

369 3.50 0.21

755 2.27 0.05

769 2.44 0.08

994 2.76 0.12

1091 2.21 0.05

1234 3.59 0.22

1482 3.47 0.20

2626 3.01 0.15

126 2.60 0.10

143 3.48 0.20

265 2.37 0.07

292 4.44 0.32

495 2.60 0.09

765 2.70 0.11

810 3.00 0.14

828 2.46 0.08

879 3.58 0.22

1013 3.48 0.20

1080 2.54 0.09

1111 2.60 0.09

1197 3.29 0.18

1517 3.60 0.22

1787 2.95 0.14

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
Trans. Steel  = 0.61%

No data for 2% steel No data for 3% steel 
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Table 11-20. DIL for fixed-fixed SCBs with D = 6ô, H = 30ô, Site B, and T = 2500 

 

ȹD

in

164 2.76 0.11

286 8.32 0.80

369 5.68 0.48

755 2.76 0.12

769 3.85 0.25

994 3.42 0.20

1091 2.74 0.11

1234 5.83 0.49

1482 5.23 0.42

2626 4.97 0.39

126 3.47 0.20

143 5.09 0.40

265 2.93 0.14

292 10.17 1.00

495 4.00 0.27

765 3.92 0.26

810 5.03 0.40

828 2.95 0.14

879 7.72 0.73

1013 6.47 0.57

1080 3.43 0.20

1111 3.29 0.18

1197 4.49 0.33

1517 7.05 0.65

1787 4.97 0.39

Long. Steel = 3%

NGA No.

Long. Steel = 1% Long. Steel = 2%
Trans. Steel  = 0.17%

No data for 2% steel No data for 3% steel 
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Table 11-21. DIL for cantilever SCBs with D = 6ô, H = 30ô, Site D, and T = 1000 

 

ȹD ȹD ȹD

in in in

169 12.19 0.46 7.88 0.30 6.58 0.28

338 6.00 0.13 5.63 0.13 7.85 0.41

729 9.16 0.30 10.07 0.47 7.79 0.41

778 9.91 0.34 6.27 0.18 5.71 0.18

900 10.33 0.36 9.53 0.43 7.42 0.37

978 6.66 0.17 6.27 0.18 5.82 0.19

995 5.72 0.12 6.19 0.17 5.79 0.19

1003 9.79 0.33 6.09 0.16 8.43 0.48

1107 12.11 0.45 6.55 0.20 10.78 0.73

1203 9.56 0.32 6.12 0.16 6.56 0.27

160 5.12 0.08 7.58 0.28 7.52 0.38

180 16.32 0.67 6.91 0.23 8.54 0.49

183 7.83 0.23 11.32 0.56 9.52 0.59

368 6.39 0.15 5.82 0.14 6.55 0.27

461 9.72 0.33 7.92 0.30 5.95 0.21

529 8.20 0.25 7.42 0.26 8.70 0.50

723 14.65 0.59 16.13 0.93 11.38 0.79

752 6.11 0.14 7.93 0.30 8.53 0.49

821 11.15 0.40 9.79 0.45 9.75 0.62

829 8.38 0.26 9.20 0.40 9.31 0.57

953 6.78 0.17 7.93 0.30 5.98 0.21

1063 9.68 0.33 9.04 0.39 7.94 0.42

1087 8.28 0.25 7.50 0.27 5.47 0.16

1106 7.76 0.22 6.21 0.17 6.75 0.29

1503 6.62 0.16 5.96 0.15 8.55 0.49

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
Trans. Steel  = 1.05% Trans. Steel  = 0.84% Trans. Steel  = 0.66%
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Table 11-22. DIL for cantilever SCBs with D = 6ô, H = 30ô, Site D, and T = 2500 

 

ȹD ȹD ȹD

in in in

169 14.26 0.57 15.46 0.88 8.26 0.46

338 6.64 0.16 7.30 0.26 9.20 0.56

729 12.19 0.46 15.10 0.85 9.95 0.64

778 16.16 0.67 7.43 0.27 6.41 0.26

900 13.57 0.53 18.28 1.00 8.82 0.52

978 9.16 0.30 7.30 0.26 7.20 0.34

995 7.36 0.20 7.86 0.30 7.00 0.32

1003 16.44 0.68 7.26 0.25 9.90 0.63

1107 14.24 0.57 9.39 0.42 16.42 1.00

1203 12.76 0.49 8.29 0.33 7.77 0.40

160 6.57 0.16 8.74 0.37 10.22 0.67

180 22.49 1.00 10.97 0.54 9.83 0.62

183 10.00 0.34 19.11 1.00 13.27 0.99

368 9.29 0.30 7.97 0.31 8.72 0.51

461 13.31 0.52 11.40 0.57 7.86 0.41

529 12.49 0.47 9.44 0.42 9.70 0.61

723 18.87 0.81 24.38 1.00 19.77 1.00

752 10.32 0.36 11.39 0.57 10.29 0.67

821 18.21 0.77 16.17 0.94 14.45 1.00

829 10.35 0.36 12.28 0.64 13.29 1.00

953 8.94 0.29 9.71 0.44 7.72 0.40

1063 11.77 0.44 12.95 0.69 11.10 0.76

1087 14.06 0.56 11.42 0.57 6.99 0.32

1106 10.04 0.34 8.46 0.34 7.34 0.36

1503 11.36 0.41 7.64 0.28 11.13 0.76

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
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Trans. Steel  = 1.14% Trans. Steel  = 0.92% Trans. Steel  = 0.75%
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Table 11-23. DIL for fixed-fixed SCBs with D = 6ô, H = 30ô, Site D, and T = 1000 

 

ȹD ȹD ȹD

in in in

169 3.14 0.16 4.18 0.18 4.20 0.17

338 7.72 0.73 2.76 0.05 3.35 0.09

729 4.08 0.28 4.11 0.17 3.88 0.14

778 3.92 0.26 3.79 0.14 4.41 0.19

900 5.77 0.49 5.32 0.28 3.64 0.12

978 4.87 0.38 4.90 0.24 5.01 0.24

995 3.32 0.18 3.20 0.09 3.70 0.12

1003 5.00 0.39 3.04 0.07 3.20 0.08

1107 4.40 0.32 3.71 0.13 4.63 0.21

1203 4.47 0.33 3.40 0.10 4.07 0.15

160 2.76 0.12 3.57 0.12 4.53 0.20

180 8.24 0.79 3.63 0.13 2.76 0.04

183 3.88 0.25 3.69 0.13 3.32 0.09

368 4.26 0.30 3.05 0.07 3.21 0.08

461 3.78 0.24 3.89 0.15 4.81 0.22

529 7.68 0.72 5.31 0.28 3.41 0.10

723 5.22 0.42 5.26 0.28 3.49 0.10

752 2.99 0.14 4.53 0.21 4.30 0.18

821 8.58 0.83 6.66 0.40 4.29 0.18

829 4.60 0.34 5.57 0.30 3.89 0.14

953 6.00 0.52 2.55 0.03 4.00 0.15

1063 6.60 0.59 6.27 0.37 4.07 0.15

1087 4.78 0.36 3.93 0.15 2.67 0.03

1106 6.09 0.53 3.58 0.12 2.37 0.00

1503 7.19 0.66 4.90 0.24 4.55 0.20

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
Trans. Steel  = 0.61% Trans. Steel  = 1.02% Trans. Steel  = 1.31%
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Table 11-24. DIL for fixed-fixed SCBs with D = 6ô, H = 30ô, Site D, and T = 2500 

 

ȹD ȹD ȹD

in in in

169 3.98 0.27 5.15 0.27 5.37 0.27

338 11.36 1.00 4.75 0.23 5.05 0.24

729 4.84 0.37 5.47 0.30 5.36 0.27

778 4.73 0.36 4.97 0.25 5.52 0.29

900 9.14 0.91 8.96 0.62 6.00 0.33

978 6.82 0.62 6.88 0.43 7.85 0.50

995 4.77 0.36 4.18 0.18 4.58 0.20

1003 6.97 0.64 4.15 0.17 3.73 0.12

1107 7.00 0.64 4.76 0.23 3.13 0.07

1203 5.73 0.48 4.98 0.25 5.50 0.29

160 3.66 0.23 4.28 0.19 6.05 0.34

180 13.25 1.00 5.65 0.31 3.83 0.13

183 5.85 0.50 5.53 0.30 4.92 0.23

368 4.81 0.37 4.21 0.18 4.21 0.17

461 5.67 0.48 4.50 0.21 6.51 0.38

529 9.52 0.95 11.80 0.88 6.28 0.36

723 10.01 1.00 12.79 0.97 5.53 0.29

752 3.68 0.23 5.18 0.27 5.88 0.32

821 17.15 1.00 14.18 1.00 8.08 0.52

829 6.34 0.56 7.79 0.51 5.89 0.32

953 8.32 0.80 3.51 0.11 5.60 0.29

1063 10.61 1.00 11.03 0.81 6.99 0.42

1087 5.97 0.51 5.63 0.31 3.52 0.10

1106 7.83 0.74 7.39 0.47 3.20 0.08

1503 12.20 1.00 10.60 0.77 10.01 0.70

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
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Trans. Steel  = 0.61% Trans. Steel  = 1.02% Trans. Steel  = 1.31%
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Table 11-25. DIL for cantilever SCBs with D = 6ô, H = 60ô, Site D, and T = 1000 

 

ȹD ȹD ȹD

in in in

169 23.49 0.31 21.31 0.34 15.74 0.10

338 17.35 0.14 18.88 0.22 18.18 0.26

729 14.14 0.04 19.47 0.25 19.44 0.34

778 16.57 0.11 18.60 0.21 25.25 0.72

900 42.32 0.86 23.16 0.42 22.07 0.51

978 19.63 0.20 17.76 0.17 14.33 0.01

995 16.89 0.12 16.92 0.14 14.39 0.01

1003 19.83 0.21 18.23 0.20 16.01 0.12

1107 25.92 0.38 21.43 0.34 13.41 -0.05

1203 21.33 0.25 41.44 1.00 32.70 1.00

160 44.53 0.92 17.76 0.17 14.59 0.03

180 23.98 0.33 23.82 0.45 24.42 0.67

183 30.35 0.51 24.61 0.49 21.09 0.45

368 24.35 0.34 17.48 0.16 16.59 0.16

461 30.23 0.51 16.99 0.14 14.82 0.04

529 22.19 0.28 20.00 0.28 18.06 0.25

723 20.50 0.23 22.42 0.39 16.39 0.14

752 17.77 0.15 15.75 0.08 15.43 0.08

821 19.46 0.20 17.29 0.15 16.37 0.14

829 26.59 0.40 18.44 0.20 15.21 0.07

953 23.76 0.32 16.91 0.13 18.00 0.25

1063 25.05 0.36 22.77 0.40 21.30 0.46

1087 26.20 0.39 24.02 0.46 15.67 0.10

1106 17.48 0.14 21.27 0.33 22.15 0.52

1503 31.34 0.54 35.86 1.00 18.89 0.31

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

Trans. Steel  = 0.44% Trans. Steel  = 0.30% Trans. Steel  = 0.20%
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Table 11-26. DIL for cantilever SCBs with D = 6ô, H = 60ô, Site D, and T = 2500 

 

ȹD ȹD ȹD

in in in

169 25.10 0.36 28.78 0.68 22.65 0.55

338 20.33 0.22 21.95 0.37 21.61 0.48

729 18.01 0.16 23.69 0.45 28.68 0.95

778 21.66 0.26 25.36 0.52 31.37 1.00

900 38.12 0.74 35.17 0.97 27.83 0.89

978 20.75 0.23 23.35 0.43 19.93 0.37

995 23.09 0.30 21.69 0.35 19.20 0.33

1003 27.86 0.44 24.20 0.47 21.72 0.49

1107 45.58 0.95 31.42 0.80 18.32 0.27

1203 24.72 0.35 59.30 1.00 51.32 1.00

160 47.19 1.00 35.54 0.99 19.60 0.35

180 47.19 1.00 29.26 0.70 28.43 0.93

183 46.83 0.99 35.89 1.00 30.76 1.00

368 26.68 0.41 24.91 0.50 22.99 0.57

461 42.98 0.88 22.98 0.41 20.09 0.38

529 28.70 0.46 27.40 0.61 24.97 0.70

723 24.02 0.33 30.46 0.75 23.08 0.58

752 29.43 0.49 20.45 0.30 19.73 0.36

821 26.60 0.40 21.35 0.34 21.50 0.48

829 47.63 1.00 25.67 0.54 20.57 0.42

953 33.29 0.60 22.77 0.40 24.21 0.65

1063 34.72 0.64 31.98 0.82 30.10 1.00

1087 44.11 0.91 34.00 0.92 21.97 0.51

1106 23.09 0.30 27.88 0.64 31.64 1.00

1503 47.19 1.00 52.57 1.00 37.32 1.00

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
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Trans. Steel  = 0.44% Trans. Steel  = 0.30% Trans. Steel  = 0.20%
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Table 11-27. DIL for fixed-fixed SCBs with D = 6ô, H = 60ô, Site D, and T = 1000 

 

ȹD ȹD ȹD

in in in

169 9.14 0.12 11.66 0.32 16.40 0.67

338 11.96 0.25 10.52 0.23 7.86 0.01

729 12.80 0.29 15.48 0.60 9.81 0.16

778 17.34 0.50 12.97 0.41 10.20 0.19

900 11.50 0.23 11.58 0.31 10.78 0.24

978 14.00 0.34 10.97 0.26 8.46 0.05

995 9.12 0.11 8.85 0.10 8.81 0.08

1003 10.40 0.17 13.21 0.43 12.09 0.34

1107 8.58 0.09 13.88 0.48 11.16 0.27

1203 11.18 0.21 10.79 0.25 14.31 0.51

160 12.56 0.27 11.58 0.31 7.92 0.01

180 29.10 1.00 20.10 0.95 14.24 0.51

183 13.00 0.29 9.84 0.18 9.41 0.13

368 10.48 0.18 9.61 0.16 9.13 0.11

461 14.11 0.35 11.00 0.27 11.16 0.27

529 14.23 0.35 10.57 0.23 9.88 0.16

723 15.80 0.42 13.09 0.42 15.36 0.59

752 9.94 0.15 7.22 -0.02 9.69 0.15

821 14.19 0.35 14.62 0.54 12.90 0.40

829 11.90 0.24 10.16 0.20 8.07 0.02

953 20.95 0.66 11.52 0.30 10.46 0.21

1063 10.93 0.20 11.97 0.34 10.37 0.20

1087 15.01 0.39 9.13 0.12 10.35 0.20

1106 11.02 0.20 10.29 0.21 10.43 0.21

1503 11.01 0.20 12.54 0.38 10.00 0.17

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

Trans. Steel  = 0.48% Trans. Steel  = 0.30% Trans. Steel  = 0.36%
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Table 11-28. DIL for fixed-fixed SCBs with D = 6ô, H = 60ô, Site D, and T = 2500 

 

ȹD ȹD ȹD

in in in

169 11.77 0.24 13.68 0.47 19.45 0.91

338 17.00 0.48 12.30 0.36 10.97 0.25

729 15.13 0.39 20.41 0.97 14.42 0.52

778 30.86 1.00 21.36 1.00 12.94 0.40

900 14.38 0.36 15.38 0.60 15.73 0.62

978 19.64 0.60 16.49 0.68 12.08 0.34

995 11.74 0.24 11.93 0.34 11.44 0.29

1003 13.42 0.31 18.43 0.83 18.03 0.80

1107 11.95 0.25 16.03 0.64 14.84 0.55

1203 12.81 0.29 14.49 0.53 14.80 0.55

160 13.14 0.30 14.01 0.49 11.22 0.27

180 72.82 1.00 40.48 1.00 25.26 1.00

183 17.18 0.49 14.74 0.55 11.45 0.29

368 14.90 0.38 11.53 0.31 12.19 0.35

461 19.09 0.58 15.33 0.59 15.63 0.61

529 20.26 0.63 15.18 0.58 12.13 0.34

723 20.75 0.65 20.58 0.99 23.33 1.00

752 12.59 0.28 8.93 0.11 12.41 0.36

821 17.86 0.52 18.83 0.86 17.27 0.74

829 14.42 0.36 14.37 0.52 11.30 0.28

953 32.59 1.00 14.85 0.56 15.10 0.57

1063 14.94 0.39 15.69 0.62 14.89 0.56

1087 23.53 0.78 13.25 0.43 12.67 0.38

1106 13.58 0.32 13.42 0.45 13.21 0.43

1503 21.60 0.69 19.18 0.88 13.04 0.41

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
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Trans. Steel  = 0.48% Trans. Steel  = 0.30% Trans. Steel  = 0.36%
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Table 11-29. DIL for cantilever SCBs with D = 6ô, H = 30ô, Site D, and T = 1500 

 

ȹD ȹD ȹD

in in in

169 12.90 0.41 10.58 0.39 7.47 0.27

338 6.27 0.12 6.27 0.13 8.57 0.36

729 10.79 0.32 12.23 0.48 8.94 0.39

778 12.41 0.39 6.97 0.17 6.20 0.17

900 11.84 0.36 13.24 0.54 8.12 0.33

978 7.62 0.18 6.47 0.14 6.31 0.18

995 6.35 0.12 7.04 0.17 6.17 0.17

1003 12.79 0.40 6.18 0.12 9.43 0.43

1107 13.44 0.43 7.71 0.21 13.31 0.75

1203 11.87 0.36 7.27 0.19 7.13 0.25

160 5.94 0.10 7.87 0.22 9.45 0.44

180 22.78 0.84 8.06 0.24 9.31 0.42

183 9.24 0.25 13.71 0.57 11.47 0.60

368 7.28 0.16 6.84 0.16 7.77 0.30

461 11.18 0.33 9.30 0.31 6.89 0.23

529 9.92 0.28 7.59 0.21 9.32 0.43

723 16.56 0.57 19.69 0.93 15.89 0.96

752 7.61 0.18 9.08 0.30 10.02 0.48

821 13.92 0.45 12.18 0.48 12.13 0.66

829 9.29 0.25 10.64 0.39 11.51 0.61

953 7.24 0.16 8.76 0.28 6.97 0.23

1063 10.67 0.31 10.76 0.40 9.60 0.45

1087 10.44 0.30 9.02 0.29 6.36 0.18

1106 8.70 0.23 7.26 0.19 7.24 0.25

1503 7.84 0.19 6.71 0.16 9.99 0.48
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Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

Trans. Steel  = 1.32% Trans. Steel  = 1.19% Trans. Steel  = 0.97%
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Table 11-30. DIL for fixed-fixed SCBs with D = 6ô, H = 30ô, Site D, and T = 1500 

 

ȹD ȹD ȹD

in in in

169 3.25 0.15 4.67 0.43 4.89 0.72

338 9.19 0.80 3.29 0.20 3.99 0.48

729 4.50 0.29 4.67 0.43 4.30 0.56

778 4.24 0.26 4.32 0.37 4.94 0.73

900 7.07 0.57 6.71 0.78 4.27 0.56

978 5.49 0.40 5.79 0.62 6.13 1.00

995 4.04 0.24 3.59 0.25 4.15 0.53

1003 5.97 0.45 3.33 0.20 3.49 0.35

1107 5.09 0.35 4.13 0.34 5.49 0.88

1203 4.82 0.32 4.01 0.32 4.68 0.66

160 3.06 0.13 3.96 0.31 5.17 0.79

180 10.49 0.94 4.36 0.38 3.18 0.27

183 4.68 0.31 4.39 0.38 3.92 0.46

368 4.52 0.29 3.54 0.24 3.67 0.40

461 4.52 0.29 4.21 0.35 5.19 0.80

529 8.96 0.77 7.68 0.95 4.26 0.55

723 6.80 0.54 7.32 0.88 4.23 0.54

752 3.35 0.16 4.80 0.45 5.02 0.75

821 11.35 1.00 9.06 1.00 5.45 0.87

829 5.33 0.38 6.48 0.74 4.69 0.67

953 7.24 0.59 2.92 0.13 4.57 0.63

1063 8.25 0.70 8.01 1.00 5.08 0.77

1087 5.36 0.38 4.59 0.42 3.06 0.24

1106 7.02 0.56 4.77 0.45 2.71 0.15

1503 9.13 0.79 6.77 0.79 5.89 0.98
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NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
Trans. Steel  = 0.74% Trans. Steel  = 0.41% Trans. Steel  = 0.26%
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Table 11-31. DIL for cantilever SCBs with D = 6ô, H = 60ô, Site D, and T = 1500 

 

ȹD ȹD ȹD

in in in

169 24.84 0.28 23.78 0.31 18.38 0.16

338 17.75 0.11 19.89 0.18 19.97 0.23

729 16.10 0.08 22.01 0.25 23.27 0.38

778 18.82 0.14 20.17 0.19 26.63 0.52

900 53.36 0.94 28.18 0.45 23.58 0.39

978 21.29 0.20 20.07 0.19 16.54 0.08

995 19.33 0.15 19.85 0.18 16.30 0.07

1003 23.80 0.26 20.67 0.20 18.29 0.16

1107 31.18 0.43 25.20 0.35 15.36 0.03

1203 23.09 0.24 47.53 1.00 39.42 1.00

160 52.33 0.92 23.79 0.31 16.52 0.08

180 28.96 0.38 24.55 0.33 26.72 0.53

183 35.67 0.53 29.03 0.48 25.09 0.46

368 26.00 0.31 20.06 0.18 19.09 0.19

461 35.48 0.53 19.33 0.16 17.02 0.10

529 24.84 0.28 22.98 0.28 20.96 0.28

723 22.22 0.22 26.07 0.38 19.15 0.20

752 21.89 0.21 17.66 0.11 17.14 0.11

821 22.12 0.22 18.29 0.13 18.95 0.19

829 31.55 0.44 21.34 0.23 17.68 0.13

953 27.25 0.34 19.27 0.16 20.48 0.26

1063 28.82 0.37 26.46 0.39 24.93 0.45

1087 31.36 0.43 27.97 0.44 18.42 0.17

1106 18.95 0.14 24.40 0.33 26.27 0.51

1503 47.37 0.80 48.79 1.00 23.88 0.40
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NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
Trans. Steel  = 0.61% Trans. Steel  = 0.52% Trans. Steel  = 0.42%
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Table 11-32. DIL for fixed-fixed SCBs with D = 6ô, H = 60ô, Site D, and T = 1500 

 

ȹD ȹD ȹD

in in in

169 9.73 0.11 12.31 0.25 17.57 0.73

338 14.05 0.26 11.24 0.19 9.08 0.10

729 14.94 0.29 18.05 0.55 11.57 0.28

778 22.81 0.58 16.22 0.46 11.56 0.28

900 12.70 0.21 13.40 0.31 12.70 0.37

978 16.38 0.35 13.18 0.29 9.94 0.16

995 9.73 0.11 10.06 0.13 10.16 0.18

1003 11.57 0.17 15.40 0.41 14.21 0.48

1107 9.97 0.11 14.43 0.36 12.07 0.32

1203 12.85 0.22 12.27 0.25 14.69 0.52

160 12.51 0.21 12.53 0.26 9.37 0.12

180 41.35 1.00 26.84 1.00 18.02 0.77

183 12.76 0.21 11.72 0.22 10.60 0.21

368 12.29 0.20 10.72 0.16 10.17 0.18

461 16.38 0.35 12.76 0.27 12.95 0.39

529 16.72 0.36 12.43 0.25 10.91 0.23

723 18.09 0.41 15.89 0.44 18.54 0.81

752 11.11 0.16 8.01 0.02 10.43 0.20

821 14.80 0.29 16.35 0.46 14.77 0.52

829 12.92 0.22 11.83 0.22 9.35 0.12

953 25.59 0.68 12.43 0.25 12.45 0.35

1063 12.14 0.19 13.76 0.33 12.11 0.32

1087 18.64 0.43 10.77 0.17 11.16 0.25

1106 11.09 0.15 11.79 0.22 11.77 0.30

1503 15.95 0.33 14.82 0.38 11.31 0.26
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NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
Trans. Steel  = 0.71% Trans. Steel  = 0.52% Trans. Steel  = 0.40%
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Table 11-33. DIL for fixed-pinned TCBs with D = 5ô, H = 30ô, Site D, and T = 1000 

 

ȹD ȹD ȹD

in in in

169 6.71 0.06 13.00 0.47 11.34 0.44

338 10.72 0.24 8.75 0.18 7.15 0.05

729 13.44 0.36 10.22 0.28 8.53 0.18

778 11.72 0.29 10.23 0.28 8.06 0.14

900 9.28 0.18 10.60 0.30 8.76 0.20

978 11.39 0.27 8.38 0.15 7.51 0.08

995 7.07 0.08 7.50 0.09 7.68 0.10

1003 11.32 0.27 9.52 0.23 9.62 0.28

1107 7.88 0.12 13.44 0.50 11.52 0.46

1203 8.98 0.16 9.13 0.20 9.89 0.31

160 8.33 0.14 8.55 0.16 7.06 0.04

180 28.00 1.00 19.34 0.91 17.95 1.05

183 10.14 0.22 7.47 0.09 8.67 0.19

368 9.23 0.18 8.74 0.18 7.98 0.13

461 11.99 0.30 11.89 0.39 10.50 0.36

529 13.10 0.35 9.47 0.23 8.55 0.18

723 15.84 0.47 13.87 0.53 13.45 0.63

752 7.37 0.09 7.19 0.07 8.00 0.13

821 12.07 0.30 10.85 0.32 9.31 0.25

829 12.22 0.31 9.01 0.19 8.23 0.15

953 9.55 0.19 10.65 0.31 9.64 0.28

1063 9.12 0.17 11.40 0.36 10.08 0.32

1087 10.76 0.24 7.98 0.12 8.71 0.20

1106 8.97 0.16 7.31 0.08 9.00 0.22

1503 15.91 0.47 8.27 0.14 7.63 0.10

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

Trans. Steel  = 1.06% Trans. Steel  = 0.83% Trans. Steel  = 0.68%
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Table 11-34. DIL for fixed-pinned TCBs with D = 5ô, H = 30ô, Site D, and T = 2500 

 

ȹD ȹD ȹD

in in in

169 8.63 0.15 15.71 0.66 19.66 1.00

338 15.15 0.44 10.40 0.29 9.66 0.28

729 19.81 0.64 13.99 0.54 12.24 0.52

778 22.12 0.74 17.67 0.79 12.83 0.58

900 11.44 0.27 14.02 0.54 13.74 0.66

978 17.30 0.53 13.22 0.48 9.84 0.30

995 10.20 0.22 10.36 0.29 9.10 0.23

1003 13.91 0.38 16.24 0.69 12.94 0.59

1107 10.30 0.22 14.77 0.59 18.74 1.00

1203 11.59 0.28 10.95 0.33 12.80 0.57

160 10.89 0.25 11.42 0.36 9.03 0.23

180 28.00 1.00 20.70 1.00 17.40 1.00

183 14.88 0.42 10.90 0.32 12.68 0.56

368 13.17 0.35 11.33 0.35 9.16 0.24

461 15.25 0.44 16.85 0.73 14.74 0.75

529 18.46 0.58 14.14 0.55 11.31 0.44

723 21.05 0.69 19.30 0.90 20.85 1.00

752 10.41 0.23 10.36 0.29 9.51 0.27

821 18.68 0.59 15.80 0.66 14.14 0.70

829 15.06 0.43 12.51 0.44 11.93 0.49

953 12.16 0.30 13.15 0.48 11.39 0.44

1063 12.83 0.33 14.11 0.55 14.38 0.72

1087 17.98 0.56 12.22 0.42 10.79 0.39

1106 12.60 0.32 10.00 0.26 11.94 0.49

1503 12.04 0.30 15.77 0.66 10.46 0.36

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
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Trans. Steel  = 1.06% Trans. Steel  = 0.83% Trans. Steel  = 0.68%
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Table 11-35. DIL for fixed-fixed TCBs with D = 5ô, H = 30ô, Site D, and T = 1000 

 

ȹD ȹD ȹD

in in in

169 6.01 0.29 4.69 0.15 4.19 0.02

338 6.41 0.33 8.94 0.78 5.99 0.26

729 5.25 0.22 4.76 0.16 4.80 0.10

778 4.98 0.20 5.61 0.28 4.98 0.12

900 7.12 0.39 5.48 0.26 4.57 0.07

978 4.14 0.12 5.39 0.25 4.52 0.06

995 3.92 0.10 4.21 0.07 4.19 0.02

1003 6.65 0.35 6.19 0.37 4.52 0.06

1107 11.40 0.79 5.58 0.28 4.98 0.12

1203 5.16 0.21 4.48 0.11 4.16 0.01

160 4.85 0.19 4.54 0.12 4.64 0.08

180 8.61 0.53 7.84 0.61 5.18 0.15

183 8.54 0.53 5.63 0.29 4.04 -0.01

368 6.85 0.37 5.37 0.25 4.96 0.12

461 5.28 0.23 4.84 0.17 4.63 0.08

529 7.05 0.39 6.53 0.42 4.17 0.01

723 11.47 0.80 5.23 0.23 4.61 0.07

752 5.16 0.21 4.39 0.10 4.16 0.01

821 9.18 0.59 6.73 0.45 5.30 0.17

829 8.28 0.50 6.19 0.37 5.01 0.13

953 4.43 0.15 6.64 0.44 4.08 0.00

1063 6.85 0.37 5.39 0.25 4.80 0.10

1087 4.89 0.19 5.49 0.26 5.05 0.13

1106 5.73 0.27 5.54 0.27 3.52 -0.08

1503 7.77 0.46 4.44 0.11 4.98 0.12

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

Trans. Steel  = 0.75% Trans. Steel  = 0.45% Trans. Steel  = 0.97%
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DIL DIL DIL
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Table 11-36. DIL for fixed-fixed TCBs with D = 5ô, H = 30ô, Site D, and T = 2500 

 

ȹD ȹD ȹD

in in in

169 9.69 0.63 5.71 0.30 5.68 0.22

338 8.51 0.52 11.29 1.00 14.06 1.00

729 9.55 0.62 5.75 0.30 6.24 0.30

778 6.08 0.30 7.36 0.54 6.53 0.34

900 14.75 1.00 8.73 0.75 6.55 0.34

978 4.91 0.19 6.73 0.45 6.17 0.29

995 5.65 0.26 5.18 0.22 5.67 0.22

1003 9.49 0.61 8.86 0.77 6.74 0.37

1107 16.91 1.00 7.50 0.56 6.91 0.39

1203 6.31 0.32 5.73 0.30 5.94 0.26

160 7.13 0.40 6.21 0.37 6.25 0.30

180 12.38 0.88 13.33 1.00 8.28 0.58

183 13.36 0.97 8.86 0.76 5.56 0.20

368 7.98 0.47 6.38 0.40 6.88 0.39

461 7.63 0.44 6.14 0.36 5.65 0.22

529 8.32 0.51 10.52 1.00 7.28 0.44

723 24.71 1.00 8.12 0.66 7.24 0.44

752 9.28 0.59 5.21 0.22 4.83 0.10

821 16.79 1.00 12.50 1.00 9.15 0.70

829 12.79 0.92 9.12 0.80 7.24 0.44

953 5.51 0.25 8.93 0.78 8.42 0.60

1063 10.76 0.73 8.64 0.73 7.52 0.47

1087 5.55 0.25 7.24 0.52 7.52 0.47

1106 6.19 0.31 8.26 0.68 5.17 0.15

1503 12.94 0.93 8.18 0.66 9.49 0.75

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

N
e
a
r 

F
ie

ld

Trans. Steel  = 0.75% Trans. Steel  = 0.45% Trans. Steel  = 0.97%
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DIL DIL DIL
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Table 11-37. DIL for fixed-pinned TCBs with D = 5ô, H = 60ô, Site D, and T = 1000 

 

ȹD

in

169 20.74 0.07

338 21.17 0.08

729 18.44 0.01

778 47.20 0.76

900 32.17 0.37

978 29.18 0.29

995 32.08 0.36

1003 20.60 0.07

1107 42.22 0.63

1203 15.47 -0.07

160 28.46 0.27

180 30.48 0.32

183 56.55 1.00

368 20.96 0.07

461 26.59 0.22

529 26.90 0.23

723 33.52 0.40

752 36.70 0.48

821 28.45 0.27

829 56.55 1.00

953 30.36 0.32

1063 29.66 0.30

1087 34.09 0.42

1106 22.21 0.11

1503 23.89 0.15

F
a
r 

F
ie

ld
N

e
a
r 

F
ie

ld

No data for 2% steelNo data for 3% steel

DIL

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

Trans. Steel  = 0.32%
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Table 11-38. DIL for fixed-fixed TCBs with D = 5ô, H = 60ô, Site D, and T = 1000 

 

ȹD ȹD

in in

169 18.79 0.38 13.71 0.17

338 16.08 0.26 15.79 0.33

729 10.37 0.03 15.92 0.34

778 20.72 0.45 17.76 0.49

900 17.15 0.31 15.58 0.32

978 17.79 0.33 16.57 0.40

995 13.94 0.18 12.16 0.05

1003 16.83 0.30 14.45 0.23

1107 12.79 0.13 11.05 -0.04

1203 17.84 0.34 12.01 0.04
160 10.37 0.03 15.56 0.32

180 17.65 0.33 20.28 0.69

183 16.34 0.28 15.77 0.33

368 18.58 0.37 14.77 0.25

461 17.45 0.32 15.71 0.33

529 17.31 0.31 15.77 0.33

723 16.93 0.30 13.97 0.19

752 16.15 0.27 13.42 0.15

821 14.39 0.20 16.15 0.36

829 14.80 0.21 15.70 0.33

953 17.47 0.32 14.65 0.24

1063 18.67 0.37 13.53 0.16

1087 17.32 0.32 17.17 0.44

1106 17.72 0.33 14.14 0.20

1503 15.40 0.24 13.50 0.15

F
a
r 

F
ie

ld
N

e
a
r 

F
ie

ld

No data for 3% steel

DIL DIL

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
Trans. Steel  = 0.50% Trans. Steel  = 0.21%
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Table 11-39. DIL for fixed-pinned TCBs with D = 6ô, H = 30ô, Site D, and T = 1000 

 

ȹD ȹD ȹD

in in in

169 12.00 0.42 15.87 0.90 7.58 0.21

338 6.32 0.12 5.57 0.03 6.48 0.09

729 9.06 0.27 8.80 0.30 8.70 0.34

778 11.06 0.37 7.37 0.18 6.35 0.08

900 9.51 0.29 8.82 0.31 7.81 0.24

978 7.81 0.20 6.29 0.09 6.53 0.10

995 6.29 0.12 7.02 0.16 6.14 0.05

1003 11.17 0.38 7.22 0.17 8.02 0.26

1107 12.61 0.46 7.38 0.19 7.04 0.15

1203 8.89 0.26 9.78 0.39 6.51 0.09

160 5.85 0.09 6.74 0.13 10.10 0.49

180 25.39 1.00 8.13 0.25 8.11 0.27

183 6.97 0.15 8.32 0.26 10.15 0.50

368 6.75 0.14 7.96 0.23 5.87 0.02

461 11.08 0.37 9.28 0.35 7.26 0.18

529 8.95 0.26 7.44 0.19 8.55 0.32

723 14.65 0.57 11.51 0.53 11.51 0.65

752 6.47 0.13 7.55 0.20 8.44 0.31

821 4.81 0.04 9.17 0.34 8.34 0.30

829 8.21 0.22 9.25 0.34 8.41 0.30

953 7.37 0.18 8.22 0.26 7.67 0.22

1063 9.86 0.31 9.24 0.34 8.31 0.29

1087 8.83 0.25 7.73 0.21 8.23 0.28

1106 7.27 0.17 7.62 0.21 7.13 0.16

1503 7.55 0.19 6.24 0.09 6.65 0.11

N
e
a
r 

F
ie

ld
F

a
r 

F
ie

ld
DIL DIL DIL

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

Trans. Steel  = 1.45% Trans. Steel  = 0.84% Trans. Steel  = 0.66%
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Table 11-40. DIL for fixed-fixed TCBs with D = 6ô, H = 30ô, Site D, and T = 1000 

 

ȹD ȹD ȹD

in in in

169 3.39 0.15 3.46 0.02 3.52 -0.02

338 9.21 0.98 3.70 0.04 3.09 -0.06

729 4.12 0.25 3.98 0.07 3.56 -0.01

778 4.44 0.30 4.21 0.09 3.77 0.01

900 5.00 0.38 4.55 0.13 3.68 0.00

978 4.13 0.25 4.81 0.16 3.62 -0.01

995 3.43 0.15 3.62 0.03 3.27 -0.04

1003 5.22 0.41 3.52 0.02 3.60 -0.01

1107 4.99 0.37 4.09 0.08 3.38 -0.03

1203 3.98 0.23 4.08 0.08 3.93 0.03

160 4.05 0.24 3.41 0.01 3.37 -0.03

180 8.84 0.93 4.93 0.17 3.93 0.03

183 4.33 0.28 3.49 0.02 3.14 -0.05

368 4.61 0.32 4.38 0.11 3.78 0.01

461 3.88 0.22 4.08 0.08 3.57 -0.01

529 6.86 0.64 3.73 0.04 3.29 -0.04

723 6.35 0.57 3.51 0.02 3.72 0.00

752 3.18 0.12 3.89 0.06 3.48 -0.02

821 7.94 0.80 4.99 0.18 3.87 0.02

829 5.40 0.43 4.47 0.12 3.72 0.00

953 6.53 0.59 3.74 0.05 3.32 -0.04

1063 5.87 0.50 4.77 0.15 3.79 0.01

1087 5.25 0.41 4.28 0.10 3.13 -0.06

1106 4.83 0.35 3.51 0.02 3.60 -0.01

1503 6.43 0.58 4.65 0.14 3.26 -0.04

N
e
a
r 

F
ie

ld
F

a
r 

F
ie

ld
DIL DIL DIL

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

Trans. Steel  = 0.61% Trans. Steel  =0.79% Trans. Steel  = 1.32%
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Table 11-41. DIL for fixed-pinned TCBs with D = 6ô, H = 60ô, Site D, and T = 1000 

 

ȹD ȹD ȹD

in in in

169 23.01 0.25 22.90 0.33 21.93 0.26

338 16.78 0.06 18.87 0.10 19.90 0.11

729 15.08 0.01 19.04 0.11 18.66 0.02

778 17.11 0.07 17.58 0.02 20.70 0.17

900 41.99 0.84 25.67 0.49 20.01 0.12

978 19.69 0.15 19.28 0.12 19.14 0.05

995 16.69 0.05 20.71 0.20 18.14 -0.02

1003 23.92 0.28 20.10 0.17 19.57 0.08

1107 26.99 0.37 26.98 0.57 18.98 0.04

1203 20.52 0.17 26.85 0.56 36.71 1.35

160 43.64 0.89 40.36 1.00 16.66 -0.13

180 24.36 0.29 23.44 0.36 22.94 0.33

183 30.48 0.48 26.35 0.53 22.28 0.28

368 24.71 0.30 22.08 0.28 17.81 -0.05

461 31.80 0.52 22.47 0.31 19.31 0.06

529 23.25 0.26 22.02 0.28 20.65 0.16

723 21.03 0.19 23.17 0.35 21.64 0.24

752 23.92 0.28 18.92 0.10 15.75 -0.20

821 5.33 -0.30 18.20 0.06 18.67 0.02

829 30.97 0.50 22.04 0.28 19.03 0.04

953 26.70 0.36 20.19 0.17 18.64 0.01

1063 26.39 0.35 24.09 0.40 22.31 0.29

1087 26.37 0.35 25.64 0.49 22.31 0.29

1106 18.47 0.11 21.62 0.26 21.94 0.26

1503 30.00 0.47 43.96 1.00 21.28 0.21

N
e
a
r 

F
ie

ld
F

a
r 

F
ie

ld
DIL DIL DIL

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

Trans. Steel  = 0.44% Trans. Steel  = 0.15% Trans. Steel  = 0.11%
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Table 11-42. DIL for fixed-fixed TCBs with D = 6ô, H = 60ô, Site D, and T = 1000 

 

ȹD ȹD ȹD

in in in

169 11.07 0.14 9.16 -0.05 14.64 0.38

338 14.49 0.30 11.04 0.12 11.67 0.11

729 13.26 0.24 16.03 0.55 12.54 0.19

778 18.59 0.49 9.77 0.01 11.82 0.12

900 13.41 0.25 12.75 0.26 12.00 0.14

978 16.27 0.38 10.80 0.10 12.04 0.14

995 10.53 0.11 10.52 0.07 9.84 -0.06

1003 12.63 0.21 12.96 0.28 11.45 0.09

1107 9.45 0.06 11.19 0.13 13.48 0.27

1203 10.81 0.12 10.18 0.04 12.94 0.22

160 12.65 0.21 10.72 0.09 11.74 0.11

180 22.63 0.69 17.76 0.70 14.30 0.35

183 13.12 0.23 12.13 0.21 10.21 -0.03

368 13.85 0.27 10.37 0.06 10.06 -0.04

461 15.19 0.33 13.27 0.31 12.09 0.15

529 15.42 0.34 12.35 0.23 10.99 0.04

723 14.08 0.28 13.54 0.33 12.87 0.22

752 12.74 0.21 8.65 -0.09 9.17 -0.12

821 14.13 0.28 14.24 0.39 12.71 0.20

829 14.53 0.30 13.00 0.29 10.00 -0.05

953 12.87 0.22 10.77 0.09 12.67 0.20

1063 11.42 0.15 12.97 0.28 12.10 0.15

1087 15.84 0.36 9.69 0.00 10.34 -0.01

1106 11.19 0.14 12.31 0.23 10.09 -0.04

1503 12.51 0.20 13.36 0.32 10.47 0.00

N
e
a
r 

F
ie

ld
F

a
r 

F
ie

ld
DIL DIL DIL

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

Trans. Steel  = 0.56% Trans. Steel  = 0.30% Trans. Steel  = 0.31%
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Table 11-43. DIL for fixed-pinned FCBs with D = 4ô, H = 30ô, Site D, and T = 1000 

 

ȹD ȹD ȹD

in in in

169 17.53 0.39 10.84 0.14 8.58 0.01

338 16.83 0.37 14.11 0.30 10.78 0.15

729 8.77 0.08 13.34 0.26 14.98 0.44

778 34.42 1.00 21.09 0.64 11.62 0.21

900 16.38 0.35 13.14 0.25 12.68 0.28

978 18.59 0.43 15.94 0.39 11.77 0.22

995 11.04 0.16 10.50 0.12 10.32 0.12

1003 23.29 0.60 12.22 0.20 12.93 0.30

1107 9.00 0.09 9.26 0.06 10.51 0.14

1203 12.21 0.20 11.09 0.15 10.41 0.13

160 8.29 0.06 12.42 0.21 10.37 0.13

180 34.42 1.00 26.30 0.89 20.90 0.84

183 16.55 0.36 12.04 0.20 13.17 0.32

368 20.21 0.49 13.63 0.27 9.57 0.07

461 13.36 0.24 15.21 0.35 13.69 0.35

529 16.71 0.37 15.27 0.35 13.11 0.31

723 15.62 0.33 14.32 0.31 14.19 0.38

752 12.41 0.21 12.74 0.23 8.65 0.01

821 13.14 0.24 12.64 0.23 12.88 0.30

829 11.59 0.18 14.11 0.30 13.73 0.35

953 17.18 0.38 11.95 0.19 10.13 0.11

1063 15.51 0.32 11.34 0.16 12.77 0.29

1087 15.34 0.32 16.29 0.40 10.64 0.14

1106 15.03 0.30 10.51 0.12 12.13 0.25

1503 12.59 0.22 12.69 0.23 13.60 0.34

N
e
a
r 

F
ie

ld
F

a
r 

F
ie

ld
DIL DIL DIL

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

Trans. Steel  =1.14% Trans. Steel  = 0.92% Trans. Steel  = 0.61%
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Table 11-44. DIL for fixed-pinned FCBs with D = 4ô, H = 30ô, Site D, and T = 2500 

 

ȹD ȹD ȹD

in in in

169 34.42 1.00 17.79 0.48 10.50 0.14

338 20.80 0.51 20.21 0.59 15.74 0.49

729 15.36 0.32 16.20 0.40 16.63 0.55

778 34.42 1.00 28.58 1.00 19.01 0.71

900 34.42 1.00 15.99 0.39 14.78 0.42

978 29.12 0.81 22.75 0.72 17.35 0.60

995 17.89 0.41 14.30 0.31 11.27 0.19

1003 34.42 1.00 17.55 0.46 16.77 0.56

1107 11.23 0.17 12.23 0.21 11.57 0.21

1203 17.52 0.39 11.33 0.16 13.98 0.37

160 14.54 0.29 18.44 0.51 13.71 0.35

180 34.42 1.00 28.58 1.00 23.33 1.00

183 29.85 0.84 19.89 0.58 16.68 0.55

368 34.42 1.00 19.04 0.54 13.37 0.33

461 16.45 0.36 19.90 0.58 18.39 0.67

529 23.22 0.60 21.94 0.68 19.24 0.72

723 19.99 0.48 19.00 0.53 22.99 0.98

752 21.96 0.55 15.64 0.37 12.38 0.26

821 19.41 0.46 16.85 0.43 16.46 0.54

829 16.67 0.36 16.43 0.41 18.53 0.68

953 34.42 1.00 17.53 0.46 14.10 0.38

1063 23.02 0.59 16.72 0.42 14.18 0.38

1087 17.43 0.39 24.10 0.78 16.16 0.52

1106 19.03 0.45 15.53 0.37 13.43 0.33

1503 34.42 1.00 19.87 0.58 20.86 0.83

N
e
a
r 

F
ie

ld

Trans. Steel  =1.14% Trans. Steel  = 0.92% Trans. Steel  = 0.61%

F
a
r 

F
ie

ld
DIL DIL DIL

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
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Table 11-45. DIL for fixed-fixed FCBs with D = 4ô, H = 30ô, Site D, and T = 1000 

 

ȹD ȹD ȹD

in in in

169 13.58 0.60 7.16 0.14 5.84 -0.02

338 4.59 0.03 6.02 0.04 6.27 0.01

729 9.95 0.37 7.77 0.18 6.17 0.01

778 5.99 0.12 6.08 0.05 6.09 0.00

900 9.87 0.37 7.00 0.12 6.29 0.01

978 5.88 0.12 5.91 0.03 6.33 0.02

995 6.58 0.16 5.74 0.02 6.04 0.00

1003 6.32 0.14 7.83 0.19 7.49 0.10

1107 6.32 0.14 6.55 0.09 7.26 0.08

1203 7.25 0.20 6.23 0.06 5.43 -0.05

160 6.58 0.16 10.32 0.39 6.08 0.00

180 7.77 0.23 8.04 0.21 7.47 0.10

183 10.05 0.38 9.90 0.36 8.01 0.14

368 6.33 0.14 6.45 0.08 6.43 0.02

461 8.42 0.27 6.48 0.08 6.57 0.03

529 6.53 0.16 8.34 0.23 7.68 0.12

723 12.69 0.54 9.49 0.33 5.95 -0.01

752 7.19 0.20 7.50 0.16 8.67 0.19

821 11.34 0.46 8.60 0.25 7.30 0.09

829 9.63 0.35 7.33 0.15 6.74 0.05

953 7.14 0.19 7.18 0.14 6.23 0.01

1063 8.97 0.31 7.94 0.20 6.93 0.06

1087 6.45 0.15 7.59 0.17 7.64 0.11

1106 6.73 0.17 7.13 0.13 7.59 0.11

1503 5.27 0.08 6.49 0.08 6.82 0.05

N
e
a
r 

F
ie

ld
F

a
r 

F
ie

ld
DIL DIL DIL

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%

Trans. Steel  = 0.49% Trans. Steel  =0.53% Trans. Steel  = 0.71%
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Table 11-46. DIL for fixed-fixed FCBs with D = 4ô, H = 30ô, Site D, and T = 2500 

 

ȹD ȹD ȹD

in in in

169 18.45 0.90 10.35 0.39 8.73 0.19

338 6.31 0.14 7.16 0.14 8.95 0.21

729 14.15 0.63 11.77 0.51 8.69 0.19

778 9.97 0.37 7.49 0.16 8.38 0.17

900 18.45 0.90 8.77 0.27 8.60 0.18

978 7.26 0.20 8.07 0.21 7.94 0.13

995 7.65 0.23 8.14 0.22 7.53 0.10

1003 8.96 0.31 10.44 0.40 10.91 0.35

1107 10.39 0.40 8.63 0.26 10.54 0.32

1203 9.22 0.32 7.89 0.20 7.76 0.12

160 6.83 0.17 10.67 0.42 9.22 0.23

180 15.22 0.70 10.04 0.37 10.98 0.36

183 19.89 0.99 15.74 0.83 13.05 0.51

368 7.73 0.23 7.23 0.14 7.66 0.11

461 12.40 0.52 9.69 0.34 9.48 0.25

529 9.91 0.37 9.80 0.35 10.99 0.36

723 20.12 1.00 20.51 1.00 7.98 0.14

752 12.15 0.51 9.83 0.35 12.56 0.47

821 18.18 0.89 14.14 0.70 11.95 0.43

829 12.60 0.54 11.77 0.51 10.26 0.30

953 8.42 0.27 9.32 0.31 7.93 0.13

1063 12.59 0.54 12.26 0.55 10.70 0.34

1087 10.93 0.43 9.60 0.33 8.26 0.16

1106 8.09 0.25 8.33 0.23 9.44 0.24

1503 7.28 0.20 7.97 0.20 9.52 0.25

N
e
a
r 

F
ie

ld

Trans. Steel  = 0.49% Trans. Steel  =0.53% Trans. Steel  = 0.71%

F
a
r 

F
ie

ld
DIL DIL DIL

NGA No.

Long. Steel = 1% Long. Steel = 2% Long. Steel = 3%
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Table 11-47. Reliability index and probability of failure 

 

 

 

 

 

 

 

 

 

 

 

Probability of Rounded reciprocal

exceedance approx. 1-in-N

0 0.5 2

0.5 0.308537539 3

1 0.158655254 6

1.5 0.066807201 15

2 0.022750132 50

2.5 0.006209665 200

3 0.001349898 1000

3.5 0.000232629 5000

4 3.16712E-05 30000

4.5 3.3977E-06 300000

5 2.867E-07 3500000

ɓ
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Chapter 12. Tables 

Table 12-1.  Mean and standard deviation of DIR  

 

 

 

Table 12-2. Mean and standard deviation of DIL  

 

 

 

Table 12-3. The 6b¡¡ to be used to obtain desired6b¡ 

 

 

DS3 DS4 DS5 DS6

µ R 0.375 0.600 0.822 1.000

ůR 0.100 0.119 0.114 0.000

SCBs TCBs FCBs

µ L 0.325 0.239 0.279

ůL 0.204 0.195 0.185

Desired 6b¡  CFEQ PP Æ  PEQ ὖὅὊ ὖὉὗ 
6b¡¡  

2 0.022750 0.072257 0.314852 0.48 

2.5 0.006210 0.072257 0.085939 1.37 

3 0.001350 0.072257 0.018682 2.08 

3.5 0.000233 0.072257 0.003219 2.72 

4 0.000032 0.072257 0.000438 3.33 
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Table 12-4. The sID ¡ for various s6b¡for SCBs 

 

 

Table 12-5. Probability of exceedance of DSs for SCBs excluding PEQ 

 

 

Table 12-6. The sID ¡ for various s6b¡for TCBs 

 

 

Table 12-7. The sID ¡ for various s6b¡for FCBs 

 

DS1 DS2 DS3 DS4 DS5 DS6

2.5 0.58 7% 7% 5% 2% 1% 0.6%

3.0 0.38 7% 6% 3% 1% 0% 0%

3.5 0.26 7% 5% 1% 0% 0% 0%

4.0 0.19 7% 3% 1% 0% 0% 0%

* DI values corresponds to real failure

Target ɓ'6  Design DI'
Probability of exceedance of other damage states

DS1 DS2 DS3 DS4 DS5 DS6

2.5 100% 93% 64% 34% 16% 9%

3.0 99% 81% 38% 14% 5% 2%

3.5 99% 63% 19% 4% 1% 0%

4.0 98% 43% 8% 1% 0% 0%

Probability of exceedance of other damage states
Target ɓ'6

DS1 DS2 DS3 DS4 DS5 DS6

2.5 0.63 7% 7% 4% 2% 1% 0.6%

3.0 0.41 7% 6% 3% 1% 0% 0%

3.5 0.28 7% 4% 1% 0% 0% 0%

4.0 0.19 7% 3% 0% 0% 0% 0%

Target ɓ'6  Design DI'
Probability of exceedance of other damage states

DS1 DS2 DS3 DS4 DS5 DS6

2.5 0.66 7% 7% 4% 2% 1% 0.6%

3.0 0.43 7% 6% 3% 1% 0% 0%

3.5 0.29 7% 4% 1% 0% 0% 0%

4.0 0.20 7% 3% 0% 0% 0% 0%

Target ɓ'6  Design DI'
Probability of exceedance of other damage states
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Chapter 13. Tables 

Table 13-1. Damage index for repaired columns NHS1-R and NHS2-R 

 

 

 

Table 13-2. Damage index for original columns NHS1 and NHS2 

 

 

 

Table 13-3. Original cantilever column design properties 

 

 

 

Table 13-4. Modified steel properties for repaired columns 

 

ȹY ȹC ȹD DI

in in in

NHS1-R DS3 3.33 10.48 4.04 0.10

NHS2-R DS3 2.05 10.65 3.99 0.23

Name Damage State

Repaired Column

ȹY ȹC ȹD DIR

in in in

NHS1 DS3 1.40 7.54 2.53 0.18

NHS2 DS3 1.00 6.41 2.82 0.34

Name Damage State

Original Column

Column

Longitudinal Transverse

in [mm] in [mm] % % in [mm] in [mm]

Cantilever 72 [1829] 360 [ 9144] 2 0.84 4.0 [102] 16.5 [419]

Original Column

ȹY ȹC
Configuration

Steel Ratio
Diameter Height

[ksi] [MPa] [ksi] [MPa] [ksi] [MPa]

DS-5 0.2 68 469 0.012 95 655 0.046 95 655 0.060

Strain

Damage 

State
ʰ

Point A Point B Point C

Stress
Strain

Stress
Strain

Stress
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Table 13-5. CFRP material properties (Tyfo
®
 SCH-41 composite using Tyfo

®
 S epoxy) 

 

Property Composite Gross Laminate 

Properties 

Ultimate tensile strength in primary fiber 

direction, psi 

121000 psi [834 Mpa] 

Elongation at break 0.85% 

Tensile modulus, psi 11.9 x 10
6
 [82 Gpa] 

Nominal laminate thickness 0.04 in. [1 mm] 

 

 

Table 13-6. CFRP confined concrete properties for repaired columns 

 

Repaired Column  cof¡ cuf¡ 
cue  

[ksi] [Mpa] [ksi] [Mpa] 

Cover 4.56 31.4 6.96 50.0 0.01512 

Core 5.56 38.3 7.96 54.9 0.01678 

 

 

Table 13-7. Repair design for the cantilever column for DI = 0.15 

 

 

ȹY ȹC ȹD

in [mm] in [mm] in [mm]

0.15 7 11.1[282] 23.0 [584] 12.8 [325] 0.15

Target DI DI, CalculatedCFRP Layers

Repaired Column
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Table 13-8. DIL for repaired cantilever column for T = 1000 

 

 

 

 

 

 

 

NGA No. ȹD DIL

169 9.92 -0.10

338 11.72 0.05

729 16.15 0.42

778 17.26 0.52

900 10.96 -0.01

978 14.01 0.24

995 9.06 -0.17

1003 9.63 -0.13

1107 8.16 -0.25

1203 10.86 -0.02

160 14.39 0.28

180 23.66 1.00

183 13.69 0.22

368 10.66 -0.04

461 13.89 0.23

529 10.18 -0.08

723 13.42 0.19

752 9.00 -0.18

821 15.52 0.37

829 12.45 0.11

953 8.35 -0.23

1063 11.20 0.01

1087 16.09 0.42

1106 11.65 0.04

1503 15.74 0.39

F
A

R
 F

IE
L

D
N

E
A

R
 F

IE
L

D
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Figures 
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Chapter 3. Figures 

 

Figure 3-1.Elevation view of reinforcement layout of shear key test unit 4A 

 

 

Figure 3-2.  Damage state 2 
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Figure 3-3.  Damage state 5 

 

 

Figure 3-4.  Damage state 6 
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Figure 3-5.  3D view of shear key 

 

 

Figure 3-6.  Shear key reinforcement location layout 
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Figure 3-7.  Exterior shear keys, strut-and-tie model (Megally et al. 2001) 
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Chapter 4. Figures 

 

Figure 4-1. Effective strain in CFRP vs thickness for tensile modulus of 10000 ksi 
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Figure 4-2. Effective strain in CFRP vs thickness for tensile modulus of 11000 ksi 
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Figure 4-3. Effective strain in CFRP vs thickness for tensile modulus of 12000 ksi 
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Figure 4-4. Effective strain in CFRP vs thickness for tensile modulus of 13000 ksi 
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Figure 4-5. Effective strain in CFRP vs thickness for tensile modulus of 14000 ksi 
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Figure 4-6. Effective strain in CFRP vs thickness for tensile modulus of 15000 ksi 
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Figure 4-7.Required CFRP thickness for shear keys under DS2. 
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Figure 4-8.Required CFRP thickness for shear keys under DS5. 
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Chapter 5. Figures 

  

Figure 5-1.  Damage state 1  Figure 5-2.  Damage state 2  

 

  

Figure 5-3.  Damage state 3  Figure 5-4.  Damage state 4  
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Figure 5-5.  Prototype I girder cross section 

 

 

Figure 5-6.  Prestressing strands detail 
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Figure 5-7.  Moment-curvature of I girder section at various damage states 
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Chapter 6. Figures 

  

Figure 6-1.  Damage state 2 Figure 6-2.  Damage state 3 

 

  

Figure 6-3.  Damage state 4 Figure 6-4.  Damage state 6 
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Figure 6-5.  Side view of bridge abutment (seat type) 
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Chapter 7. Figures 

  

Figure 7-1.  Damage state 1 Figure 7-2.  Damage state 2 

 

 

 

 

Figure 7-3.  Damage state 3 Figure 7-4.  Damage state 4 
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Figure 7-5.  Damage state 6 

 

 

Figure 7-6.  Elevation view of undamaged T joint 
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Figure 7-7.  Plan view of undamaged T joint 

 

Figure 7-8.  Elevation view of undamaged knee Joint 

 

Figure 7-9.  Plan view of undamaged knee joint 
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Chapter 8. Figures 

  

Undamaged Column Damaged Column (at DS3) 

Figure 8-1. Undamaged and damaged column  

 

 

Figure 8-2. Residual moment capacity at different damage states 
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Figure 8-3. Flexural repair at DS3 

 

 

Figure 8-4. Flexural repair at DS4 
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Figure 8-5. Flexural repair at DS5 

 

 

 

Figure 8-6.Flexural repair at DS3 using CFRP strips 
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Chapter 9. Figures 

   

Damage State 1 Damage State 2 Damage State 3 

   

Damage State 4 Damage State 5 Damage State 6 

Figure 9-1. Possible apparent damage states of bridge columns  
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Figure 9-2. Correlation between damage states and damage indices 

 

 

Figure 9-3. Fragility curve using lognormal distribution 
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Figure 9-4. Probability distribution functions of load, resistance, and safety margin 

(Nowak & Collins 2000). 

 

 
Figure 9-5. Graphical representation of reliability index and probability of failure 

(Cornell 1969) 
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Chapter 10. Figures 
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Figure 10-2. Bents configuration (Saiidi et al. 2013) 

 

60in [1.52m]

12in [305mm]

Elevation ViewSide View

Bent 1

84in [2.13m]

Side View

Bent 2

12in [305mm]

Elevation View

Bent 3

15in [381mm]

98in [2.49m]

5
.5

in
 [
1
4
0

m
m

]

98in [2.49m]

1
2
in

 [
3

0
5
m

m
]

63in [1.6m]

1
2
in

 [
3

0
5
m

m
]

15in [381mm]

5
.5

in
 [
1
4
0

m
m

]

15in [0.38m]

1
.5

in
 [
0
.0

4
m

]

15in [381mm]

98in [2.49m]

Side View Elevation View

1
.5

in
 [
0
.0

4
m

]

72in [1.83m]

12in [305mm]

15in [381mm]

1
.5

in
 [

3
8
m

m
]

18in [457mm]

36in [0.91m] 108in [2.74m]

18in [457mm]

108in [2.74m]36in [0.91m]

108in [2.74m]36in [0.91m]

30in [0.76m]

See

 Cap Beam Sections

 (Sheet 3)

See

 Cap Beam Section

 Dimensions (Sheet 3)

See

 Cap Beam Sections

 (Sheet 3)

See Bent 3 Footing

 (Sheet 9)

See Bent 1&2 Footings

 (Sheet 8)

See Bent 1&2 Footings

 (Sheet 8)

1
2
in

 [
3

0
5
m

m
]

5
.5

in
 [
1
4
0

m
m

]

63in [1.6m]

1
2
in

 [
3

0
5
m

m
]

5
.5

in
 [
1
4
0

m
m

]

1
2
in

 [
3

0
5
m

m
]

5
.5

in
 [
1
4
0

m
m

]
63in [1.6m]

1
2
in

 [
3

0
5
m

m
]

5
.5

in
 [
1
4
0

m
m

]

15in [0.38m]



309 

 

  

Damage State 1 (after test 1D) Damage State 2 (after test 3) 

  

Damage State 3 (after test 4D) Damage State 4 (after test 5) 

  

Damage State 5 (after test 6) Damage State 6 (after test 7) 

Figure 10-3. Apparent damage states for bent 1 East column bottom plastic hinge 
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Damage State 1 (after test 1D) Damage State 2 (after test 4C) 

  

Damage State 3 (after test 4D) Damage State 4 (after test 6) 

 

Damage State 5 (after test 7) 

Figure 10-4. Apparent damage states for bent 1 East column top plastic hinge 
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Damage State 1 (after test 3) Damage State 2 (after test 4A) 

  

Damage State 3 (after test 4D) Damage State 4 (after test 5) 

 

Damage State 5 (after test 7) 

Figure 10-5. Apparent damage states for bent 1 West column bottom plastic hinge 
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Damage State 1 (after test 1D) Damage State 2 (after test 4D) 

  

Damage State 3 (after test 5) Damage State 3 (after test 7) 

Figure 10-6. Apparent damage states for bent 1 West column top plastic hinge 
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Damage State 1 (after test 3) Damage State 3 (after test 5) 

 

Damage State 4 (after test 6) 

Figure 10-7. Apparent damage states for bent 2 East column bottom plastic hinge 
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Damage State 1 (after test 3) Damage State 2 (after test 5) 

 

Damage State 3 (after test 6) 

Figure 10-8. Apparent damage states for bent 2 East column top plastic hinge 
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Damage State 1 (after test 2) Damage State 2 (after test 5) 

  

Damage State 3 (after test 6) Damage State 4 (after test 7) 

Figure 10-9. Apparent damage states for bent 2 West column bottom plastic hinge 
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Damage State 1 (after test 2) Damage State 2 (after test 6) 

Figure 10-10. Apparent damage states for bent 2 West column top plastic hinge 
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Damage State 1 (after test 3) Damage State 2 (after test 4D) 

  

Damage State 3 (after test 5) Damage State 4 (after test 7) 

Figure 10-11. Apparent damage states for bent 3 East column bottom plastic hinge 
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Damage State 2 (after test 4D) Damage State 3 (after test 5) 

 

Damage State 4 (after test 6) 

Figure 10-12. Apparent damage states for bent 3 East column top plastic hinge 
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Damage State 1 (after test 3) Damage State 4 (after test 4D) 

 

Damage State 5 (after test 6) 

Figure 10-13. Apparent damage states for bent 3 West column bottom plastic hinge 
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Damage State 3 (after test 4D) Damage State 4 (after test 5) 

Figure 10-14. Apparent damage states for bent 3 West column top plastic hinge 
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Figure 10-15. Bent 1 measured force-displacement hysteresis curves and envelope 

 

Figure 10-16. Bent 1 measured envelope and idealized force-displacement curve 
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Figure 10-17. Bent 2 measured force-displacement hysteresis curves and envelope 

 

Figure 10-18. Bent 2 measured envelope and idealized force-displacement curve 
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Figure 10-19. Bent 3 measured force-displacement hysteresis curves and envelope 

 

Figure 10-20. Bent 3 measured envelope and idealized force-displacement curve 
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Figure 10-21. Idealized pushover curve and damage states for bent 1 East column 

 

Figure 10-22. Idealized pushover curve and damage states for bent 1 West column 
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Figure 10-23. Idealized pushover curve and damage states for bent 2 East column 

 

Figure 10-24. Idealized pushover curve and damage states for bent 2 West column 
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Figure 10-25. Idealized pushover curve and damage states for bent 3 East column 

 

Figure 10-26. Idealized pushover curve and damage states for bent 3 West column 
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Figure 10-27. Combined fragility curves of response parameters 
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Chapter 11. Figures 
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Figure 11-1. Far-field ground motions response spectrum of site class B/C 
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Figure 11-2. Near-field ground motions response spectrum of site class B/C 
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Figure 11-3. Far-field ground motions response spectrum of site class D 

 

 

Figure 11-4. Near-field ground motions response spectrum of site class D 
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Figure 11-5. USGS Interactive Deaggregation Tool (Beta) 
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Figure 11-6. Site location (latitude = 34.05, longitude = -118.25) 

 

 

Figure 11-7. Design spectrum for site class B/C 
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Figure 11-8. Design spectrum for site class D 

 

 

Figure 11-9. Manderôs confined and unconfined concrete model 
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Figure 11-10. Steel stress strain model 

 

 

Figure 11-11. Typical idealized pushover curve 
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Figure 11-12. Typical single column bents configuration 

 

 

 

Figure 11-13. Typical two column bents configuration 
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Figure 11-14. Typical four Column Bents configuration 
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Figure 11-15. Force-displacement hysteresis curves for far-field GMs 
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Figure 11-16. Force-displacement hysteresis curves for near-field GMs 

   

   

   

   

   

 




































































































































