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Abstract

Reconnaissance studies following recent significant earthquakes have revealed the
seismic vulnerability of curved bridges. Curved steel bridges are widely utilized as
important components of transportation networks across the United States especially
when geometry and curve alignment of a highway requires a curved structure. However,
there are a few studies regarding the seismic vulnerability of horizontally curved steel
girder bridges as one of the most critical components of transportation networks.
Comprehensive and rational evaluation of seismic vulnerability of transportation
networks can be achieved through methodological Seismic Risk Assessment (SRA).
Fragility curves which express the conditional probability of reaching or exceeding a
predefined damage state are essential as input to any SRA tools such as HAZUS and
REDARS for the seismic vulnerability evaluation. This study aims to fill in the gap on
the current state-of-the-knowledge in the seismic response and fragilities of horizontally

curved bridges with steel I-girders.

The main contribution of this study is to develop fragility curves for horizontally curved
steel girder highway bridges in the United States. The entire study has been performed on
both seismically and non-seismically designed bridges which have major differences in
column confinement, type of bearings, and abutment support length. The proposed
grillage model in this study substantially reduced the time to run a large number of
nonlinear response history analyses. A survey of this class of bridge across the United
States is performed to establish the distribution of various geometric parameters.

Sampling on these geometric parameters along with other predominant material, analysis,



and component properties obtained from a sensitivity analysis led to a set of statistical
bridge samples. The component fragility curves are then developed based on the results
of nonlinear response history analyses of benchmark bridges. They revealed columns and
bearings at abutments in both radial and tangential directions to be the most critical
components. The system fragility curves are subsequently developed for generic curved
bridges independent of the central angle. This representation of fragility curves is
expected to be useful when the specific central angles are not quantified (e.g. National
Bridge Inventory). Non-seismically designed bridges are recognized to be significantly
more vulnerable than seismically designed bridges due to their inadequate column
confinement and inadequate support length provided at the abutments. In order to
establish the effect of central angle on the seismic vulnerability of curved bridges,
fragility curves as a function of the central angle were also presented. In addition,
fragility curves were developed for two intensity measures, namely PGA and Sal. It was
concluded that Sal is an efficient and proficient intensity measure with lower dispersions,
lower modified dispersions and higher R? while PGA is more practical due to higher
slopes of probabilistic seismic demand models. A set of functional relationship between
central angle and the median values of the fragility curves was proposed based on
regression analyses. Another curvature index named torsion index was also found to be a
significant parameter on seismic vulnerability of this class of bridge and also a better
curvature-representing index than the central angle for seismically designed bridges.
Furthermore, suitability of the maximum central angle below which the curved bridges
can be analyzed as their straight counterparts presented in design codes and guidelines is

investigated. Accordingly, it was concluded that while the 30-degree central angle



adopted in AASHTO Seismic Guidelines (2007) is reasonable, 90-degree angle required
by AASHTO LRFD (Interim 2008) is controversial.

Following a comparison of the fragility curves developed in this study versus their
HAZUS counterpart, it was found that the HAZUS fragility curves underpredict the
seismic vulnerability of this class of bridges mainly due to two reasons: 1) As it was
established in this study, the seismic demand on various components and overall
vulnerability of curved bridges increases with increasing central angle. However,
HAZUS does not include the central angle to categorize and characterize curved bridges.
This introduces significant inaccuracies in the predicted vulnerabilities when fragility
curves in HAZUS are used for curved bridges, 2) the underlying assumption in the
development of fragility curves implemented in HAZUS was that the system fragility is
governed by the columns, however, other bridge components have significant influence

on the overall system fragility as it was demonstrated in this study.
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1 Problem Description and Background

1.1 Introduction

Number of curved steel bridges has been growing during the last decade in the United
States as well as other parts of the world. According to a report by Davidson et al. (2002),
more than one third of the steel bridges constructed in the United States today are curved
(Davidson et al. 2002).With curved alignment and restricted geometry in a highway, a
curved bridge yields improved sight distance and more aesthetically pleasing structure
rather than a straight chorded bridge. Curved structure makes it possible to have longer
spans and less number of substructure units. However, curved bridges are different from
their straight counterparts in that the superstructure is subjected to torsion-induced
deformations and forces in addition to bending and shear in straight bridges. This
introduces significant challenges in the design and analytical evaluation of curved
bridges. Therefore, analysis and design, and particularly the seismic response of curved
bridges have been an area of interest to some of the researchers since the 1960s
(McManus, 1971; Brennan, 1971, 1974; Brogan 1974; Abdel-Salam, 1988; Richardson,

1993; Maneetes, 2003; Mertlich, 2006). Nonetheless, due to limited number of



investigations, there are still no unified guidelines for the analysis and design of curved

bridges available to engineers.

While Seismic Risk Assessment (SRA) of a transportation network evaluates the
vulnerability, loss (e.g. economic and social) and damage due to an earthquake, there are
a few studies regarding the seismic vulnerability of horizontally curved steel girder
bridges (Mohseni, 2011; Linzell, 2012). Therefore, this study aims to fill in the gap on
the current state-of-the-knowledge in the seismic response and fragilities of a class of

horizontally curved bridges with steel I-girders.

1.2 Curved Steel Girder Bridges

Reconnaissance studies following recent significant earthquakes have revealed the
vulnerability of curved bridges (Basoz and Kiremidjian, 1997, Yamazaki et al., 1999).
Curved steel bridges are widely utilized as important components of transportation
networks across the United States especially when geometry and curve alignment of a
highway requires a curved structure. The geometry restriction comes from the number
and location of substructure units and the superstructure depth limitation. This class of
bridges is considered to be economically efficient and aesthetically pleasing with the
benefit of increased sight distance, especially at interchanges and river crossings.
Curvature in the structure leads to a combination of torsion and bending in the members
when subjected to static or dynamic disturbances, causing large forces in the diaphragms

and subsequently a more complex distribution of forces in all the bridge components



compared to straight bridges. Whereas I-girder and tube steel bridges are identified as the
most common type of steel superstructure used in curved bridges, this study focuses on

the former type.

AASHTO and FHWA commenced developing specifications for horizontally curves steel
bridges during late 1980s. AASHTO published its first version as “Guide Specifications
for Horizontally Curved Highway Bridges” in 1980 utilizing ASD (Allowable Stress
Design) and methodology covering both | and box girders. Although the second
AASHTO Guide Specifications for these bridges was published in 1993, it did not
completely utilize the research implemented before then. Therefore, NCHRP Project 12-
38 (1998) was conducted to establish the basis for AASHTO Guide Specification
published in 2003. The result of the NCHRP Project 12-52, which was first intended to
be specifically for curved bridges, was expanded for straight bridges and was published
as the provisions for straight bridges in the third AASHTO Specifications in 2004 and as
the provision for curved bridges in the 2006 interim of the AASHTO LRFD
specifications. The recent findings of research performed to develop design specifications
for horizontally curved steel girder bridges in NCHRP Project 12-52 have been addressed

in NCHRP Report 563.

Despite the extensive research in the area of design of curved bridges (Richardson, 1993;
Sennah et al., 1997; Lui, 2006), limited research has been conducted so far on their
seismic response. Evaluation of dynamic response of curved bridges has been one of
research interests from 1960s. Most of the research studies have been related to basic

dynamic response of bridges including free vibration response and the dynamic response



under moving loads. Abdel-Salam (1988) made a comparison of the component response
of curved steel box girder bridges under response history analysis and the corresponding
spectrum analysis and concluded that the latter method fails when vibration modes with
relatively high frequencies are considered. Richardson (1993) identified the parameters
which can influence the horizontal response of bridges based on the field test they
conducted on a curved box-girder bridge. Sennah et al. (1997) conducted an extensive
parametric study to evaluate the dynamic characteristics of simply supported steel multi-
cell curved bridges and offered recommendations to enhance torsional resistance to
dynamics forces. Huang (2001) proposed impact equations in the design of continuous
curved single box girder bridges based on the analysis of seven bridges with vehicles

moving across rough bridge deck surfaces.

The effect of cross-frame and lateral bracing influence on the free vibration response of a
single-span noncomposite curved I-girder bridge previously tested for the FHWA Curved
Steel Bridge Research Project (CSBRP) was investigated by Maneetes (2003). Curvature
in steel girder bridges was found to have more influence on the dynamic response of
these bridges than the stiffness and spacing of the diaphragms (Lui, 2006). Mertlich
(2006) evaluated the effect of three different boundary conditions on the static and
dynamic response of curved continuous, steel I-girder bridges. Mendez (2008, 2009)
analyzed the effect of curvature on nonlinear response of curved highway viaduct
equipped with cable restrainers and evaluated the effectiveness of the use of seismic
isolation devices on reducing the seismic response of curved highway bridges. In another

study, Tanaka (2009) analyzed the effect of different bearing supports on nonlinear



seismic response of curved highway viaduct. It was concluded that bridges equipped with
isolation bearings result in significant energy dissipation. Linzell et al. (2011) performed
a study to examine the effect of curved steel girder configuration on the girder reactions
and cross frame internal forces during earthquakes. They concluded radius of curvature
had the greatest influence on the seismic response of the bridges and a possibility of

uplift in the interior bearings is always a concern.

Recently, a large-scale experimental investigation is being conducted at the Network for
Earthquake Engineering Simulation (NEES) equipment site located at the University of
Nevada, Reno (UNR). This project is funded by the Federal Highway Administration
(FHWA) under contract No. DTFH61-07-C-00031 and it involves large-scale testing of a
curved bridge model on four shake-tables (Figure 1-1). Total of four shake-tables were
used to support and to apply various base excitations to a 2/5 scale model of a curved
steel bridge that was 44 m (145 ft) long, had three-spans with a 24.4 m (80 ft) radius, and
it was supported by two single column bents. The model was tested in various
conventional as well as innovative configurations (Levi, 2012; Wibowo, 2012; Saad,

2012).

As it was mentioned earlier, curved bridges are known as the one of most vulnerable
components of transportation networks. Therefore, it is crucial to conduct risk assessment
of this class of bridges to evaluate the level of damage induced by earthquakes with
varying intensities. Fragility curves are known as a means to assess seismic vulnerability
of bridges, and are defined as the probability of reaching or exceeding a predefined

damage state for bridge components. Most of developed fragility curves are for straight



and skew bridges (Abdel-Mohti, 2009; Kiremidjian, 2008; Padgett, 2008; Hwang,

2000b).
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Figure 1-1: A typical three-span horizontally curved steel girder bridge tested at UNR

Mohseni (2011) developed fragility curves for curved bridges with sampling on various
parameters of the bridges. This statistical sampling resulted in sixty different highway
bridges that were subjected to a set of synthetic ground motions (Wen et al., 2001).
Probabilistic Seismic Demand Models (PSDM) which relate the demand and peak ground
acceleration of all bridges are obtained from response history analysis of these 60
benchmark bridges and have been utilized to develop the corresponding fragility curves.
Seo et al. (2012) generated fragility curves for different components of curved steel
girder highway bridges including abutments, columns and bearings with the use of RSM
(Response Surface Metamodels) methodologies in conjunction with Monte Carlo

simulation.



In the present study, analytical fragility curves for curved steel I-girder bridges with
seismic as well as non-seismic details have been developed suitable for their

implementation in the seismic risk assessment of this class of bridges.

1.3 Seismic Risk Assessment (SRA)

McGuire (2004) presents a comprehensive overview of various methods of and
approaches to seismic hazard and risk analysis. Accordingly, a logical and consistent
methodology which would facilitate an efficient decision-making process to mitigate
seismic risk is viewed as consisting of four major steps: 1) Probabilistic Seismic Hazard
Analysis, 2) Damage and Loss Functions, 3) Seismic Risk Analysis, and 4) Decision
Analysis. In that Seismic Risk Assessment (SRA) is presented as a key to developing
elements that can be used to make rational decisions on seismic safety. Methodical
assessment and evaluation in this process with the overarching goal of seismic hazard
reduction may be used to develop financial and social incentives that will improve the
system resilience. It is noted that “resilience” is “...the capacity of a system, community,
or society potentially exposed to hazards to adapt, by resisting or changing, in order to
reach and maintain an acceptable level of functioning and structure. This is determined
by the degree to which the social system is capable of organizing itself to increase its
capacity for learning from past disasters for better future protection and improve risk
reduction measures.” according to National Science and Technology Council (SDR-
NSTC, 2008). Resilience consists of (Bruneau and Reinhorn, 2007); Robustness,

Redundancy, Resourcefulness, and Rapidity. While reliable [probabilistic] quantification



of resilience with all of its many contributing factors is still in its infancy, various
measures may be envisioned that can; 1) increase robustness- ability to withstand a given
level of demand while maintaining continued function, and 2) improve rapidity of
recovery following a major event. Resilience has been one integral component of
performance-based design to ensure rapid recovery and minimal impact on economy. As
one of the most important aspects of Seismic Risk Assessment (SRA) of transportation
networks, SRA can evaluate the seismic vulnerability and losses (e.g. economic, social)
due to extreme events such as earthquakes. Seismic risk assessment of network systems is
computed directly from different components in the system and is the beginning part of
seismic event time-line presented by Basoz et al. (1996). Figure 1-2 summarizes the
major components of the overall risk assessment methodology as introduced by
Kiremidjian et al. (2008). In order to assess resilience and seismic performance of

transportation networks, a technically reasonable methodology should be developed.

Seismic Hazard
|
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Motion faction slides displacement
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Repair Costs | System El"al“aﬂo“ Time Delays
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Figure 1-2: Risk assessment methodology for highway network systems (Kiremidjian, et
al., 2008)



Applied Technology Council (ATC, 1991) led one of the first efforts to develop a
comprehensive methodology for assessment of seismic vulnerability and evaluation of
risk associated with the disruption of lifelines for building structural systems. An
improved version of this methodology was implemented in a Geographical Information
System (G1S)-based risk assessment tool named HAZUS (HAZard US) developed by the
National Institute for Building Sciences (NIBS) for the Federal Emergency Management
Association (HAZUS, 1999; FEMA, 1997). Damage probability matrices based on expert
opinion were used for seismic risk assessment but they were replaced by fragility curves
in ATC-25 (Nielson, 2005). Various alternative methodologies were also introduced by
other researchers (ATC, 1985 and 1991; King et al., 1997; Shinzouka et al., 1997;

Veneziano et al., 2002).

In early 90s, Federal Highway Administration (FHWA) invested in the development of a
new methodology for the analysis of earthquake damage to highway systems which led to
development of an earthquake loss estimation tool called REDARS (Risk due to
Earthquake Damage to Roadway Systems, Werner et al. 2003). REDARS has been
developed specifically to assess the seismic performance and vulnerability of
transportation systems. It can be used to measure the performance in terms of congestion,

maximum delay times, and minimum restoration times.

All of the aforementioned tools and methodologies utilize either simplified of user
defined fragility models (curves) as the input to characterize the probabilistic seismic
performance of highway bridges. Therefore, fragility curves for highway bridges are the

critical input for the above tools to estimate damage to the bridge and consequently to the
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network that allows the predictions of economic loss and restoration time. Although
many recent studies have generated a set of fragility curves, a comprehensive study is
needed to: 1) improve existing fragility curves based on the recent research studies, and
2) develop new fragility curves for bridges with unique configuration (curved bridges) or

retrofitted bridges.

In this study, a series of nonlinear response history analyses is conducted to develop
fragility curves for horizontally curved steel I-girder bridges. This class of bridges can be
found all across the United States with a higher density in the East and Central United
States. All critical components and associated responses such as column curvature
ductility, bearing deformation, and abutment deformation are considered in assessment of
system fragility curves. All other responses including column displacements and
reactions, bearing forces, abutment impact and forces, and shear key deformation and

forces are also monitored.

1.4 Development of Fragility Curves

As was mentioned earlier in this chapter, in order to evaluate the seismic vulnerability of
highway network systems and to quantify in a probabilistic manner, fragility curves for
their components including bridges need to be developed. In this section, the definition
and different methodologies to generate fragility curves are presented. Fragility curves
express the conditional probability of reaching or exceeding a target damage state for a

specific ground motion intensity measure and can be represented as:
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st(IM) = P(DSUM) (1'1)

where DS is the specified damage state for the bridge component and IM represents the
ground motion intensity measure. A typical fragility curve for a specific damage state
(DS;) is illustrated in Figure 1-3. Existing fragility curves can be classified into four
generic groups of empirical, experiential, analytical and hybrid, according to whether the
damage data used in their generation is derived mainly from observed post-earthquake
surveys, expert opinion, analytical simulations or combinations of these, respectively

(Jeong and Elnashai, 2007).
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Figure 1-3: An example of fragility curve
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1.4.1 Experiential Fragility Curves

Development of a series of judgmental or experiential fragility curves was first attempted
by Applied Technology Council (ATC) in ATC-13 (1985) in mid-1980s due to lack of
damage data from past earthquakes. ATC conducted a survey to collect expert opinion in
order to estimate seismic damage to structures. In that work, several experts have been
first queried the possibility of 7 different levels of damage to bridges in terms of
Modified-Mercalli Intensity (MMI). Subsequently the survey results had been processed
and were eventually used to establish damage curves from a damage probability matrix.
Damage probability matrix describes probabilities of experiencing specified qualitative
damages to facilities for different levels of ground motions represented by Modified-
Mercalli Intensity (MMI) scale. The results of this type of fragility curve can be very
subjective since it is highly dependent on experts’ experience and judgment and number
of experts participated in the survey. An example of damage curve from ATC-25 (1991)

(FEMA 224) is shown in Figure 1-4.

1.4.2 Empirical Fragility Curves

Reconnaissance and assessment of bridge damage data following an earthquake serves as
a valuable field observation (Banerjee and Shinozuka, 2008). Empirical fragility curves
can be developed based on observed damage data such as those collected after the 1989

Loma Prieta and 1994 Northridge earthquakes. Many researchers developed empirical
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curves after these earthquakes (Basoz and Kiremidjian, 1997; Shinozuka et al. 2003;
Elnashai et al., 2004). The process of development of empirical fragility curves starts

with post-earthquake inspection of bridges which is conducted after earthquake events.
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10% / /
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Figure 1-4: Judgmental damage curves for conventional bridges by ATC-25
(1991)(FEMA 224)

Subsequently, damage probability matrices are generated based on a shake map which
represents the spatial distribution of level [intensity] of ground motion. In damage
probability matrices, number of bridges reaching a pre-defined damage state is specified
for various ranges of ground motion intensity measures. The major drawbacks of
empirical fragility curves are; 1) lack of sufficient data for various classes of bridges and
damage states in an earthquake event, 2) different damage state assigned to the same
bridge by different inspectors, and 3) different shake maps for the same earthquake

generated by different people.
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Table 1-1 shows a damage matrix involving reinforced concrete bridges for Japan
Highway Public Corporation (JH) after the 1994 Kobe earthquake (YYamazaki et al.,
1999). Empirical fragility curves were developed based on this damage matrix assuming
a lognormal distribution as shown in Figure 1-5 (Elnashai, 2004).

Table 1-1: Damage matrix involving RC bridges after 1994 Kobe earthquake ('Yamazaki
et al. 1999)

Peak Ground Acceleration (g)

Observed | 0.15- | 0.2- | 0.3- | 0.4- | 05- | 0.6- | 0.7- | 0.8- | 0.9- | >1.0 | Total
Damage 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1.0
None 80 34 23 28 12 3 3 1 0 0 184
Minor 0 0 2 1 0 4 0 1 0 0 8
Moderate 0 0 1 3 3 6 0 0 0 0 13
Major 0 0 0 1 0 5 1 0 0 0 7
Collapse 0 0 0 2 0 2 0 0 0 0 4
1
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Figure 1-5: Empirical fragility curves (Elnashai, 2004)
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1.4.3 Analytical Fragility Curves

Unlike other types of fragility curves, analytical fragility curves can be more generic and
diverse as they are derived based on damage distribution “observed” from a large number
of numerical simulations. Analytical fragility curves may increase the reliability of the
vulnerability estimate for different structures (Chrysanthopoulos et al., 2000; Reinhorn et
al.,, 2001). In order to develop analytical fragility curves, models with various
complexities are generated. These models may involve all components such as bearings,
shear keys, abutments, backfill and bents. In order to increase accuracy and reliability of
the models, they should include ideally individual component characteristics calibrated
based on available experimental data, engineering judgment, past research and
observations. After developing the system models, various approaches can be adopted to
generate analytical fragility curves including elastic spectral response (Hwang et al.,
2000a), nonlinear static analysis (Mander and Basoz, 1999; Shinozuka et al., 2000), and
nonlinear response history analysis (Shinozuka et al., 2000; Hwang et al., 2000b; Karim
and Yamazaki, 2001). The later one is the most rigorous approach to develop analytical
fragility curves; the most computationally expensive but reliable methodology at the
same time (Shinozuka et al. 2000). In this approach, a suit of ground motions
representing the region with known seismicity is assembled and a statistical sample of
earthquake-bridge groups is generated by sampling on ground motions, bridge geometry,
material, and component properties. Nonlinear response history analyses of all statistical
samples are carried out and maximum responses are recorded to build Probabilistic

Seismic Demand Models (PSDMs). One approach is to develop probabilistic seismic
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demand analysis of all components by conducting regression analysis of maximum
responses versus the intensity measures. The equation of PSDM representing linear
regression of logarithm of peak response (Structural Demand S, or D) and intensity

measure (IM) (Figure 1-6) can be written as (Cornell et al., 2002):
InSp, =a+b.InIM (Sp = alMP) (1-2)

where a and b are the unknown regression coefficients and IM is the selected ground

motion intensity parameter.

The second approach is to use other estimation techniques such as Maximum Likelihood
Method (Shinozuka et al., 2000). Subsequently, component fragility curves are developed
considering their pre-defined damage states. Probability of failure of a system can be
expressed as the probability that seismic demand (Sp) will exceed the structural

capacity (S¢):

S
P, = p(S—lZ) <1.0 (1-3)
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Figure 1-6: Probabilistic Seismic Demand Model (Cornell et al., 2002).

The best closed form solution for the fragility curves is known as lognormal cumulative
distribution function (Melchers, 2001):

IN(Se.0e) =10 (S,), (1-4)

P(DS| IM) =1-®( Ny
C,DS+ D

where @() is the standard normal probability integral, S. ¢ is the median value of the
component capacity for a specific damage state, S s is its associated logarithmic

standard deviation, S, as was mentioned earlier is the seismic demand obtained from the
PSDM of the component as function of intensity measure, and g, is the associated

logarithmic standard deviation for the demand.
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The general procedure that utilizes successive nonlinear response history analysis to
develop analytical fragility curves, adapted from the study by Nielson (2005) is
summarized in Figure 1-7. The initial step to develop PSDMs (Probabilistic Seismic
Demands) of various components is to select a suit of ground motions representing the
target geographical area. These ground motions contains the inherent uncertainty such as
the magnitude, epicentral distances, and various soil conditions. In addition, a statistical
sample of bridges called benchmark bridges is generated, making it possible to consider
the uncertainty in material, geometric and system properties. Subsequently, all
benchmark bridges are simulated and suit of ground motions are applied to them which
are called bridge-earthquake pairs at this step. During response history analyses of all
bridge-earthquake pairs, the responses of the critical components are monitored. Peak
responses of all components are gathered and Probabilistic Seismic Demand Models
(PSDMs) are constructed using either a regression analysis between the natural logarithm
of peak responses and peak ground acceleration or other methods such as Maximum
Likelihood Method. Quantitative damage states for all components are obtained by a
combination of experiential, empirical, and analytical approaches. The probability of
reaching or exceeding a damage state is obtained by coupling the structural demand
(PSDMs) and structural capacity (damage states) of each component, assuming a
lognormal distribution. Fragility curves of all components are combined to find the
system fragility curves representing fragility curve for the entire system. Nielson (2005)
proposed a direct approach to obtain the system fragility curve from the associated

component fragility curves.
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1.4.4 Hybrid Fragility Curves

Limitations of experiential and empirical fragility curves in addition to modeling
deficiencies of analytical methodology lead us to have a combined method in which data
from all approaches are combined to find the most realistic fragility curve called hybrid
fragility curve. All the above-mentioned fragility curves are coupled to generate hybrid
fragility curves. Hybrid models can be particularly advantageous when there is a lack of
damage data at certain intensity levels for the geographical area under consideration and
they also allow calibration of the analytical model to be carried out. Furthermore, the use
of observational data reduces the computational effort that would be required to produce
a complete set of analytical vulnerability curves (Calvi et al.,, 2006). One common
approach to develop hybrid fragility curves is to combine empirical, experiential and
analytical fragility curves through Bayesian updating. The Bayesian updating procedure
is used to improve the robustness of the fragility curve and produced confidence bounds
on estimates of the probability of failure (Schultz et al., 2010). Jeong and Elnashai (2007)
suggested calibrating analytical fragility curves to observational data as another hybrid

approach.



/| Slight DS
) 05 1 15 H

1
[l

8 8 3 2

Annqeqoad

V
0 1 15 2

1
18

I
Aupqeqoud

[

y
05 1 15 1
M

Auiqeqoid

Companent (1)
0 1 15 2
M
Component (2)
05 1 15 H
M

0

3 &8 3 3
Aupgeqoid

]

2 § 3 3z
Aungeqoid

M

1
[}

2 2 3 3
Auiqeqosd

Lnfim)

(T-usuodwos ‘dsay)ul

Lnfi)

(z-ausuodwes ‘dsay)u

Ln{IM)

(wiusuodwod ‘dsay)ul

{w-T:s3usuodwos
“I-oN uny)esuodsay

4

(w-T:sIusuOdWIoD
‘z'oN uny)asuodsay

i

(w-psyuauodwoy
‘uoN uny)asuodsay

8
H
2
b
“hnaeqosd.
e e
e e
e e
. =
. =
e e

Figure 1-7: Fragility curve development through non-linear response history analysis

20



21

A more comprehensive discussion of various methodologies to develop fragility curves is

given by Porter et al. (2007).

1.5 Objective and Scope

This study focuses on the development of analytical fragility curves for horizontally
curved steel girder highway bridges. Although this class of bridges is very popular in
particular in the East and Central United States, it has never been investigated and the

effect of curvature on the seismic response has never been evaluated.

The vision of this study is to provide key information and tools that will facilitate the
enhancement of seismic resilience of horizontally curved steel highway bridges. To

realize this vision, the objectives are to:

1) Conduct a statistical survey to identify the range of various geometric properties
of this class of bridges such as span length, subtended angle, number of girders,
girder spacing. Subsequently, statistically meaningful discrete values for each of
these parameters are established for use in the investigation that will lead to
representative benchmark bridges.

2) Design all geometric benchmark bridges based on AASHTO LRFD Specification
(Interim 2008),

3) Identify an appropriate suit of ground motions representing various hazard levels

and geographical locations in the US.
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4) Consider vulnerability of both seismically designed (S-) and non-seismically
designed (NS-) bridges,

5) Develop parametric 3D analytical models of curved steel girder bridges in
OpenSees platform,

6) Perform a comprehensive study to identify design and analysis parameters that
have significant effect on the seismic response, hence whose variations must be
considered,

7) Perform response history analysis of all bridge-earthquake samples and generate
probabilistic seismic demand models (PSDMs) for the various components under
investigation,

8) ldentify all limit states for various components of both S- and NS-designed
bridges,

9) Develop fragility curves for various components and consequently, system
fragility curves for both S- and NS-design bridges,

10) Conduct an extensive study on the effect of curvature indices including central
angle and torsion index on the seismic component response and system fragility
curves of steel bridges,

11) Comparison of analytical fragility functions with HAZUS fragility curves.

1.6 Dissertation Outline

This dissertation is categorized into the following chapters:
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Chapter 2 presents a survey of curved steel girder highway bridges in the United States. It
intends to find the range of various geometric properties of bridges and then a number of

highway bridges are fully designed to be called “geometric benchmark bridges”.

Chapter 3 describes the properties of proposed simplified beam model for steel girder
bridges. This model can represent accurately the full finite element model of steel girder

bridges.

Chapter 4 presents a detailed description of hysteretic response of bridge components and
their corresponding analytical model in OpenSees platform. At the end, the OpenSees
model is verified versus its corresponding SAP2000 (V14.2.0, 1998) (V14.2.0, 1998)

model.

Chapter 5 assesses the sensitivity of response of bridges by evaluating significant
parameters using sensitivity analysis. Significant parameters for both S- and NS-designed

bridges are presented in this chapter.

Chapter 6 presents probabilistic seismic demand model of various components and the
fragility curves for all components, and then combines them to find the system fragility
curve. These system fragility curves are applicable to all curved bridges with any central

angle.

Chapter 7 presents the system fragility curves with median as a function of central angles
with specific dispersions. These curves are useful for bridges when individual central

angle of a specific curved bridge is known. The effect of curvature indices including the
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central angle and torsion index on the component responses and bridge vulnerability are
also presented in this chapter in addition to comparison of fragility curves with HAZUS
damage functions. It also examines the limiting central angle by AASHTO LRFD

(Interim 2008) and AASHTI Seismic Guidelines (2007).

Chapter 8 gives a summary of the work, findings and conclusion about curved steel
girder bridge analysis, design and vulnerability, and presents recommendations to
improve seismic resilience of curved steel girder bridges, and lists recommended future

work.

1.7 What Then Is Particularly New in This Dissertation

Although curved bridges have been a major research area since 1960s, there are still not
many conclusive studies performed to evaluate their seismic vulnerability and variation
of component seismic responses. However, this class of bridge has been one of the most
critical components of transportation networks and accordingly, it is important to conduct
their seismic risk assessment. A comprehensive study on seismic response of various
components and seismic vulnerability of horizontally curved steel girder bridges is
conducted in this study. This task has been performed on both seismically and non-
seismically designed bridges which have major differences in column confinement, type
of bearings, and abutment support length. A survey is required to find the range and
distribution of geometric properties of this class of bridge across the United States.

Moreover, the predominance of other material, analysis, and component properties on
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bridge component responses need to be investigated through a sensitivity analysis. The
dominant parameters are then utilized to generate a set of statistical bridge samples. The
component fragility curves are developed using two intensity measures including peak
ground acceleration (PGA) and Sal (spectral acceleration at one second) and then are
combined to yield system fragility curves. The components which have the most adverse
effect on the seismic vulnerability of both seismically and non-seismically designed
bridges are also identified. A comparison of component and system fragility curves in
seismically and non-seismically designed bridges would lead us to find out how
differences between non-seismically and seismically designed bridges affect their
vulnerability. The system fragility curves can be also developed as a function of central
angle to include the effect of curvature on seismic vulnerability of bridges. This task has
been also performed to find central angle dependent fragility curves. HAZUS-MH
(2011), intended to describe the methods for performing earthquake loss estimation,
presents fragility curves for highway networks including roadways, bridges and tunnels.
The obtained column and system fragility curves are compared to those in HAZUS-MH
(2011). The obtained system fragility curves can be implemented in the seismic risk
assessment tools such as REDARS and HAZUS. In addition, the effect of curvature
indices including central angle and torsion index on various component responses and
vulnerability is investigated. This would help to find out how sensitive component
responses are to curvature. These indices are compared to find the best-curvature-
representing index. Since the central angle has been the index to specify a bridge as curve

or straight in bridge design specifications, the limiting angles specified in them are also
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examined. This limiting central angle is specified as 30 degree in AASHTO Seismic

Guidelines (2007) and 90 degrees in AASHTO LRFD (Interim 2008).

It should be noted that although single/dual beam models are appropriate to yield proper
accuracy in component responses of time history analysis for straight and skew bridges, it
cannot correctly capture component forces and deformations in curved bridges. That is
because single/dual beam models cannot capture the torsion induced in the superstructure
of curved bridges. Therefore, a simplified beam-stick model is proposed and utilized
throughout this study. The efficiency and accuracy of this simplified model is verified as

it reduces the time of nonlinear response history analysis.
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2 Survey of Horizontally Curved Steel Girder Bridges in the
United States

2.1 Introduction

As it was mentioned in the previous chapter, in order to develop fragility curves for
horizontally curves steel bridges, a set of statistical samples representing all bridges of
this class in the US should be generated. Statistical sampling requires the range of various
geometric parameters established. Therefore, a comprehensive survey is conducted and
the typical and characteristic bridge details are examined. In this survey, the range and
distribution of all geometric properties of existing bridges such as span length, number of
girders, girder spacing and number of spans are identified and discrete values are
assigned to each geometric parameter. A total of 46 curved steel bridges have been
included in the survey and consideration of associated parameters allowed the
identification of so-called “geometric benchmark bridges.” This chapter evaluates the
distribution of various geometric parameters and yields the discrete values for each,

finally combining them to produce 60 geometric benchmark bridges for further study.
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2.2 Classification and Survey of Bridges

Bridges in the entire United States can be categorized into two distinct groups with
respect to their design and detailing depending on the prevailing codes and geographic
location. First group belongs to bridges which have been designed and built without
specific considerations given to seismic response, therefore are likely to be vulnerable to
earthquake induced damage. Typically, they have columns without adequate confinement
of core concrete. Hence, ductility requirements established by the current codes are not
necessarily met in these types of bridges. Most of the bridges built before 1995 fall into
this group. Typically, seismically vulnerable steel bearings are the most common type of
bearings for this group of steel girder bridges (Mander, 1996). The second group is
identified with adequate confinement and therefore, sufficient ductility in the columns is
expected. In bridges designed to resist seismically induced force and deformation
demands, new types of bearings are utilized. In this study reinforced elastomeric bearings
are used for this group of bridges as one of the most common type of bearings utilized in
seismically designed bridges. These two distinct groups are referred to as: seismically
designed (S-) and non-seismically designed (NS-) bridges, respectively, Hence, another
important difference between seismically and non-seismically designed bridges is
identified as the support length of the superstructure at the abutments. Typically, non-
seismically designed bridges have smaller support length because it had not been
addressed in their corresponding codes. This difference influences the maximum
displacement of the bearing at complete damage state which will be discussed in Chapter

7.
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Accordingly, bridges considered in this study are categorized into two broad groups;
namely, seismically-designed (S) and non-seismically designed (NS). Fragility curves for
these two distinct groups are developed to identify and contrast the various types and

levels of probable damage both for components and the overall system in general.

The details of 46 bridges have been collected to establish baseline geometries and their
variability statistically. These consist of 32 bridges described in NCHRP report no. 563
and 14 bridges obtained from various state departments of transportation (DOT). A list of

these bridges is as follows:

e 32 from NCHRP Report 563

e Project No. NCHRP 12-52

e Layout from AASHTO website (http://bridges.transportation.org/Documents/I-
Girder.pdf)

e 3 bridge drawings from CALTRANS

e 5 plans from Texas DOT

e 2 bridge drawings from Arkansas DOT

e 1 plan from Oregon DOT

e 1 plan from Washington DOT

e The prototype curved bridge designed as part of the FHWA-funded experimental

investigation at the University of Nevada, Reno (UNR)
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2.3 Bridge Statistics

A survey of steel curved bridges in the US has been conducted to establish typical ranges
and statistical distribution of various geometrical parameters. Statistical analysis of
various geometries of the surveyed bridges includes span length, number of spans,
number of girders, deck thickness, girder spacing, and subtended angle (Figure 2-1 and
Figure 2-2). Discrete values representing the statistical distribution of each parameter are
determined and combined to generate a set of so-called “geometric benchmark bridges.”
All geometric benchmark bridges are then designed formally based on AASHTO LRFD
Specification (Interim 2008) for the size of the girders and the decks. The substructure
components (bentcaps and columns) are sized based on the specification limits and
engineering practice presented later in this chapter. Results of the survey of these

geometric properties are presented in the following subsections.

Roadway e \
Width () —
/ —q—_ ]___

Subtended
Angle (a)

Radius of h
Curvature (R)

Figure 2-1: Definition of geometric properties of superstructure cross section
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Figure 2-2: Definition of geometric properties of superstructure cross section

2.3.1 Slab Thickness

Deck slabs are designed for dead and live loads for the strength limit state. In addition,
their capacity is verified against collision to the railing system of bridges for the extreme
event limit state (AASHTO, interim 2008). Under earthquakes, concrete deck slab
displaces laterally nearly as a rigid body and remains linear-elastic. As the reinforced
concrete deck and barriers in a steel plate girder bridge typically account for around 80%
of the weight of the bridge, the majority of the inertia loads are generated in the
superstructure. The inertia loads are transferred from the deck into the substructure at the
immediate ends of the spans of this bridge (Itani et al., 2004). Slab thickness data was
available from only a limited number of surveyed bridges (Table 2-1). From this table, it
can be seen that 216 mm (8.5 in) is a typical value for slab thickness for interior part and

also overhang. Therefore, a deck slab thickness of 216 mm (8.5 in) was assumed
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uniformly for all of the geometric benchmark bridges in this study. A haunch of 51 mm (2

in) has been chosen for all bridges. It is noted that the haunch excludes the top flange

thickness of the girder.

Table 2-1: Slab thickness of surveyed bridges

. Interior Slab Ov.e rhang Haunch

Bridge Thickness (mm) Thickness (mm)
(mm)

Layout from AASHTO website 216 216 133
Plan from TDOT 211 211 150
State Route 45 (Straight steel
bridge, CALTRANS) e 2 o8
Prototype (UNR) 203 203 51
Project No. NCHRP 12-52 229 229 102
South Connector OC
(CALTRANS) 213 356-216 143
Route 14\5 Separation &
Overhead (CALTRANS) Al SRl e

2.3.2 Number of Spans

Number of spans is an integer value, therefore it is sufficient to generate its non-

parametric probability mass function. Non-parametric probability mass function can be

developed by dividing the number of bridges with a particular number of spans to the

total number of bridges:

X
P(SN) =~

(2-1)
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Where SN denotes the specific number of spans, x is the number of bridges with number
of spans of SN, and N is the total number of surveyed bridges. As it can be seen in Figure
2-3, more than 50 percent of bridges under survey have three spans. In addition, the
median number of spans is 3. Hence, number of spans for all bridges in this study has

been taken as 3.

2.3.3 Number of Girders and Girder Spacing

Girder spacing plays a significant role in the deck design and the determination of the
number of girders. Wider spacing tends to increase the dead load on the girders, while
closer spacing requires additional girders, which increases the fabrication and erections
costs (Itani and Reno, 2000). As shown in the in Figure 2-4, based on the survey of the
bridges in this study, the median girder spacing is 2.7 m (8.8 ft) which is assumed for all

of the benchmark bridges as girder spacing (S).

Furthermore, as it is illustrated in Figure 2-5, most of the bridges considered in this
survey have 4 and 5 girders. Therefore, 4 and 5 have been selected as the number of

girders (N, ) for the geometrical benchmark bridges.



2.3.4 Roadway Width

By having the girder spacing and number of girders established and also assuming that
the overhang length is half of the girder spacing, as shown in Figure 2-6, the calculated
roadway widths for the selected girder spacing are 10.8 m (35.2 ft) (N, = 4) and 13.5 m
(44 ft) (N, = 5). Roadway width is calculated to make sure it falls within the surveyed
range. Because the roadway width is less than 13.7 m (45 ft), all benchmark bridge bents

are selected single-column based on current practice as it was seen in the survey that the

most bridges have single column bents.
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Figure 2-3: Non-parametric probability mass function of number of spans
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Figure 2-4: Girder spacing of surveyed bridges with 3 spans
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Figure 2-5: Number of girders for all three-span bridges
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Figure 2-6: Calculated roadway widths in comparison with surveyed roadway widths

2.3.5 Span Length

The average span length for three-span bridges in the survey is presented in Figure 2-7.
The surveyed data are divided into three groups and then average of each group is
obtained. Accordingly, three values of 24.4 m (80 ft), 39.6 m (130 ft), and 51.8 m (170 ft)
are considered for span length. To obtain the interior and exterior span lengths for three
span bridges, these three values are multiplied by three (for total length of bridge), and
then 0.3:0.4:0.3 ratio is applied to obtain individual span lengths (Figure 2-8). The choice
of the exterior span length is normally set to give relatively equal positive dead-load

moments in the exterior and interior spans. The arrangement results in the largest possible
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negative moment, which reduces both positive moments and related deflections (Itani and

Reno; 2000)
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Figure 2-7: Average span length of surveyed bridges
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Figure 2-8: Ratio between interior and exterior spans
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2.3.6 Subtended Angle

Subtended angle (central angle, o in Figure 2-1) measured as the ratio of length of the
bridge over its radius of curvature (L/R) has been identified as the most effective
parameter influencing the dynamic response of bridges (Keller, 1997; Maneets, 2003;
Lui, 2006). AASHTO LRFD Specifications (Interim 2008) and AASHTO Seismic
Guidelines (2007) require response history analyses of curved bridges with curve
geometry if the subtended angle of the entire bridge is more than 90 degrees. Subtended
angles gathered in this survey can be analyzed with two different approaches. The first
approach is to divide them into five groups and calculate each group’s average (Figure
2-9). The second approach is to fit statistical distribution that represents the data. Weibull
distribution (Equation (2-2)) is found to be the best fit to the distribution of subtended

angles. The probability density function of a Weibull random variable x is:

K Xk gy >
f(x;4,k) = 1(/1) ° x=0 >
0 x<0 (2-2)

where k > 0 is the shape parameter and A > 0 is the scale parameter of the distribution.
The shape and scale parameters of the distribution have been found as A=36.61 and
k=1.23. A large number of data based on this distribution has been generated and then the
averages of five sub-samples, where all sub-samples have the same probability of 20
percent, have been obtained (Figure 2-10). The average of each sub-sample is shown in

Figure 2-11.


http://en.wikipedia.org/wiki/Probability_density_function
http://en.wikipedia.org/wiki/Random_variable
http://en.wikipedia.org/wiki/Shape_parameter
http://en.wikipedia.org/wiki/Scale_parameter
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Figure 2-9: Subtended angles and values obtained from the first approach
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Figure 2-10: Probability density function of Weibull distribution (A=36.61 and k=1.23)
and the areas with the same probability of 20 percent
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Figure 2-11: Subtended angles and values obtained from the Weibull distribution

In view of the two sets of values obtained from two approaches, final values of 8, 15, 25,
45, and 85 degrees are selected as they are consistent with the discrete values as
summarized in Table 2-2. The set of selected central angles and span length would yield a

range of radii based on:

R=— (2-3)

where L is the total length of the bridge, a denotes its corresponding central angle and R

stands for its radius of curvature. The range of radii obtained from this equation needs to
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be checked against the range of radii obtained from the survey. The corresponding radius

of these angles and previously-chosen bridge length are presented versus the radii

obtained from the survey and a close match can be seen in Figure 2-12.

Table 2-2: Final subtended angles for benchmark bridges

Subtended Angles

“15 Approach (Group Average) 8 16 23 50 90
2" Approach (Weibull Distribution) 6 16 27 43 79
Considered Values 8 15 25 45 85
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Figure 2-12: Comparison of subtended angles of benchmark and surveyed bridges
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2.3.7 Other Properties

As it was mentioned earlier, the superstructure of all geometric benchmark bridges are
designed based on AASHTO LRFD Specifications (Interim 2008), and their
substructures are sized based on the current engineering practice, AASHTO LRFD
Specifications (Interim 2008), and Caltrans (2006). The ranges for various parameters are
simultaneously checked to make sure they fall within the range obtained from the survey.

The details are summarized in Table 2-3 and Table 2-4.

By having the discrete values for various geometric parameters and assuming column
height to column diameter ratio of H./D,. = 5.0 , the properties of geometric benchmark
bridges can be obtained as shown below (Figure 2-5). While the only difference is the
column height, the same properties for the substructure and superstructure are used for

both cases of H./D, = 5.0and H./D. = 7.0.

Table 2-3: Restrictions and specifications applied on benchmark bridges based on

AASHTO and Caltrans
Requirement Notation Source
D D,: Girder Depth AASHTO LRFD Spec.
0, _g ) y
A L L: Span length 25.2.6.3
[ <L < R R: Curvature Radios AASHTO LRFD Spec.,
b=5r=490 L,: Cross-frame Spacing 6.7.4.2-1
L,.: Limiting Unbraced
Length
Wy, =D.+ 2ft W,,.: Minimum Bentcap Caltrans, 7.4.2.1
Width
D.: Column Diameter
D, D.: Column Diameter Caltrans, 7.6.1
0.7= D, =10 D,: Bentcap Depth




Table 2-4: Restrictions applied on benchmark bridges based on survey and engineering

practice
Requirement Notation Source
30" < D, < 90" D, Girder Depth Survey
S S: Girder Spacing
1.35 < D. <20 D,: Total Superstructure Survey
t Depth
D .
g 5
0.028 < 4 Dﬁ: Slrdelr Defr:h Survey
<0.061 - =pan feng
110’ < R < 3850’ R: Curvature Radios Survey
S S: Girder Spacing L .
Son = % S, Overhang Length Survey+ Engineering Practice
WRail = 500 lb

Wgair: Railing Load

/ft

Load
Span Length Ratios: 0.3:0.4:0.3

H: Column Height
D.: Column Diameter
Pp.: Dead Load Axial

Force in Column
Ppy _ 79 Ag: Column Cross
Ayfe ° Section Area
f¢: Specified Concrete

Strength

c

q =5.0,7.0
D_l,l

c

— 104 — 20, p;- Longitudinal
poe=1%=2% Reinforcing Ratio
= 19 — 20 py: Transverse
Py = 1% = 2% Reinforcing Ratio
= 10 p;- Longitudinal
pe=1% Reinforcing Ratio
py: Transverse

— 0,
py =0.1% Reinforcing Ratio

Survey+ Engineering Practice
Survey+ Engineering Practice
Survey+ Engineering Practice

Survey+ Engineering Practice

Survey+ Engineering Practice

Survey+ Engineering Practice
(for Seismically Designed
Bridges)

Survey+ Engineering Practice
(for Seismically Designed
Bridges)

Survey+ Engineering Practice
(for Non-Seismically Designed
Bridges)

Survey+ Engineering Practice
(for Non-Seismically Designed
Bridges)




Table 2-5: Benchmark bridges for “Col. Height/Col. Dia.”=5
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2.4 Concluding Remarks

A statistical analysis of various geometric properties including number of spans, span
length, number of girders, girder spacing, and central angle of horizontally curved steel
girder bridges across the United States have been conducted in this chapter and the most
representative values have been obtained. It was found that more than 50 percent of
bridges have 3 spans and, 4 and 5 are the most common number of girders with a median
spacing of 2.7 m (8.8 ft). Three different average span lengths of 24.4 m (80 ft), 39.6 m
(130 ft), and 51.8 m (170 ft) are selected for this study. Subtended angle of 8, 15, 25, 45,
and 85 are chosen for benchmark bridges. In total 60 benchmark bridges are generated
assuming two different column height to diameter ratios of 5 and 7. Two categories of
bridges are considered for this study; seismically (S) and non-seismically (NS) designed
bridges. S-designed bridges have adequately confined columns and elastomeric bearings
are used to connect the superstructure to substructure while in NS-designed bridges,
columns are poorly confined and steel bearings are utilized. NS-designed bridges are the
bridges which are built before 1995 while S-designed bridges are built after 1995.
Separate studies of both types of bridges are performed and their specific fragility curves

are developed in the next chapters.
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3 Simplified Beam-Stick Model for Horizontally Curved Steel
Girder Bridges

3.1 Introduction

As efficient tool for [nonlinear] response history analyses (nRHA) have become more
widely available, large number of studies have examined the performance of highway
bridges subjected to a variety of ground motions. Undoubtedly, nRHA is the most
comprehensive method used to establish realistically the seismic demand on highway
bridges. However, there are no unified guidelines to design engineers and researchers that
would facilitate the effective use of nRHA method for particularly irregular bridges. The
lack of guidelines is primarily due to the fact that nRHA requires a complex description
of the analyzed system and the response is strongly sensitive to the modeling assumptions

and the characteristics of the ground motions used for analyses.

Appropriate and accurate analytical definitions and representations of various sources of
nonlinearities associated with materials, components and their interactions and geometric
nonlinearities are key tasks in modeling studies. This fact is mainly due to high

sensitivity of analysis results to small variations in the parameters that characterize and
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define such nonlinearities. Therefore, a comprehensive and methodological parametric
sensitivity study must accompany the development of reliable modeling and analysis
guidelines. Preferably, models used for sensitivity investigation should be calibrated
against available experimental data from both component- and system- level experiments.
As a result, unified guidelines may be possible and somewhat prescriptive. Evidently,
prescriptive nature of the guidelines will have to be relaxed as the complexity of the
models and hence the extent of nonlinear interactions (e.g. irregular bridges with skew
and curve) increases. For such cases, the guidelines provide specific recommendations
and procedures that a design engineer with a clear understanding of basic analysis

concepts can follow.

Although the new generation of computers facilitate complex nRHA, the required
computational effort is still very significant. Therefore, the modeling guidelines should
lead to “computationally economic” models, requiring significantly less time to develop
and execute, and interpret the analysis results compared to full 3D finite-element (FE)
models. But, this must be achieved without any sacrifice in accuracy of the response

predictions.

Hence, this study introduces a set of unified guidelines for the development of simplified
beam-stick-grillage models for primarily horizontally curved steel girder bridges. The
validity and accuracy of the guidelines, procedures, and tool are verified through a series
of static, modal, elastic and inelastic (nonlinear) response history analyses. Comparisons
of the response predictions against the counterpart 3D FE models have demonstrated

remarkable accuracy and reductions in the required analysis time.
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3.2 Literature Review

One common area of simplification comes in choosing the number of modeling
dimensions, two (2-D) or three (3D) (Nielson 2005). There are some studies indicating
the longitudinal direction of the bridge controls the response of bridge (Rashidi et al.
1997; Shinozuka 1998; Nielson 2005), while other studies indicate that the loading in the
transverse direction controls the damage induced in the bridge and its components
(Rashidi et al. 1997; Choi 2002; Shinozuka 2002; Nielson 2005). The simplest model
consists of a single beam representing the superstructure with the entire mass, stiffness
and section properties of the superstructure. In such models, the beam element is
connected rigidly to the top of the bearings at supports including bents and abutments.
Memory et al. (1995) showed that for straight, simply supported and continuous
superstructure the single beam idealization with infinite stiffness in transverse direction
can be used, since the beam is assumed to be incapable of bending in transverse direction.
A single beam idealization is not appropriate for longitudinally asymmetric or
skewed, continuous superstructures. In such cases, simplified models cannot capture
dynamic characteristics of the irregular geometry. Furthermore, load path and damage to

components cannot be simulated accurately.

Farrar et al. (1998) studied the use of a single beam element to capture the composite
action between the concrete deck and steel girders in slab-on-girder bridges. They
developed a method for obtaining the torsional properties (shear-center location, torsional
constant, warping constant and sectorial moment (warping statical moment)) of an open

thin-walled cross section representing the superstructure. The primary limitation of the
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simplified beam element model is its inability to accurately model 3-D boundary
conditions such as those that arise from the connections of the plate girders to the bents.
The degree of agreement depends on accurate modeling of the bents and kinematic
constraints between the bridge and bents, and the appropriate representation of the
superstructure’s torsional properties. The beam model provides approximations to the
dynamic properties that are sufficiently accurate to be useful in preliminary seismic

studies of long, multi-span bridges.

Meng et al. (2002) used dual-beam stick model for preliminary dynamic analysis of skew
bridges. This model is applicable to any type of superstructure and consists of two sticks
connected by massless rigid bars which are perpendicular to these beam elements. These
rigid bars are connected to the beams in such a way that only rotations about the
longitudinal axis of the beams are allowed. The mass, section area, torsional constant and
moment of inertia about the horizontal axis of deck section are divided by two and
assigned to each stick. Spacing of the sticks is based on having the same mass moment of
inertia about the vertical axis of the bridge. Cap beams are modeled using beam elements
with high flexural rigidity to prevent excessive deflection. Because the bridge deck
contributes to the stiffness of the cap beam, the stiffness of the cap beam is much higher
than that inferred by its actual cross section. This model gave reasonably accurate results
in predicting natural frequencies and mode shapes of the bridge as well as in estimating
the relative magnitudes of displacements of the superstructure and internal forces in the

superstructure.
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Mackie (2004) modeled the single spine and assigned to each bridge deck node were six
mass terms; three translational (masses) and three rotational (moments of inertia). The
nonlinear deck was discretized into two elements per span with 4 integration points each
and a distributed mass (mass/unit length) to achieve the same total mass. Rotational mass
terms were lumped at the nodes. Nielson (2005) modeled the steel composite
superstructure as an elastic beam-column element. It was assumed that the stiffness of the
superstructure did not play a significant role in the horizontal seismic response of the
bridges whether it was loaded in the longitudinal or transverse directions. This is due to
the fact that the composite deck sections are much stiffer than any of the other
components and thereby behave much like rigid links. Padgett (2007) modeled various
classes of bridges consistent with Nielson’s findings (2005). The composite slab and
girders are modeled using linear elastic beam-column elements, since the superstructure

IS expected to remain elastic during seismic excitation.

Abdel-Mohti and Pekcan (2008) used a simplified BS model in which superstructure is
represented by a single beam element having the equivalent properties of the entire deck
and presented a procedure. Yang et al. (2009) generated a 3D model of a multi-box girder
superstructure using beam-column elements with fiber sections located along the

centerline of the deck.

Another method commonly used for decreasing the complexity of the superstructure is
called Grillage Method in which superstructure is modeled as a grillage (Memory et al.
1995; Meng et al. 2002; Hambly, 1990; O'Brien and Damien, 1999). Grillage model

eliminate the shell elements representing the slab in the superstructure and replaces them
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with beam elements in both directions (Maleki, 2002). The moments of inertia for the
longitudinal girders are calculated using standard compatibility procedures based on
uncracked concrete and ignoring reinforcement stiffness. The mass of the superstructure
is distributed to the girders. The transverse beams model transverse stiffness only, with
the exception of the support and midspan stiffener beams which carry mass. The mass of
reinforcement and handrails is included in the model (Memory et al. 1995). Bakht et al.
(1997) introduced an alternative, highly accurate method of analysis of bridge
superstructure; named semi-continuum method. In this method, model has the same
number of longitudinal beam as in grillage method, but an infinite number of transverse
beams. He also demonstrated that in grillage method, insufficient number of transverse
beams and inaccurate apportioning of load to the grillage nodes can cause inaccurate
results. Al-Sarraf (2009) proposed a modified grillage model that was simpler and

produced results with acceptable accuracy when compared with Finite Element Method.

Coletti and Yadlosky (2005) indicated that the grillage models are not generally
recommended for bridges with severe curvature because they are unable to capture the

torsion response in those bridges.

One of the response parameters that has not been considered in evaluating the accuracy of
the models mentioned above is the distribution of reactive forces on bearings induced by
static and dynamic loading whereas one of damage states is related to damage to
bearings, so the simplified model should predict the forces in bearings properly.
Furthermore, for horizontally curved bridges, a single beam simplification cannot capture

the torsional characteristics and associated response of the superstructure due to dead and
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dynamic loading of horizontally curved bridges. Subsequently, response predictions
involve large amount of error in bearing reactions, as well as other significant response

quantities such as deformation, bent forces, shear key forces, etc.

Simplified modeling approaches proposed by Meng (2002) and Abdel-Mohti and Pekcan
(2009) for skew bridges are not necessarily appropriate for modeling of horizontally
curved steel girder bridges. The primary reason for this is the fact that transverse
response of the bridge deck introduces relative deformations both in-plan and along the
girder depth (due to finite stiffness of slab and girders). However, connecting the beam
elements with rigid link elements in the simplified model prevents the relative

deformations, hence leading to unrealistic kinematic constraints.

3.3 General Configuration of a Curved Steel Girder Bridge

Horizontally curved steel girder bridges are widely used in the United States in highway
interchanges and river crossings. This class of bridges with shallow depth makes it
possible to have flexible number and locations of bents and longer spans. Steel I-girders
are attached to a concrete deck through shear connectors which withstand the shear
induced between deck and girders and make it possible to have composite action. I-
girders are connected through intermediate and support cross-frames to transfer the
inertia forces from the deck to the bottom of girders, prevent lateral torsional buckling of
the bottom flanges of girders, and contribute to withstand the torsion in the superstructure

of curved bridges. In addition to regular known bending and shear design forces in
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straight bridges, torsion due to curvature is induced in the superstructure of curved
bridges. Horizontal curvature in the structure leads to a combination of torsion and
bending in the members, causing high internal forces in the diaphragms and subsequently
a more complex and different distribution of forces in all the bridge components
compared to straight bridges. The superstructure is connected to the abutments and bents
through a set of bearings. Bearings have two main purposes including transferring
horizontal forces between the superstructure and substructure and making it possible for

the superstructure to rotate over the substructure.

3.4 Conventional Single Beam Model

In a single beam model, the substructure is modeled explicitly while a single linear elastic
beam-column element is used to replace the superstructure along its centerline. The
geometric and material properties of the superstructure are assigned to the single beam-
stick (BS) element. Rigid link elements are defined at supports, at the beam level and
perpendicular to the beam. These elements are connected rigidly to the top of bearings.
Since all of the nonlinearities are expected to take place elsewhere in the structure, the
beam-stick element that represents the superstructure is assigned only linear-elastic
properties. The single beam is divided into multiple linear segments to be able to
represent the curvature of the superstructure. Transitional mass of each segment is
assigned to its ends equally. Rotational mass of the superstructure is calculated based on

equation as follows and is assigned to the segments’ ends equally.
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+m;r? (3-1)

where m; is the mass of each element in the cross section (including the concrete slab and
girder flanges and web), d; is the widest dimension of the element, and r; is each

element’s distance to the center of gravity of the superstructure (Figure 3-1).

C.g. of the element

cg. CJQ

Figure 3-1: Definition of d; and r; to calculate the mass moment of inertia of the
superstructure

In the rotational mass equation, the first term (m;d?/12) is the rotational mass of each
part in the superstructure about its individual axis and the second term m;r? is the

rotational mass of each part about the center of gravity of the superstructure section.

Assignment of superstructure rotational mass results in much better accuracy in
approximating the dynamic response and fundamental modes of the structure in the

transverse direction.
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The properties that should be assigned to the single beam consist of cross section area
(A), shear areas in both principle directions of the section (4,5, 4,3), torsional constant
(J), and moment of inertia about both principle directions (I,,,I33). To account for the
effect of cracked concrete deck, a modification factor of 0.4 has been assigned to the
elastic modulus of the deck slab (Carden et al. 2005). Column in the bents are modeled as
non-linear frame members and for long columns, they should be divided by five similar
sub-elements to have a better mass distribution along them. The effective moment of

inertia can be obtained using (AASHTO Seismic Guidelines, 2007, 5.6.2):

M

Yy
EC Ieff :; (3'2)
y

where My, and @, correspond to the moment and curvature of the section at the first
yielding of the reinforcing steel in the column section. Because of the great reduction of
the torsional stiffness of the concrete members after first cracking, a modification factor
of 0.2 is applied to the gross torsional moment of the inertia of the column section
(AASHTO Seismic Guidelines, 2007, 5.6.5). The cap beam is modeled using a linear
element with its section properties. An example of a single beam model and its
corresponding 3D Full FE model in SAP2000 (V14.2.0, 1998) (V14.2.0, 1998) are

illustrated in Figure 3-2 and Figure 3-3.
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Figure 3-2: An example of conventional single beam-stick model

Figure 3-3: Corresponding 3D Full FE model of conventional single beam-stick model
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3.5 Proposed Enhanced Beam-Stick (BS) Model

The proposed beam-stick model is a combination of longitudinal beams which are
connected to each other by means of transverse frame elements. First, the division of the
superstructure into the longitudinal beams is described as it can be seen in Figure 3-4 and
Figure 3-5. For each girder, a frame element, namely girder-beam, is used. Each girder-
beam has the properties of the corresponding steel girder and is located at its neutral axis
level. Two edge-beams are located at the distance equal to 0.3 ¢, from the edge of the
slab. These beams represent the vertical shear flow of the slab and have a width equal to
0.6 t; and a height equal to thickness of the slab. For each line of strength of the
superstructure, which is the location of girders, a beam is developed at the level of
thickness of the deck. These elements called main-beams are located symmetrically about
the axis passing through the thickness of the web of the steel girders and their width for
main-beams on interior girders should not be taken more than the spacing of the girder.
This limitation of the width of the slab is based on the effective width of the slab for
composite beams defined in AASHTO (Interim 2008), and work done by Chen et al.
(2007). This limitation leads to have some of the parts of the slabs not included as edge-
or main-beams. The rest of the slab is modeled using additional beams named additional-
beams. All of edge- , main- and additional-beams are located at the elevation of thickness
of the slab and has the properties of the part of the slab which they represent and they are
connected to each other by transverse-beams. Transverse beams should be at least at the
location of the supports and intermediate cross-frame. The main-beams are connected to

girder-beams using rigid links. (Figure 3-6)



Additional Beam

Edge-Beam Edge-Beam
& L e =
h —" A —" N
- = Main-Beam Main-Beam
0.3 ¢t 0.3 ¢t

XX

Girder-Beam Girder-Beam

- = e

Figure 3-4: Location of longitudinal beams

2(L—0.6t,)

S B\ = 7

— L S

Figure 3-5: Tributary area of each longitudinal beam

Transverse-Beam Transverse-Beam Transverse-Beam Transverse-Beam

Rigid Link Rigid Link Rigid Link

Figure 3-6: Connection of Beams
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Although the transverse beams are used at least at the location of cross-frames, additional
transverse beams can be used to increase the accuracy, but based on grillage method
rules, the spacing between two successive beams is approximately between one to three
times the distance between longitudinal beams and this ratio can go up to a higher
number without having a significant difference in accuracy of the result. The properties
of transverse-beams are based on their spacing. The properties of each transverse-beam
can be determined considering a rectangular cross section that has a height equal to
thickness of the slab and width equal to summation of half of spacing to the previous and

next transverse-beams.

A 3D configuration of the proposed beam stick model is shown in Figure 3-7.

Because there is no interaction between the axial force and bending in two perpendicular
directions, Poisson ratio of the longitudinal beams in slab level and transverse beam can

be taken as zero.

By considering a cube of the slab with unit dimensions, as it is illustrated in Figure 3-8,
the probable modifications for the properties of the beams (longitudinal at slab level and
transverse) can be obtained. If u, v, and w are the deformation of the cube in X, Y, and Z,

respectively, and the curvatures (k) in X, Y, and XY directions are defined by:

kyx = (3-3)
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Figure 3-7: 3D Configuration of the proposed beam stick model
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Figure 3-8: Internal forces in a cube of the slab
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0%w
kyy = ? (3-4)
AL 3.5
Furthermore,
22w
Sij = —Z aXi ax] = _Zkij (3'6)

where ¢&;; denotes the strain oriented in jth direction on the facet of the cube
perpendicular to ith direction, and z is the distance of the fiber from the horizontal axis
passing through the center of the facet. Therefore, the axial and shear stresses can be

expressed as:

E —zZF
Oux = T2 (exx — vEyy) = T2 (kxx + vkyy) (3-7)
E —ZE
Oyy =1 2 (gyy - ngx) = 12 (kyy + kax) (3-8)
Tay = Tyx = 2GEyy = —22Gky,, (3-9)

where E, G, and v are the elastic and shear modulus of elasticity and the Poisson ratio of
the slab, oy, and a,, are the normal stress on the planes perpendicular to x and y

directions, ., and &, denote normal strain on the planes perpendicular to x and y
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directions, ., is the shear stress oriented in y direction on the plane perpendicular to x
direction, and 7, is the shear stress oriented in x direction on the plane perpendicular to

y direction, respectively.

By calculating the shear force, the moment and the torsion due to these stresses and
equating them to the basic formulations for torsional constant and moment of inertia of a
rectangle, it is possible to find the probable modification factors for properties of the
beams representing a definite width of the slab. It should be noted that because these
formulations are for a unit cube, they represent the required properties of the slab for a

unit width of the slab.

Torsional constant of the beams can be obtained by integration of the shear stress around

the center of the rectangle which can be obtained as follows:
ts t 3
> S
tey = [ =214y dz =G (—) Ky (3-10)

where ¢, is the thickness of the cube (deck slab). The torsion (t,,) can be also expressed as:
tyy = GJKyy (3-11)

where J is the torsional constant of the cube facet. Therefore:

J=— (3-12)
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This is the half of the classical formula for torsional constant. As a result, a modification

factor equal to 0.5 should be assigned to the beams representing the slab.

For obtaining the moment of inertia that should be assigned to the beams, the best way is

to use the classic formula for bending in a beam for the top fiber of the slab:

Myy (ts/2) o= Myx (ts/2)

Oxx(at top) = i Ox (3-13)
where m,., is the moment about X axis for a unit width of the slab:
ts (ts3/12)
Myy = [ %, —204dz =0 Es—— 3-14
XX _%s xx xx(at top) (tS/Z) ( )

By substituting the above formula for the formula for oy, (a¢ topy, Moment of inertia of

the slab for unit width is as follows:

_t 3-15
=15 (3-15)

Consequently, the moment of inertia of the slab is the same as its classic formula for
moment of inertia of a rectangle. Therefore, no modification factor is necessary for the

moment of inertia of the beams. This is also valid for Y direction.

For the cross section and the shear areas, the actual values are assigned to the beams.
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In summary, all the properties of the longitudinal beams at slab level and transverse
beams are the properties of the part of the slab they are representing except the torsional

constant which should be decreased by half.

Tributary mass of each stick is assigned as a load to that stick. This mass is calculated

based on the represented cross section of that stick.

Since the forces in support cross-frames are significantly higher than forces at
intermediate cross-frames, only the support cross-frames are modeled explicitly.
However, the effect of intermediate cross-frames on the behavior of the superstructure
should be considered. To take into account the effect of intermediate cross-frames, a
rotational constraint about the alignment of the superstructure has been assigned to all

nodes at the cross section of each intermediate cross-frame (Figure 3-7).

All of the nodes from the top of the bearing to the level of mid-thickness of slab are
assigned a full transitional and rotational constraint (Body constraint) as illustrated in

Figure 3-7.

3.6 Verification of the Proposed Model versus Deck-Shell Model

In order to verify the accuracy of the proposed beam model, two benchmark bridges have
been modeled using both the proposed approach and the deck-shell modeling approach

using SAP2000 (V14.2.0, 1998) (V14.2.0, 1998). Properties of the benchmark bridges,
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modeling of components, types of analyses, and comparisons are provided in the

following sections.

3.6.1 Properties of Benchmark Bridges

Two benchmark bridges have been selected to verify the validity of proposed beam-stick
model. The first bridge is the prototype curved bridge designed as part of the FHWA-
funded experimental investigation at the University of Nevada, Reno (UNR) and the
second bridge is a seven-span bridge designed by CALTRANS with unequal column

heights. The geometric properties of two bridges are as follow:

First Benchmark Bridge (BMO1): It is a continuous three span composite steel girder
horizontally curved bridge with span lengths of 32 m (105 ft), 46.3 m (152 ft), and 32 m
(105 ft). The subtended angle is 104 degrees and the radius of curvature is 61 m (200 ft).
Single column dropped bentcaps are used and clear height of the columns is 6 m (20 ft).

Other details related to the superstructure and bent is illustrated in Figure 3-9.
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Figure 3-9: Bent and Superstructure Details of BMO1 (units in cm)

Second Benchmark Bridge (BMO02): this bridge is the replacement of the South

Connector OC Bridge in California damaged due to Northridge Earthquake. It is a

continuous 7-span composite steel girder horizontally curved bridge. In this study, only

the first five spans with span lengths of 35.7 m (117 ft), 46.3 m (152 ft), 66.4 m (218 ft),

65.2 m (214 ft), and 64.6 m (212 ft) have been considered, with minor modification to

geometry of the bridge. The subtended angle is 80.5 degrees and the radius of curvature

is 198 m (650 ft). Single column dropped bents are used and column heights are 7.8

(25.5), 13.3 (43.5), 18.7 (61.5), and 12 m (39.5 ft). Superstructure details are illustrated in

Figure 3-10.
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Both benchmark bridges are irregular based on AASHTO (Interim 2008). The second
bridge was selected because of its unequal column heights and to further verify the
proposed simplified modeling approach. The simplified models for both bridges are

shown in Figure 3-11.
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(b)
Figure 3-11: Simplified beam-stick models for a) BM01 b) BM02
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3.6.2 Properties of the Deck-Shell Model (3D FE Model)

The 3D FE model is the model generated by SAP2000 (V14.2.0, 1998) (V14.2.0, 1998)
Bridge Modeler. The superstructure of the 3D FE model is the combination of shell
elements for slab and 3D frame element for steel girders. These frame elements are
connected to the node above them in slab using body constraint. The frame elements are
connected to the top of the bearings using rigid links at supports. Properties of the cap-

beams and columns are the same as those in beam-stick model.

3.6.3 Properties of Cross-Frames, Substructure and Bearings in BS and

Deck-Shell Models

For preliminary comparison of cross-frame forces, they are developed as linear-elastic
frame elements. For further comparison including their nonlinearity, diagonal cross-
frames are modeled using two Takeda NL-Link elements in SAP2000 (V14.2.0, 1998)
(V14.2.0, 1998). The first element captures the compression envelop and has elasto-
plastic properties of the tension part of the brace with a yield force related to the point
where the elastic post-buckling zone in tension turns into plastic zone in tension. This
tension yield force is the residual force in the member when it straightens after a buckling
excursion due to plastic hinging in the member. The second NL-Link captures the

remaining tension properties on the member. This model is assumed elasto-plastic in
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tension. In this chapter, cross-frames are modeled with their nonlinearity to make sure the

proposed model can capture their forces correctly.

The bent caps are modeled using 3D frame element with the actual cross sectional
properties. The columns are modeled using 3D frame elements. Base of the column are
assumed to be fixed for a spread footing on rock. At top and bottom of columns where it
is likely to form plastic hinges, two plastic hinges with a length equal to L, can be

obtained from:

Lp = 0.08L + 0.022 fye dbl = 004‘4fye dbl (mm, MPa) (3'16)

L, = 0.08L + 0.15 f,, dy; = 0.3f, dp; (in, ksi)

where L is the length of column from point of maximum moment to the point of moment
contra-flexure, f,,. stands for the expected yield strength of longitudinal column
reinforcing steel bars, d,,; is the nominal diameter of longitudinal column reinforcing

steel bars.

The column plastic hinges are modeled using the fiber hinge option in SAP2000
(V14.2.0, 1998) (V14.2.0, 1998). The moment-curvature relation of the hinges can be
developed for various levels of axial forces automatically in SAP2000 (V14.2.0, 1998) by
integration on the fibers assigned to the section. The material properties (stress-strain
curve) of the fibers are defined. The location of the plastic hinge is assumed at the mid
height of the plastic hinge length. Top of the columns are connected to the cap beam

elements using rigid links.
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All of the bearings at bent locations are considered pin, i.e. they can rotate but are fixed
against transitional movement in all directions. At abutments three cases have been

assumed:

1) All of the bearings can move freely in all transitional and rotational directions rather

than transition in vertical direction. (Free Model)

2) All of the bearings can move freely in all rotational directions and tangential direction
but are fixed for transition in vertical and radial directions. (TFRR (tangentially free,

radially restrained) Model)

3) All of the bearings can move freely in all rotational directions but completely fixed in

all transitional directions. (Pinned Model)

3.6.4 Comparisons

Full gravity load, modal, and response history analyses have been performed for both
BMO1 and BMO02 to verify the proposed beam-stick model. The deflections of inner,
interior and outer girder of the BM01 under dead load at the mid span of the middle span
are shown in Table 3-1. Based on this table, this BS Model has predicted the dead load

deflections very well.
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Table 3-1: Dead load deflection of three girders in BM01 (mm)

Dead load deflection (mm)
Abutment Model Type Inner Girder Interior Outer Girder
Type Girder
BS Model 2.51 3.78 4.95
TFRR 3D FE Model 2.26 3.51 4.78
Pinned BS Model 2.44 3.81 5.03
3D FE Model 2.26 3.56 4.90

Modal analyses have been conducted to compare corresponding vibration periods and
mass participation factor associated with the first 15 modes. As shown in Figure 3-12,

Table 3-2, and Table 3-3, a very remarkable agreement was observed for all abutment

types.

In order to verify the load path and sequence of hinge formations, first and second mode
shapes of the TFRR BMO1 have been assigned to the bridge as the pushover load. The
pushover curves as the lateral load versus the displacement at the top of bents for both
proposed BS and 3D FE models are illustrated in Figure 3-13 and they are matched very

well.

Response history analyses of both BM01 and BMO02 are performed by applying
Northridge ground motion record (1994) with two components concurrently in
longitudinal (in chord direction) and transverse (direction perpendicular to chord)
directions and forces in the bearings, cross-frames, bottom of columns, displacement of

deck at abutment, displacement at top of the bent, hysteresis of plastic hinges at the top
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and bottom of columns are monitored. For all of these cases and for all abutment cases,

very good agreements were observed (as illustrated in Figure 3-14)
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Figure 3-12: Comparison of natural periods of (a) BMO1 with free abutment (b) BMO01
with TFRR abutment (c) BM02 with TFRR abutment (d) BM02 with Pinned abutment
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Table 3-2: Comparison of mass participation factor in six degrees of freedom (BMO01
with TFRR Abutment)

I\/ll\lood.e P(eslg((:))d Ulong || Utrans | Uvert Rlong || Rtrans | Rvert

" 1 2.17 74% 0% 0% 0% 8% 98%
a - 2 0.98 0% 87% 0% 2% 0% 0%
2381 3 0.53 0% 0% 3% 8% 0% 0%
S| 4 0.28 7% 0% 0% 0% | 16% | 0%
- 5 0.27 10% 0% 0% 0% 22% 0%
- 1 2.19 75% 0% 0% 0% 8% 99%
3 2 0.97 0% 89% 0% 3% 0% 0%
E 3 0.52 0% 0% 3% 7% 0% 0%
g 4 0.27 0% 0% 0% 0% 34% 0%
« 5 0.25 18% 0% 0% 0% 4% 0%

Table 3-3: Comparison of mass participation factor in six degrees of freedom (BMO02
with TFRR Abutment)

I\/ll\looolle P(esrgé))d Ulong || Utrans | Uvert Rlong | Rtrans | Rvert

" 1 1.12 2% 7% 1% 0% 4% 2%
fg = 2 1.06 8% 58% 0% 2% 0% 12%
33 3 0.80 5% 1% 0% 0% 12% 5%
g2 4 079 | 70% 4% 0% 0% 4% 50%
- 5 0.71 8% 8% 0% 0% 0% 28%
- 1 1.13 2% 8% 1% 0% 4% 2%
3 2 1.06 8% 59% 0% 2% 0% 12%
E 3 0.80 16% 2% 0% 0% 14% 13%
LQL 4 0.79 61% 3% 0% 0% 1% 43%
«® 5 0.71 8% 8% 0% 0% 0% 29%
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Figure 3-14 (a) Radial displacement of the node at top of the column (Free BM01), (b)
Axial force in a diagonal brace (TFRR BMO0L1), (c) Resultant moment at the plastic hinge
at the base of the Column (TFRR BMO1), (d) Shear force in inner bearing in radial
direction at abutment (TFRR BMO01)
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Figure 3-14, Cont’d: (e) Axial force in a diagonal brace (Pinned BMO01), (f) Axial force
in the inner bearing at bent 4 (Free BM02), (g) Resultant moment at the plastic hinge at
the base of the Column at bent 4 (TFRR BMO02), (h) Resultant rotation at the plastic

hinge at the base of the Column (TFRR BMO02)
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Finally, the cross-frames were replaced by the two abovementioned NL-Links. Because
the buckling and yielding capacity of the cross-frames are higher than the maximum axial
compression and tensile forces during the ground motion, a typical hysteretic curve with
lower buckling and yielding strength was defined and two NL-Links were defined based
on that hysteresis. Axial force-deformation hysteresis curves are compared in Figure 3-15

which illustrates excellent comparison.
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Figure 3-15: Force-Deformation of the two NL-Links of (a) Proposed BS model (b) 3D
FE model of BM01

As it was mentioned earlier, the main reason to use proposed BS model is to reduce the
time required to run response history analyses. Durations of analyses of BS model for
different models with nonlinearity in cross-frames are presented in Table 3-4. As it can

be seen in this table, proposed BS model decreases the time of analysis by more than 75-
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80 percent. Clearly, the preceding discussion and presentation make the proposed

simplified modeling approach an excellent candidate for a comprehensive and efficient

fragility investigation.

Table 3-4: Duration of response history analysis of BS and 3D FE models

Response history Analysis Duration

Analysis Case (min) BS/FE
Proposed BS-Model 3D FE Model (%)
Free BMO01 7 31 26
Pinned BMO01 7 28 25
Free BMO02 16 80 20
TFRR BMO02 16 83 19

3.7 Further Use of Model for Design Purpose

AASHTO LRFD (Interim 2008, Article 4.7.4.3) points out that for multi-span bridges,

the minimum analysis requirements shall be as specified in Table 3-5 in which * means

no seismic analysis is required, UL means the uniform load elastic method, SM stands for

songle-mode elastic method, MM is the multimode elastic method, and TH is the time

history method. As it can be seen for up to essential bridges multimode elastic method

would be required. Caltrans (2006) mentions three different analysis methods including

Equivalent Static Analysis (ESA) (same in concept with UL in AASHTO LRFD), Elastic

Dynamic Analysis (EDA) (as linear elastic multi-modal spectral analysis), and Inelastic

Static Analysis (ISA) (also referred as “push over” analysis). Multi-modal response

spectrum analysis is known as one of the most versatile methods to achieve demand on

bridges for the purpose of preliminary design. In most cases, a single beam model is used
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to develop the model. Bridge designers consider two cases, one with pinned bearings at
bent and free bearing at abutment to find the maximum demand on columns and the
second case with pinned bearings at bent but restrained bearing in the transverse direction

at abutment to achieve the maximum transverse shear force for shear keys to be designed.

Table 3-5: Minimum analysis requirement for seismic effects of multi-span bridges

Seismic Other Bridges Essential Bridges Critical Bridges

Zoe
Regular  Irregular Regular Irregular Regular Irregular

1 * * * * * *
2 SM/UL SM SM MM MM MM
3 SM/UL MM MM MM MM TH
4 SM/UL MM MM MM T TH

In this section, second benchmark bridge (BMO02) has been modeled using single-beam,
proposed-beam, and 3D FE models and the result of maximum column displacement, and
maximum shear in transverse direction in the bearings have been compared. The first
finding was that, in case of single beam model, cap beam should be assumed to act as a
rigid body (Figure 3-16). Otherwise, the dead load reaction distribution will be
completely wrong because of bending occurred in the cap beam. This bending causes

compression force in the interior bearings and tensile force in the exterior ones.



82

Comparison of maximum resultant displacement at the top of columns under response
spectrum analysis is shown on Figure 3-17. As it can be seen, the maximum resultant
displacements of response spectrum analysis which is used to design columns are nearly
the same for all three cases. Therefore, a single beam model can perfectly achieve the
maximum displacement of the column for response spectrum analysis. In case of single
beam model for the bridge with abutment restrained in transverse direction, maximum
transverse shear induced in the bearings at bent are the same for all bearings, because the
cap beam assumed to act as a rigid body and it cannot predict the maximum shear in the
bearings correctly. But as it is illustrated in Figure 3-18, the proposed beam model can

achieve these forces.
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Figure 3-16: Dead load reaction in bearings at bent assuming a rigid body bent cap
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Figure 3-17: Maximum resultant displacement at top of the four bents with free bearing at
abutments and pinned bearings at bents
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3.8 Concluding Remarks

A beam model representing the superstructure of steel girder bridges is proposed and
presented in this chapter. This model consists of a grillage representing the deck and
frames representing the girders which are rigidly connected to each other. The grillage
includes longitudinal beams which are connected to each other utilizing transverse
beams. This model intends to reduce the duration of analysis while keeping the required
accuracy. It has been verified by comparing with the full deck-shell model and will be
used in developing fragility curves instead of full finite element models. Furthermore, a
single beam model, which usually used to find the maximum column displacement and
bearing shear, has been developed and the results are compared to the proposed beam and
deck-shell models. It is concluded that capbeams needs to be modeled to act as a rigid
body to yield the correct dead load reaction distribution. The wrong result is due to
bending occurred in the cap beam. Although the single beam model under response
spectrum analysis can predict the maximum column displacement, it is unable to capture

dead load reaction and shear force distribution in the bearings.
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4 Three Dimensional Analytical Models of Horizontally
Curved Steel Girder Bridges

4.1 Introduction

Development of analytical fragility curves requires a set of accurate and reliable
computational models. In this study, three-dimensional models of various curved steel
girder highway bridges have been generated in OpenSees platform (McKenna and
Feneves, 2011) following the modeling guidelines presented in the previous section.
Three dimensional models capture seismic response of various components more
accurately than 2D models. They are also more reliable to capture the interaction between
the response in the orthogonal bridge directions and the variation of axial loads in column
bents throughout the analysis (Aviram et al., 2008a). Past studies of behavior of various
components are reviewed carefully in this chapter and their most up-to-date hysteretic
responses and the corresponding OpenSees materials and elements in OpenSees are
investigated and incorporated in the three dimensional model. The superstructure is
modeled as the proposed semi-grillage model presented in Chapter 3 in which the deck is
modeled as a modified grillage connected to the girders through a set of rigid links to

impose the necessary connectivity and kinematic constraints. All nonlinearities associated
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with materials, geometry, components and their interactions have been accounted for
explicitly in the model. Time steps of response history analyses are chosen small enough
for each corresponding ground motion to result in the best accuracy and deal with
numerical convergence issues. Rayleigh damping as a function of mass and stiffness of
the bridge has been specified considering a critical damping ratio with the median value
of 0.05. At the end of this chapter, accuracy of the OpenSees models are verified against
their counterpart SAP2000 (V14.2.0, 1998) models. A schematic view of the various
components considered in modeling of the bridges of this class is illustrated in Figure

4-1.

Deck

Concrete
Parapet

Steel
-Girder Abutment

\ '\\ Bearings & Single-Column Rils
Group
Shear-Keys Bent

Figure 4-1: Illustration of bridge components
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4.2 Analytical Models of Various Components

4.2.1 Superstructure

Superstructure is referred to the part of the bridge located above the bearings including
deck, steel girders, and cross frames and it is connected through the bearings to the
substructure; bents and abutments. Proposed beam model presented in Chapter 3 has been
adopted to model the superstructure. Superstructure beams are modeled using linear
elastic beam column elements. This is because the superstructure is much stiffer than the
substructure and is expected to stay linear-elastic while most of the nonlinearity is
expected to take place in the substructure. Deck material is concrete with 27.6 MPa (4
ksi) strength and girders are made of steel with Young’s modulus of elasticity elasticity of
200,000 MPa (29000 ksi). A modification factor of 0.4 has been assigned to concrete
modulus of elasticity of the deck to account for the crack section. The superstructure
consists of a grillage representing the deck which is connected rigidly to the frames
representing the girders. The grillage is a combination of longitudinal frames which are
rigidly connected together utilizing transverse frames. A Poisson’s ratio of zero has been
assigned to the grillage members and their torsional constant has been modified to half of
their real values as it was discussed in Chapter 3. An example of the proposed beam-stick

model is illustrated in Figure 4-2.
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Figure 4-2: 3D Configuration of the proposed beam stick model

4.2.2 Modeling of Reinforced Elastomeric Bearings

4.2.2.1 Review

Bearings are the most critical elements in the load path connecting the superstructure to
the substructure. Bearings primarily transfer horizontal and vertical forces from the
superstructure to the substructure. These loads may be due to gravity including dead and

live loads, earthquake loads, breaking forces, forces due to temperature, and wind loads.
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Elastomeric bearings have been used extensively in the United States for the last four
decades because of having a low initial cost compared to other bearing types, and
requiring virtually no long-term maintenance. These bearings consist of thin layer of steel
plates between elastomeric layers. The two most common elastomeric material used as
the rubber are neoprene and natural rubber. The elastomeric bearings are either reinforced
or unreinforced (English et al, 1994). Normally the bearings are vulcanized to a top plate
or sole plate and this plate is attached to the bottom flange of the girder by field weld or
bolting as it is illustrated in Figure 4-3. Masonry plates and anchor rods are not normally
required and the elastomeric bearing bears directly on the concrete substructure. Lateral
force on expansion bearings are restrained by means of friction, keeper angles, or
concrete keeper blocks whereas lateral forces on fixed bearings are resisted by anchor
rods. While using anchor rods to connect the sole plate to the substructure, it has a slotted
hole in case of expansion bearing; otherwise a standard hole is used in case of fixed
bearing (Steel Bridge Bearing Design and Detailing Guidelines, 2004). When large
bearing deformations are expected, PTFE (Polytetrafluoroethylene) bearings are utilized
in which a layer of PTFE (Polytetrafluoroethylene) is attached to the top steel plate of the
bearing and is in contact with a stainless steel plate which is connected to the sole plate

(Figure 4-4).

For modeling of the elastomeric pads, Pan et al. (2007) used three independent springs,
one for each translational degree of freedom. They assumed the bearing to be free in all
rotational degrees of freedom and determined the two shear springs’ stiffnesses based of

the horizontal stiffness of the elastomeric bearings by:
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K, =4 (4-1)
hrt

where G is shear stiffness of the rubber, A denotes the area of rubber pad, and h,., stands

for total height of the rubber layers of the bearing.

Stiffness of the vertical spring representing the axial stiffness of the rubber was obtained

as:

6GS*Ak

a= (665 +k)n (4-2)

where K is the bulk modulus of rubber, taken as 2,000 MPa (290 ksi) (Priestley et al.,
1996). The shape factor, S, is a function of bearing plan dimensions (LxW) and single

rubber layer thickness h,.;:

I S 4-3
S = 2R, (L+W) (4-3)

Uncertainty of the shear modulus, G, can be resolved in sensitivity analysis performed in

the next chapter to evaluate its significance on the seismic response of bridges.
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Figure 4-3: A typical illustration of elastomeric bearings (Steel Bridge Bearing Design

and Detailing Guidelines, 2004)
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Figure 4-4: A typical illustration of PTFE bearings (Steel Bridge Bearing Design and

Detailing Guidelines, 2004)

The coefficient of friction of elastomeric pads on concrete surface is a function of normal

stress on that surface and can be obtained as follows (Schrage, 1981):
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0.4
p=0.05+ P (4-4)

where g, is the normal stress on the elastomeric pad in MPa.

If there is no PTFE surface, behavior of bearing pad can be considered elasto-perfectly
plastic. The initial stiffness of the shear-displacement curve will be K, and the yield

force is the friction strength of the pad-concrete surface.
E,=uN (4-5)

Where N is the axial force in the bearing pad and u is the frictional coefficient. If there is

a PTFE surface, the friction force for this surface should be considered as the yield force.

Nielson (2005) used Steel01 material in OpenSees platform to define the elastomeric pad
under concrete girder (Figure 4-5). Abdel-Mohti (2009) used a plastic (Wen) link element
to model the bearing pad in SAP2000 (V14.2.0, 1998) and element 01 to model them in
DRAIN3DX, and considered the failure of the pads when they reach the shear capacity
(shear strain). Abdel-Mohti (2009) considered this failure occurs at 150% strain. The
yielding occurs at 100% strain. By having the displacement corresponding to this strain

(A,), the yield force is determined using:

E, = KA, (4-6)
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Figure 4-5: Steel01 Material in OpenSees used to define elastomeric pad (Nielson, 2005)

Hwang et al. (2000b) used a nonlinear link element in SAP2000 (V14.2.0, 1998) with six
independent nonlinear springs, one for each six deformational degrees of freedom for a
concrete girder bridge. The bearing was idealized as a shear element, i.e. the stiffness of
the axial spring is taken as infinite and the stiffness of torsional and bending springs is
taken as zero. The shear stiffness of the bearing pad was ignored and only the shear

stiffness of the Swedge bolts was taken into account.

Padgett (2007) considered an elastomer and a keeper plate detail illustrated in Figure 4-6.
He followed the recommendation by Kelly (1998) to model the elastomeric bearing under
steel girders by a bi-linear curve and used the following equations to characterizing the

elastomeric bearings:

Q
kerr = Ko + T (4-7)
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Dy = Q/(Ky — K3) (4-8)

where Q is the characteristic strength, h is the total height of elastomer, Dy is the yield

displacement, and K; and K, are the initial and secondary bearing stiffness. Padgett
(2007) also assumed a yield displacement of 10% of the total elastomer height and
K; = 3K, based on characteristic tests of laminated elastomeric rubber bearings based on
a report by HITEC (1998). As an alternative formulation, Kelly (1997) introduced the

effective stiffness (k) as:

AG

where G is shear modulus of the bearing taken as 0.69 MPa (0.10 ksi) (Skinner et al.,
1993), h is the total thickness of elastomeric layers, and A is the plan area of the bearing

assumed to be square.

The analytical model for elastomeric bearing utilized by Padgett (2007) is shown in
Figure 4-7a. Padgett (2007) also considered the analytical model using a uniaxial
hardening material in OpenSees shown in Figure 4-7b to model the keeper plate. The
keeper plate is modeled as a stiff element which yields at 270 kN (61 Kips), as
approximated from typical details, and hardens. The gap between the bearing and the

keeper plate in the transverse direction may range between 6.4 to 19 mm (0.25 to 0.75 in).

Zhang (2008b) calculated bearing parameters using the optimum design parameters

presented in Zhang and Huo (2008b).
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Figure 4-6: Elastomeric Bearing with keeper detail used by Padgett (2007) (Steel Bridge
Bearing Design and Detailing Guidelines, 2004)
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Figure 4-7: Analytical model for (a) elastomeric bearing and (b) transverse keeper plate
(Padgett, 2007)

Caltrans (2006) points out that the lateral shear capacity of elastomeric bearing pads is

controlled by either the dynamic friction capacity between the pad and the bearing seat or



96

the shear strain capacity of the pad. The maximum shear strain resisted by elastomeric

pads prior to failure is estimated at £150%. The sliding friction force can be computed as:

Hpni = 1Py (4'10)

where H,, is the maximum horizontal load (kN, kip), u is the coefficient of friction, and

P,, is the maximum compressive load (KN, Kkip).

The force required to deform an elastomeric element can be computed as:

Hpp = GAAs/hyy (4-11)

where G is the Shear modulus of the elastomer (MPa, ksi), A denotes the plan area of
elastomeric element or bearing (mm?, in%), A, stands for maximum shear deformation of

the elastomer (mm, in), and h,., is the total elastomer thickness (mm, in).

Test results have demonstrated that the dynamic coefficient of friction between concrete
and neoprene can be taken as 0.40 and between neoprene and steel as 0.35 (Caltrans,
2006). Based on the work by Konstantinidis et al. (2008), this coefficient varies between
0.35 for high axial pressure and 0.53 for low axial loads. Furthermore, the following
equations are provided to define the stiffness of the elastomer without two end plates. To
account for the reduction in area due to roll-off, an effective (or reduced) area can be

used, giving:

F, = GA,A/t, (4-12)

with



97

A, =w(2b —A) (4-13)
for a bearing with depth w and width 2b undergoing displacement A ; or
F, = Gw(2b — A)= = GA,y (1-y) (4-14)

where A = t,. /2b. The effective stiffness is:
Ky = GA,.(1 = 20y)/t, (4-15)
which suggests that the tangent stiffness of the bearing is zerowhen 4 = b ,ory = b/t, .

It was also stated that roll-off is of no importance in stocky bearings but very significant
for the slender bearings. A symbolic illustration of bearing force versus shear strain
response for three different situations is shown in Figure 4-8. It was finally noted that the

rotation appeared to have a negligible effect on the energy dissipated per cycle.

The rollover displacement of the bearing can be determined as (Konstantinidis et al.,

2008):
VH = P(B — A) (4-16)

where V is the shear force, H denotes the height of the bearing, P is the axial force and B

is the width of the bearing.
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Figure 4-8: Behavior of bonded and unbonded elastomeric bearings (Konstantinidis et al.,
2008)

For the elastomeric bearing with two thick end plates, there is no roll-off of the
elastomer, but roll over may occur due to roll-off of the end plates. The equation for
obtaining the roll over displacement of the bearing is the same as the Equation 4-16 but B
is taken as the width of the end plate. In this case, the shear stiffness of the elastomer
remains constant during its displacement and the maximum shear friction load is based
on the friction of the end plates with adjacent steel or concrete surface and yielding of the

bolts connecting the end plates to that surface.

Reinforced elastomeric bearings are used as bearings for seismically designed bridges in
this study. Elastomeric bearings are assumed to be unbounded to the top and bottom plate
but they are bolted to these plates; therefore, allowing the sliding on the concrete base. In

preliminary design of this type of bearing, provisions in articles 14.7.5.3.2 and 14.7.5.3.6
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in AASHTO LRFD Specification (Interim 2008) should be satisfied. The first article
satisfies maximum compressive stress in the elastomeric bearings assuming they are not
subjected to rotation, and the second article ensures the stability. The bearings are
assumed to be the same for all girders, but they are different for bents and abutments.
Based on AASHTO Specification, shear modulus of the elastomer should be in the range
of 0.62 (0.09) and 1.31 MPa (0.19 ksi); a shear modulus equal to 0.97 MPa (0.14 ksi) is
chosen as an average value. Elastomeric layers are assumed to have thickness of 12.5 mm

(0.5 in).

Behavior of bearing can be considered elasto-perfectly plastic. Bolts are modeled as
elastic elements in parallel to elastomeric bearings which are automatically removed
during response history analysis when they reach their maximum capacity. The initial
stiffness of the shear-displacement curve is K. (Equation 4-1) and the yield force is the
minimum of the friction strength of the pad-concrete surface (Equation 4-10) and the
shear force corresponding 150% shear strain in the bearing. Bearings are fixed in
compression and free in all rotational degrees of freedom. They are also fixed in tension

until the bolts are removed.

In order to define an element representing elastomeric bearing in OpenSees platform, an
“elastic perfectly-plastic”” material in two perpendicular directions is assigned to a “two-
node link” element. In compression an elastic material with high stiffness is defined and
it is free for all rotational degrees of freedom. This element is in parallel with another
“two-node link” element representing bolts which are to be removed at the onset of

reaching their maximum shear capacity during the response history analysis. An
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illustration of hysteretic response of elastomeric bearings in shear direction is shown in

Figure 4-9.
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Figure 4-9: A representative hysteresis of an elastomeric bearing obtained in OpenSees
platform

4.2.3 Pounding

4.2.3.1 Literature Review

Impact between the deck and abutments or between two decks separated by a hinge
occurs due to out-of-phase motion of the two parts and pounding occurs at the interface.

Pounding can cause crushing of the concrete at the interface, unseating, and also damage
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to columns, bearings, abutments, restrainers and shear keys. Researchers have used

mainly two different methods to model the pounding, namely, the contact element

approach (Maison and Kasai, 1990, 1992) and the stereomechanical approach

(Goldsmith, 1960). The stereomechanical method is less favorable due to required

modification of the velocities at the colliding bodies at the instant of the pounding.

Muthukumar (2003) developed two simplified contact force-based model for modeling

the impact. One idealization is an inelastic truss element with a gap and the other is an

inelastic truss in parallel with a linear link element. Both models are based on the

Hertzdamp contact model. In this paper, only the idealization of an inelastic truss element

with a gap as shown in Figure 4-10 has been described and used.

(a)

(b)

Figure 4-10: (a) The inelastic truss contact element for impact simulation developed by
Muthukumar (2003); (b) The model parameters

The area under the force-deformation relation for the truss model (4,ys) is the energy

dissipated during impact and is expressed as:
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kp 6y 1(1—-e?)
B n+1

AE (4-17)

where k;, is the impact stiffness parameter used in the Hertz model and n is the Hertz
coefficient, typically taken as 3/2 and 6,, is the maximum penetration observed during
impact and e is the coefficient of restitution between 0.6 and 0.8. The parameters of the
truss contact element are the initial stiffness, K,;, strain hardening stiffness, K;, , and
yield deformation &, . The effective stiffness of the truss element, K.rr, and yield

deformation, &, are given by:

Keff = Kh ,/6m (4_18)
5, = ady, (4-19)

By equating the dissipated energy (4E) to the area under the curve, the equations for the

initial stiffness, K., strain hardening stiffness, K;, can be expressed as follows:

AE
Ki1 = Kegr + 262, (4-20)

AE

Ko =Kerr = 0 0ye2,

(4-21)

The impact element properties are calculated by assuming the Hertz impact parameter,
Ky, = 875 kN.mm™3/2 (25,000 kip.in=3/?), and the yield parameter, a = 0.1. The

maximum penetration (8,,) during impact is equated to the maximum overlap which is
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taken to be 25.4 mm (1 in) in this study (Muthukumar, 2003; Nielson, 2005; Padgett,

2007).

4.2.3.2 Modeling of Impact

“Impact” material in OpenSees material library has been utilized to model pounding

between deck and abutments. This material exactly follows the hysteretic response

presented by Muthukumar (2003) as inelastic truss contact element. Maximum

penetration (&,,) has been taken 25.4 mm (1.0 in) (Muthukumar, 2003; Nielson, 2005;

Padgett, 2007) with a coefficient of restitution of 0.7. The gap defined in this material is

taken as equal to the gap between the deck and back-wall. A sample hysteretic response

of impact element is illustrated in Figure 4-11.

-5000

-10000

-15000

Force (kN)

-20000

-25000

-30000

/]

//
V

-100 -50

0 50 100
Deformation {mm)

Figure 4-11: A sample hysteresis of an impact element in OpenSees platform
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4.2.4 Soil-Abutment-Structure Interaction

Abutments can be categorized as seat-type and integral (diaphragm) abutments. In the
present study, seat type abutments consisting of a back-wall located on a stem wall are
utilized. The superstructure is seated on bearings located in front of the back-wall and on
the stem wall (Figure 4-12). The back-wall is typically designed to shear-off to limit the
forces transferred to the substructure and therefore, protecting the piles and foundations
from inelastic behavior. A gap between the superstructure and the back-wall allows
temperature-related deformations. The resistance from the abutments derives from the
soil resistance on the back-wall plus the stem wall and piles. When the gap is closed and
the back-wall is sheared-off, the resistance mainly comes from only the mobilized

passive pressure in the embankment backfill above the level of the back-wall.

The abutment load-deflection characteristic in the longitudinal direction of the bridge can
be obtained from Caltrans (2006) that is based on large scale testing at UC Davis (Figure

4-13). Accordingly, the initial abutment stiffness can be expressed as:

h
Kopur = ki X w X (%) S1 Units (4-22)

h
Kopute = ki X w X (#b}‘;) US Units
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kN/mm (20 kip/in)’ w is

where k; is the initial embankment fill stiffness, taken as 14.35 - e

the width of the back-wall (m, ft), and hg,,,; is the height of the back-wall (m, ft). The

ultimate capacity of the abutment is due to only backfill soil and can be expressed as:

Rabut .
Py, = A, X (239 kPa) X (ﬁ) SI Units (4-23)
P,, = 4, % (5.0 ksf) x (M) US Units
w ¢ 5.5 ft

where 4, is the effective abutment area (mm? ,ft). The coefficient (239 kPa, 5.0 ksf) is
intended to account for the static shear strength of a typical embankment material.

Effective abutment area can be determined as:

Ae = hbw X Wpw (4'24)

where h;,, and w,,, are the height and width of the back-wall, respectively (Figure 4-

12).
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Figure 4-13: Abutment load-deflection simplification expressed in SDC (2006)
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The active and at-rest pressure due to embankment fill are negligible relative to passive
pressure. The overall abutment stiffness can be obtained by the superposition of the
effects of embankment fill-back-wall system and piles. When the abutment wall pushes
against the soil, both the back-wall soil stiffness and pile stiffness contribute to the total
stiffness until the capacity of the soil is reached. After this point, the resistance due to soil
remains constant. The gap between the deck and the back-wall can be modeled using a

gap element with an infinite stiffness that activates after the contact is established.

Nielson (2005) implemented the abutment model recommended by Caltrans (1990, 1999)
and Martin et al. (1995). The effects of the embankment fill and the piles are superposed

to simulate abutment behavior in longitudinal direction as shown in Figure 4-14.

;T Force 4 Force

Active Action

L F1p
L Fop
- Fap
Passive Action
Soil Contribution Pile Contribution

Figure 4-14: Analytical model of abutment in longitudinal direction by Nielson (2005)
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The initial stiffness (K;,) and ultimate deformation over the height of the abutment

(Agp/h) due to soil are presented in Table 4-1 which is based on Maroney (1995). The
ultimate passive soil pressure is assumed to be 0.37 MPa (53.7 psi) for all cases. This
number is based on judgment which increases the static shear strength of typical
embankment material equal to 0.24 MPa (34.8 psi) by approximately 54% to account for
an increase in strength due to high strain rate at which earthquake load is applied. If the
height of the abutment is less than 2.4 m (8 ft), the ultimate strength (0.37 MPa, 53.7 psi)
should be multiplied by the ratio of the actual activated soil height divided by 2.4 m (8 ft)

(Caltrans, 1990). Nielson (2005) also considered a median value of the passive soil

kip/in
ft

stiffness equal to 20.2 kN/mm/m (35.2 ) and calculated A3, as:

K{,—11.5
1”—) (4-25)

A3, = 0.06 + 0.04h (
28.8—11.5

where h is the total height of the abutment.

Table 4-1: Passive abutment-soil behavior parameters (Caltrans, 1999; Martin and Yan,

1995).
Soil Type Initial Stiffness Ultimate Deformation
(KN/mm/m)
Cohesionless 115 6%
Cohesive 28.8 10%
All Soil Types
Ultimate Soil Pressure, (MPa) | 0.37

A/h, abutment tip displacement (A) as a percentage of abutment height
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The deformation at first yield Ay, is assumed to be 10% of A3, and A,,, is assumed to be
35% of As,,. The yield force for each meter of wall width, F,,,, is simply taken as the
product of K;,, and A,,,. The ultimate force per unit width of wall, F3,, is 0.37 MPa (53.7
psi) times h, and finally F,, is assumed to be F;,, plus 55% of the difference between F;,,

and Fsp:

sz = Flp + 055 (F3p - Flp) (4'26)

The values for passive abutment-soil behavior parameters are summarized in Table 4-2.

Table 4-2: Values for passive abutment-soil behavior parameters (Nielson, 2005)

Parameter Equation*
Ky, 11.5-28.5 kN/mm
K;, 0.55 (F3, — F15,)/(0.2543,)
K3, 0.45 (F3, — F1,,)/(0.65A3,)
Flp Klp Alp
Fa, Fip + 0.55 (Fsp — Fyp)
F3, (0.37MPa)/h
Ay 0.104;,,
Ayp 0.3543,
A Ky, — 115
3p (0.06 + 288 — 115 (0.04)> h

* Values for each meter width of wall.

For piles, Nielson (2005) used the initial stiffness of 7 kN/mm (40 kips/in) and the

ultimate strength of 119 kN (27 kips) for each pile as recommended by Caltrans (1990).
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These are the values for standard 45 and 70 ton, and 406 mm (16 in) Cast-In-Drilled-Hole
(CIDH) piles. The tri-linear model introduced by Choi (2002) was implemented. The
model properties of the abutment including soil and piles are summarized in Table 4-3. It
should be noted that in modeling piles their equivalent number by accounting for the pile
group effect was considered. Nielson (2005) ignored the effect of the wingwalls in
transverse direction and used the pile portion of the longitudinal model for the transverse

loading (Figure 4-15).

Table 4-3: Model properties of abutment (Nielson, 2005)

Properties Notations Values
Soil Behavior (Passive Action)
Initial Stiffness Kip 11.5-28.8 kN/mm/m
Displacement 1 at top Aip/h 0.1A45,/h
Second Stiffness Ky 95% - 6% K,
Displacement 2 at top Azp/h 0.35A43,/h
Third Stiffness K3, 30% - 2% K,
Displacement 3 at top Asp/h 8.0%
Pile Behavior (Dual Action)
Effective Stiffness Kerr 7 kN/mm/pile x # of piles
Initial Stiffness K, 2.333XK, 55
Displacement 1 at top Ai/h 7.62 mm
Second Stiffness K, 0.428XK, s s

Displacement 2 at top A, /h 25.4 mm
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Figure 4-15: Analytical model of abutment in transverse direction

Padgett (2007) also used the abutment model presented by Nielson (2005) which utilizes
the findings of a number of past studies (Maroney et al., 1995; Martin and Yan, 1995).
The stiffness of the abutment in the transverse direction was assumed to be only due to

the stiffness of the piles.

Shamsabadi (2007) developed two sets of equations for predicting abutment-soil
interaction behavior namely, LSH and HFD. LSH equation is based on the mobilized
Logarithmic Spiral (LS) failure coupled with modified Hyperbolic (H) abutment-backfill
stress-strain behavior. This method is developed based on existing experimental test data.
The model employs a full length logarithmic-spiral failure wedge mechanism coupled
with a modified hyperbolic stress-strain relationship. HFD method requires only three
parameters to be developed and with the identical accuracy to LSH, HDF seems to be
more straight-forward. The three parameters consist of average soil stiffness K, and the
ultimate passive capacity F,;;, and the maximum displacement y,,,, at which F,;; is

mobilized. The first parameter can be readily determined using presumptive soil
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stiffnesses, such as recommended by Caltrans for the seismic design of bridge abutments
(SDC, 2006). The latter two parameters can be estimated from available experimental test
data (SDC, 2006) or by a geotechnical engineer using a selected earth pressure theory
depending on the application. Using the HFD parameters derived directly from the nine
experimental test data, the HFD model is found to match all test data well (nearly the

same as the LSH predicted curves) as shown in Figure 4-16 (Shamsabadi, 2007).

The modified hyperbolic force-displacement (HDF) equation can be expressed as:

Fuit QKymax—Fuit) ¥
FuttYmax+2(KYmax—Fuit) ¥

Fo) = (4-27)
where F,;;; is the ultimate capacity of the soil in passive action, y,,,, is the corresponding
displacement at the maximum capacity, K denotes the average soil stiffness, and F(y) and
y are force and displacement of the soil in passive action. f is a factor that modifies the
curve for height other than 1.7 m (5.5 ft). By substituting the suggested parameters for

abutment backfills as given in Table 4-4, the HDF equation is as follows:

For granular backfill:

275
F(y) = ﬁ H1S (y incm,F in kN per m of wall) SI Unit (4-28)
F(y) = 1+3y H'S (y ininches, F in kips per ft of wall) US Unit

For cohesive backfill:
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189y

F(y) = 01210063 y H (yincm,F in kN per mof wall) Sl Unit (4-29)
F(y) —LH (yininches, F in kips per ft of wall) US Unit
Y= 012+0.16y Y ’ PSP

where H is the total height of the abutment in ft.

Table 4-4: Suggested HFD parameters for abutment backfills by Shamsabadi (2007)

Abutment Backfill  Pressure MPa (ksf)  Ave. Soil Stiffness Ymax | H
Type KN/mm/m (kip/in/ft)
Granular 0.26 (5.5) 28.7 (50) 0.05
Cohensive 0.26 (5.5) 14.4 (25) 0.10

Note: Compacted to at least 95% relative compaction per ASTM D-1557 Abutment
Backwall Height = 5.5 ft
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Figure 4-16: UCD abutment experiment compared with various models (bilinear is the
one from Caltrans (2006), Shamsbaadi, 2007)

The stress-strain curve for the reversal behavior of typical abutment backfill (Figure
4-17), hence the abutment-soil interaction can be modeled using a nonlinear link with

unloading and reloading slopes equal to initial stiffness of the force-deformation curve.

Stress

Y

Strain €

Figure 4-17: Stress-strain relationship for typical abutment backfill (Shamsabadi, 2007)
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4.2.4.1 Modeling of Abutment-Soil Interaction

Soil-abutment interaction consists of three components; abutment in passive direction,
abutment in active direction and abutment in transverse direction. In this section the
contributing components to overall abutment response have been discussed and details
about the abutment configurations are given in one of the subsequent sections. Abutment
in passive direction is assumed to be due to combination of soil behind the back-wall in
addition to piles. It is also assumed that in active and transverse direction only the piles

contribute.

Passive soil behavior behind the back-wall can be represented using the modified
hyperbolic force-displacement (HDF) equation proposed by Shamsabadi (2007). A
“Hyperbolic Gap Material” as a compression-only gap material defined in OpenSees
library is used to represent the soil behind back-wall. This material exactly follows the
Hyperbolic equation when all parameters are properly defined. The general form of

equation for this material in OpenSees is:

X
F(x) = — 7 (4-30)

+R
Kmax  J Fyie

where x is the deformation of soil in passive direction, K,,,, is taken as the initial
stiffness, Ry denotes the failure ratio (taken 0.7), and F,;, is the ultimate (maximum)

passive resistance.
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If the formulas from Shamsabadi (2007) for both granular and cohesive backfills
(Equations 4-28 and 4-29) are rewritten in the form of the above formula (Equation 4-

30), K;,qx and F,;; values are obtained as follows:

For granular backfill:

y

F(y)=—1T—3— (yincm,F inkips per m of wall) Sl Unites (4-31)
605 ' 605
y . - .
Fiy)=—7 3 (yininches, F in kips per ft of wall)  US Units

8%12.9 8x%12.9
where K4, = 593 kN/cm per m width of the backwall (103 kip/in/ft) and F,,;; is 352 kN

per m width of the back-wall (24.08 kip/ft).
For cohesive backfill:

F(y) =—7%13 . y0.063 (yincm, Finmper ft of wall) Sl Units (4-32)

18.9%1.7 ' 18.9%1.7

=913 o016 (y ininches, F in kips per ft of wall)  US Units

where K4, = 263 kN/cm per m width of the backwall (45.83 kip/in/foot) and F,;; is 352

kN per m width of the back-wall (24.08 kip/ft).

A representative hysteresis obtained in OpenSees is illustrated in Figure 4-18.
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Figure 4-18: A representative hysteresis of soil behind the back-wall

In longitudinal direction the active resistance is only due to the piles and this resistance is

added to the resistance of the soil behind the back-wall in the passive direction.

A representative hysteretic response of piles in transverse direction and of piles plus soil
behind the back-wall in longitudinal direction is presented in Figure 4-19 and Figure

4-20, respectively.
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Figure 4-19: Hysteretic behavior of abutment in transverse direction
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Figure 4-20: Hysteretic behavior of abutment in longitudinal direction
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4.2.4.2 Modeling of Abutment Details

Aviram et al. (2008a, 2008b) presented three different models of abutments, namely,
roller, simplified and spring. In the roller model the superstructure which is defined as a
single frame is located on a roller at abutments. This roller bearing has only one restraint
in vertical transitional degree of freedom. In the simplified model, single frame
superstructure is connected to a rigid frame located transversely at abutment. This rigid
frame is connected to springs in three transitional degrees of freedom representing the
gap, soil interaction, bearings, wing wall and pile. This model ignores the failure of the

shear keys and also mass of the embankment.

The spring model, as illustrated in Figure 4-21, considers both deficiencies of the
previous two models. In this model, embankment mass contribution to seismic mass in

also considered in two directions.

The model used in this study includes gap, impact between the deck and the abutment,
abutment-soil interaction, mass of the mobilized embankment in longitudinal direction,
bearings, piles and shear keys and can be illustrated as shown in Figure 4-22 and Figure
4-23. Soil backbone spring and impact elements are in series and perpendicular to the
abutments. They are assigned to two-node links which are active in axial direction and

free in all other directions.

During an earthquake, when the gap between the deck and abutment is closed, the soil
behind the back-wall mobilizes. Therefore, the mass of the soil should be considered and

assigned to the element representing the mass of the soil and the back wall. Aviram et al.
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(2008b) concluded that consideration of the participating abutment mass has a critical
effect on mode shapes and consequently the dynamic response of the bridge.
Embankment critical length and its mass participation have been proposed by many
researchers (Kotsoglou and Pantazopouloi (2006), Zhang and Makris (2002), and Werner
(1994)). Aviram (2008b) assumed to have a nominal mass proportional to the
superstructure dead load at the abutment, including a contribution from structural

concrete as well as the participating soil mass.
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Figure 4-21: General view of (a) roller (b) simplified (c) spring abutment model (Aviram
et al., 2008b)
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In order to account for inertial force generated during the earthquake, the mass of the
abutment and the embankment behind the back-wall is assigned to the abutment. The

mass of the embankment with the effective length equal to L. is given by:

m=p; AL, (4-33)

where pg is the mass density of the soil and A is the cross sectional area of the

embankment.

The height of the embankment (H) is taken as 1.7 m (5.5 ft) as the height of the back-

wall, the slope of the sides is 1:2 (5=0.5). The effective length is taken as:

L, = 0.7YSWH (4-34)

where W is the width of the bridge deck. The effective length of the embankment can be

taken as 20 to 30% of the deck width.

The transverse stiffness of the abutment comes from the stiffness of the piles. The
spacing between individual piles is taken as 1.8m (5 ft) including the effect of the group
pile and also the transverse stiffness of the soil embankment behind the back-wall. The
force-deformation response of the piles recommended by Choi (2002) is used. Caltrans
(1990) recommends a stiffness of 7 kN/mm (40 k/in) and the maximum strength of 180

kN (40 Kips) for a pile.

The stiffness of the embankment in the transverse direction is given as:
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where G is the shear modulus of soil, k; should be multiplied by the effective length of

the embankment. (Zhang, 2002)

The transverse stiffness due to wing-wall is negligible and is ignored for wide decks

(Caltrans, 1990).

Abutment has been modeled in both of longitudinal and transverse directions. As
illustrated in Figure 4-22, the elements activated in longitudinal directions include
bearings which ensure the force transfer to the abutment prior to closure of the gap. Piles
and soil behind the back-wall are the two elements which support the abutment for all
forces in the longitudinal direction. Pounding takes place when the gap is closed.
Therefore, an element representing the impact is defined connecting the superstructure
and the abutment. After gap closure, all forces are transferred directly to the abutment
and then to the piles and soil behind the back-wall. A mass representing the mass of the
abutment mass equivalent to 30 percent of dead load reaction at abutments has been

assigned to nodes representing the abutment back-wall (Figure 4-23).
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Figure 4-22: Abutment in longitudinal direction

In the transverse direction, as shown in Figure 4-23, forces are transferred through the
bearings to the abutment and then to the piles. Contribution of wing-walls in transverse
direction, the embankment transverse stiffness and its mass have been ignored due to

small wingwall length.
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Direction, Free in Longitudinal Direction, Free in Other Dofs.

Figure 4-23: Abutment configuration in transverse direction

4.2.5 Shear Keys

Shear keys resist transverse movement of the bridge after the bearings fail. Shear keys
can be in the form of concrete blocks or as a keeper bracket adjacent to the bearings. The
transverse force from the superstructure to the substructure is transferred by the shear
keys, however they fail before the columns and piles reach their maximum capacity. This
prevents damage to the substructure including the abutments, piles and columns. There
are two types of shear keys constructed at the abutments, internal and external shear keys.

Internal shear keys are placed along the width of the superstructure whereas external
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shear keys are located at the two edges of the superstructure. Because of easier inspection

of external shear keys, this type of shear keys is more preferable.

There are two types of cracking mechanisms for interior shear key: (1) shear friction
approach that considers a horizontal shear crack in the shear key, and (2) strut and tie
model which consists of inclined cracks along the compressive stresses in the shear key.
Shear keys are designed based on their height to depth ratio. There are three analytical
models used in evaluating the capacity of shear keys, namely: (1) sliding shear friction

model, (2) strut-and-tie model, and (3) moment resistance model (Megally et al., 2002).

Padgett (2007) used a Coulomb friction model as illustrated in Figure 4-24 with the
reduction factor in Equation 4-36 omitted in the assessment of lateral strength of concrete
block shear keys. The design shear strength of the shear keys based on the shear friction

approach is:

Vsk = ¢s 1 A fy (4-36)

where ¢, is the shear strength reduction factor, u is the coefficient of friction taken as 1.4
for a natural crack, and A is the total area of reinforcement crossing the face (Priestley et

al., 1996) .

The shear key design is assumed to follow a shear friction approach and limits the shear
force transferred to the substructure to less than half of the shear strength of the columns.
An initial gap is provided before the shear key engages in the transverse direction which

may be in the order of 13 mm (0.5 in). The initial stiffness is assumed to be relatively
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rigid based on recommendation by Priestly et al. (1996). The shear keys geometry is

designed to ensure shear-dominant failure.

Disp

B, = p Asty

Figure 4-24: Coulomb friction model for shear keys by Padgett (2007)

Abdel-Mohti (2009) used a combination of links to obtain the experimental hysteresis of
a shear key tested by Megally (2002). He took advantage of a combination of gap,
multilinear elastic and multilinear plastic springs to model the hysteresis of the internal or

external shear keys.

Megally (2002) stated different methods used to determine the capacity of interior shear

keys as follows:

1) Cracking Strength Approach for Deep Beams
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This model is the ultimate shear capacity of a deep beam based on the cracking strength

of the concrete and its dimensions (Figure 4-25).

Vy = 11.3/f, (psi) (4-37)

The capacity of all the test units by Megally (2002) was predicted within 15% using this

method.
2) Sliding Shear Friction Model

By using this method, Megally (2002) proved that this method severely underestimates
the capacity of the shear keys and therefore it is a un-conservative method, because the
shear keys are expected to fail before the piles reach their maximum capacity. The

capacity of shear keys introduced by Caltrans (1993) is:
Vi = 1 Ays fy (4-38)

where A, is the area of vertical reinforcing bars crossing the shear key-abutment
interface, £, is the yield strength of the steel, x is the coefficient of friction, taken as 1.41

for concrete cast monolithically, and / is taken as 1.0 for normal weight concrete.
This capacity should not exceed:
Vy <800 A, (psi) (4-39)

and
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Vy <024, f, (4-40)

where A, is the concrete gross area at the interface.

d b

P i I
V (¥ o e - Interface —. b

,7““/= - Reinforcement -

| —— 'f_

(@) Longitudinal section (b) Transverse section

Figure 4-25: Typical interior shear key schematic drawing (Megally, 2002)
3) Strut and Tie Mechanism

In this approach, the shear capacity is calculated considering a strut and tie mechanism
(Figure 4-26). According to this mechanism the nominal shear capacity of the shear key

is calculated as:

Asfy
Vy = Y (4-41)
where a is the shear key height-to-depth aspect ratio:
h
a=— (4-42)
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h/2 c |

Figure 4-26: Strut and tie model (Megally, 2002)

4) Moment Resistance Model

This model is based on the flexural-moment resistance capacity of the shear key section

at the interface.

JAsfy
a

Vy = (4-43)

where j is defined such that jd/2 represents the distance from the centroid of the tension
force to the centroid of the compression force. In the capacity evaluation of the shear key

j was assumed to be equal to 0.90.

Interior shear keys can be modeled analytically as illustrated in Figure 4-27.
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Figure 4-27: Load vs. displacement envelops (Megally, 2002)

Initially, the response is controlled by the properties of the expanded polystyrene used to
fill the gap between the shear key and the bridge superstructure; G is the thickness of the

expanded polystyrene.

The next segment is dominated by a strut-and-tie mechanism, which transfers the applied
load to the abutment. Behavior of the shear keys after gap closure and prior to reaching
its peak capacity is best described by a strut-and-tie mechanism. The peak value (V1) is

most accurately calculated based on the cracking strength of the concrete.

The method adopted in Caltrans Design Specifications (2008), which calculates the
capacity of shear keys with aspect ratios less than 0.5 based on shear friction, does not

accurately predict the actual shear key capacity. The maximum load carrying capacity is
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best estimated by the smallest value given by cracking strength approach (Equation 4-37)

for deep beams. This capacity should not exceed:

VN <800 A, (psi) For:p < 0.60% (4-44)
and
Vy < 0.2 A, f! For: p < 0.60% (4-45)

where A, is the concrete gross area at the interface and p is the shear key reinforcement

ratio.

After the horizontal crack propagates completely through the shear key abutment stem
wall interface the response of the shear key switches to a sliding shear friction
mechanism (after point V1 in Figure 4-27). After the first cycle, the strength and stiffness
degrades rapidly. Degradation of the aggregate interlock reduces the coefficient of

friction.

Point V2 defines the cyclic friction envelope, to which the shear key degrades as it is
cycled. This amount of degradation is expressed by the variable ¢, which is a function of

the aspect ratio and is determined using the following expression:

c=15a— 025 (4-46)

where « is the aspect ratio of the shear key.
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Based on the tests, Megally (2002) concluded that a value of 114 mm (4.5 in) as D,

represents the maximum value of displacement of shear keys very well.

The load versus displacement curves for the test units show that the amount of
degradation is a function of both the displacement and the number of cycles. The

effective stiffness, K, s, at a displacement D (Figure 4-28), may then be calculated by:

(Dm ax—D )
K =cVy —mm 4-47
eff N D (D - G) ( )
—/ __— Cyeclic Friction Envelope
—|'IL IY -
II > g ’J Kes
f%____r____.—j -.\
| - S III'V“...'.-._'..'._,-"/” \\\\
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Figure 4-28: Cyclic friction hysteretic behavior of interior shear keys (Megally, 2002)
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4.2.5.1 Modeling of Shear Keys

Shear keys are assumed to be as concrete blocks for both bents and abutments.
Transverse shear keys are located at abutments only in transverse direction and at bents in
both longitudinal and transverse directions. The maximum capacity of the shear keys are
assumed to be equal to 30 percent of the dead load reaction for the shear keys at the
abutments (SDC) and 1.2 times the shear force due to plastic hinging at the bottom of
column for the shear keys at bents. The initial gap varies from 25 to 75 mm (1 to 3 in) and
the maximum shear displacement of the shear key to the complete failure point is taken

75 mm (3 in).

An “Elastic Perfectly-Plastic Gap Uniaxial” material is utilized to model the shear keys in
OpensSees platform. A high initial stiffness has been assigned to shear keys which follow

an elastic perfectly-plastic behavior as shown in Figure 4-29.
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Figure 4-29: Hysteretic behavior of shear keys
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4.2.6 Column Modeling

Two types of forced-based element are provided for modeling of reinforced concrete
columns in OpenSees. The first one is the “Beam-With-Hinge” element which localizes
plastic hinging at the elements ends only. The middle part of the element is modeled as
linear elastic. A proper ratio of cracked moment of inertia to its gross value should be
assigned to this elastic part based on the section moment-curvature analysis. Plastic hinge
length is assigned to hinges at the both ends of the columns. The second element is the
“nonlinearBeamColumn” element which is based on force formulation and spread
plasticity along the element. In this study the second type of element is utilized since in
this element, firstly, allows a better mass distribution along the column due to its division
into segments and secondly, there is no need to obtain and assign specific crack section
modifiers for various column sections. The constitutive relationships for cover and core
concrete materials and steel have been defined and are assigned to the discrete fibers of
the fiber section utilized as the element section. This fiber section takes into account the
axial and flexural stiffness of the column elements. The column section is discretized into
10 radial and 12 tangential fibers. “Concrete01” and “ReinforcingSteel” uniaxial
materials in OpenSees represent concrete and steel reinforcements, respectively. The
unconfined concrete compressive strain at the maximum compressive stress (&) IS taken
as equal to 0.002. The ultimate unconfined compression strain (&g,) based on spalling is
taken as equal to 0.005 (AASHTO Seismic Guidelines, 2007). Mander constitutive model
(1988) has been used for confined concrete. Confined concrete tends to have higher

compressive strength and ultimate strain than unconfined concrete. Stress-strain
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constitutive models for unconfined and confined concrete are depicted in Figure 4-30.
Cracked shear and torsional stiffness of the column section should be added to this
section to produce the final section for the column. Gross torsional constant is modified

by 0.2 (AASHTO Seismic Guidelines, 2007):

where J¢ IS the effective torsional (polar) moment of inertia of reinforced concrete
section (mm*, in%), and Jg is the gross torsional (polar) moment of inertia of reinforced

concrete section (mm*, in?).
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Figure 4-30: Concrete stress-strain model

Lower end of the columns are assumed to be fixed based on section 5.3 of AASHTO
Seismic Guidelines (2007). The cap beam is modeled using a linear beam-column

element with realistic section properties.
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4.2.7 Steel Bearings

Although most of the steel bearings have been replaced by elastomeric and other kinds of
bearings, many of them are still in service in the US particularly in low- to mid-seismic
zones. Therefore, this type of bearing is used for non-seismically designed bridges in this
study. These bearings are highly susceptible to corrosion and deterioration. After the
1971 San Fernando earthquake, it was recognized that this type of bearing is highly
vulnerable to earthquake induced damage. As a result, this type of bearing is no longer

used in the design of new bridges.

The analytical modeling of steel bearings in the present study is based on work by
Mander et al. (1996). Mander et al. investigated the reversed cyclic behavior of the steel
bearings retrieved from two different bridges in both longitudinal and transverse
directions. Various steel bearings are illustrated in Figure 4-31. There are two types of
expansion bearings called low type sliding bearing and high type rocker bearing, and two
types of fixed bearings namely low type fixed bearing and high type fixed bearing. They
also introduced nonlinear analytical models of steel bearings in DRAIN3DX. In
OpenSees platform, “twoNodeLink” elements are used to model steel bearings while
different materials including “Steel01” or “Hysteretic” materials have been assigned to
this element to represent steel bearings. Analytical response of high type fixed bearings in

longitudinal direction is shown in Figure 4-32 as an example.
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Figure 4-31: Typical conventional steel bearings (Mander et al., 1996)
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Figure 4-32: Analytical response of high type fixed bearing in longitudinal direction

A description of the OpenSees files developed in this study is explained in Appendix A.

4.3 Comparison of Analytical Models

The accuracy and validity of the proposed simplified models in OpenSees are verified
with respect to their counterparts developed using the well-known SAP2000 (V14.2.0,
1998) Bridge Modeler (BrIM). Only the comparisons of modal analyses and gravity load
analyses results are made. It is noted that additional verification of the proposed modeling
approach was presented earlier in Section 3. However, due to the limitations in modeling

of various nonlinearities in SAP2000 (V14.2.0, 1998) such as soil behind the back-wall,
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piles, pounding, shear-keys and anchor bolt failures, earlier comparisons involved models

nonlinear response history analyses but without those details.

Herein, further comparisons are presented based on the modal analyses and gravity load
analyses of four models consisting of benchmark bridges with two different central
angles of 25 and 85 degrees and two different numbers of girders. All models in both
OpenSees and SAP2000 (V14.2.0, 1998) were developed following the proposed
simplified modeling approach. As it can be seen in Figure 4-33, Figure 4-34, Table 4-5,
and Table 4-6, there is a very good agreement between the results of models developed in
SAP2000 (V14.2.0, 1998) by Bridge Modeler (BrIM) in which deck is modeled using
shell elements and, girders are modeled using 3D frame elements. The OpenSees model
was developed following the proposed guidelines in Chapter 3. The good agreement can
be seen in both gravity and modal analysis. As it was expected, the natural periods in the
OpenSees model are generally slightly lower than periods obtained from SAP2000 since
OpenSees does not capture shear deformation in the elements. In addition, the vertical
reactions at bearing and columns due to gravity load of the SAP2000 and OpenSees

models are almost the same.
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Figure 4-33: Comparison of periods for bridges with « =85 degree and 4 girder
superstructure for a) free abutment, b) pinned abutment
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Figure 4-34: Comparison of periods for bridges with a=25 degree and 5 girder
superstructure for a) TFRR (tangentially free, radially fixed) abutment, b) pinned

abutment



Table 4-5: Comparison of dead load reactions between OpenSees BS model and
SAP2000 (V14.2.0, 1998) BrIM model (4-girder bridges)

OpenSees | SAP2000 Error
BS BriM

Model Model (%)

Total Mass Cenral Angle 25° 535 537 0.42
(KN.mm/s?) Cenral Angle 85° 561 562 0.20
o Column 3498 3507 0.25

s Inner Bearing 127 128 1.01
82 2nd Bearing 136 134 1.23
& 3rd Bearing 141 139 1.89

5' Outer Bearing 147 150 1.96
Total Reactions (kN) 8098 8115 0.22

o) Column 3659 3670 0.29

5 Inner Bearing 103 103 0.43
5 2nd Bearing 139 137 1.63
g 3rd Bearing 160 154 4.06

= Outer Bearing 176 182 3.57
Total Reactions (kN) 4813 4821 0.16
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Table 4-6: Comparison of dead load reactions between OpenSees BS model and
SAP2000 (V14.2.0, 1998) BrIM model (5-girder bridges)

OpenSees | SAP2000 | Error
BS BriM

Model Model (%)

Total Mass Cenral Angle 25° 773 769 0.44
(KN.mm/s?) Cenral Angle 85° 784 782 0.29
% Column 5079 5096 0.33

< Inner Bearing 132 134 1.66

% > 2nd Bearing 141 140 0.96
5= 3rd Bearing 146 145 0.61

- 4th Bearing 150 147 2.11

o Outer Bearing 154 158 2.54
Total Reactions (kN) 11297 11324 0.24

% Column 5166 5183 0.33

et Inner Bearing 99 101 1.77
£ 2nd Bearing 133 132 0.67
SIS 3rd Bearing 151 146 3.35

- 4th Bearing 164 159 3.36

o Outer Bearing 175 184 5.07
Total Reactions (kN) 11775 11809 0.29

4.4 Concluding Remarks

Three-dimensional analytical modeling of curved steel girder bridges is presented in this
chapter. An extensive literature survey has been conducted in order to identify the most
commonly acceptable and accurate properties and modeling approaches of various bridge
components, including shear keys, elastomeric bearings, steel bearings, abutment-soil-
structure interaction, piles, and columns. Accordingly, materials and elements that are
most suitable for representing these components in OpenSees platform are introduced.

The columns are modeled as nonlinear fiber section elements in OpenSees divided into 5
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segments along them. In addition, an abutment configuration which can properly capture
the abutment behavior in both transverse and longitudinal directions is presented. This
configuration includes bearings, shear keys, pounding between the superstructure and
abutment, piles under the abutment, and soil behind the back-wall. Shear keys located in
both directions at bents and only in longitudinal direction at abutments of seismically
designed bridges are following the hysteretic response presented by Megally (2002).
Steel bearings are modeled based on Mander’s experiments (1996). Force-deformation
behavior of the elastomeric bearings is modeled such that sliding friction takes place
beyond a predefined shear deformation. This ultimate shear deformation is determined as
the minimum of the friction strength of the pad-concrete surface and the shear force
corresponding to 150% shear strain in the bearing. Modeling of the soil-abutment
interaction follows the modified hyperbolic force-displacement (HDF) equation by
Shamsabadi (2007). It is noted that the proposed model is sufficiently flexible to allow
addition of other elements that are not identified in this study. Finally, the superstructure
is modeled using the proposed beam-stick approach presented in Chapter 3 in which a
grillage representing the deck is rigidly connected to the girder frames. In order to make
sure that the OpenSees model is correctly developed, the gravity and modal analysis

results are compared to its SAP2000 (VV14.2.0, 1998) counterpart.
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5 Sensitivity Analyses of Seismic Response of Horizontally
Curved Steel Girder Bridges

5.1 Introduction

As it was discussed in Chapter 4, various parameters must be defined as accurately and
realistically as possible which may critically affect the analytical response derived from
nonlinear response history analyses of bridges. These parameters can be broadly
categorized as they may be related: material, geometry, component response, and the
analysis parameters that may affect the predicted responses of the curved steel girder
bridge. The material properties include the specified concrete strength, yield and ultimate
strength of reinforcing steel, and those associated with specified components may be
elastomeric bearings shear stiffness, coefficient of friction of steel bearings, longitudinal
reinforcing bar ratio, and pile stiffness. Geometric properties of the model such as span
length, girder spacing, and gap between superstructure and abutment, and damping are
among the parameters that may have significant effect on the overall system response.
Each parameter has an uncertainty associated with its most likely [median] value. The
question that arises is how significant the variation of each parameter is on the seismic
response of the bridge. To answer this question and to be able to establish a statistically

meaningful set of benchmark bridges, a sensitivity study is performed that quantified the
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dependency of seismic response quantities to the variation in each parameter. The
fundamental premise is that if the parameter has a significant effect on any of the
response quantity, its variation should be considered in developing statistical samples of

the horizontally curved steel girder bridges.

There are two main approaches to determine importance of a factor (parameter) on an
output, called “one-factor-at-a-time” (OFAT) and design of experiments (DOE).
Traditional research methods investigate the effect of each parameter on the system
output, which is seismic response of bridge, at a time. In the so-called “one-factor-at-a-
time” (OFAT) approach, researchers vary only one variable at a time while keeping
others fixed. Design of experiment approach (DOE) is another approach to perform
sensitivity analysis. The DOE has been identified as a more powerful approach than
“one-factor-at-a-time” approach (Czitrom, 1999). First, the estimates of the effects of
each factor are more precise since all of the observations are utilized to determine the
effect of individual factors. In other words, in order to achieve desirable accuracy with
the OFAT approach, a much larger number of observations are required. In addition, in
the DOE, the interaction between factors can be estimated systematically using the DOE

approach while in OFAT approach, interactions cannot be estimated.

In previous studies, Hwang (2000b) considered only the uncertainty of the steel and
concrete and the uncertainty of the stiffness of the soil. Nielson (2005) and Padgett
(2007) used the DOE approach to evaluate significance of each parameter on the seismic

response of different class of bridges and retrofitted bridges, respectively. In the present
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study, the design of experiment approach is implemented to conduct sensitivity analysis
of various input parameters on the seismic response of curved steel girder highway

bridges.

5.2 Uncertainty in Modeling Parameters

Uncertainty in a given parameter set, in this case highway bridge parameters, can be
distinguished as being either aleatoric or epistemic. Aleatoric uncertainty arising from the
natural, unpredictable variation in the bridge performance cannot be reduced but
managed. The knowledge of experts cannot be expected to reduce aleatory uncertainty
although their knowledge may be useful in quantifying the uncertainty (Hora, 1996).
Epistemic uncertainty, which comes from the ignorance, is due to a lack of knowledge
about most of modeling parameters as well as modeling assumptions. This type of
uncertainty can be reduced by avoiding the ignorance and proper assessment of analytical
and physical variation of parameters via methodological studies to increase the accuracy
of the modeling parameter. Although these categories of uncertainties are clearly defined,
distinction of the source of uncertainty is not always readily distinguished for all systems.
Therefore, it is not possible to categorize all parameters into these two groups in the
seismic engineering discipline. Nielson (2005) has addressed probabilistic models for 14
structural modeling parameters which have been summarized in Table 5-1. In addition to
these probabilistic models for parameters, models for other parameters such as shear key
and column properties need to be determined. Bradely (2010) addressed the influence of

various epistemic uncertainties on the development of fragility function uncertainty.
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Seven sources of uncertainty were presented and methods for their consideration,
combination and propagation in the development of component fragility curves were

introduced.

Because there is not sufficient data on capacity of transverse and longitudinal shear keys,
it is assumed they have a uniform distribution in the range of 50% to 150% of the base
capacity determined in Chapter 4. For the same reason and based on engineering practice,
the ratio of longitudinal and transverse reinforcing in the seismically designed columns
are taken between 1% and 2% with a uniform distribution. Shear key gap for both
transverse and longitudinal shear keys is assumed to have a uniform distribution between
25 mm (1 in) and 75 mm (3 in). Ground motion can be applied in two horizontal
perpendicular directions with changing the direction of the components. Vertical ground
motion component can increase the variation in column axial force, demand on demand
and may results in uplift of bearings. However, there are two reasons that the vertical
ground motion is not considered in this work. First, although, in the analytical models,
the bearings are able to model uplift, the uplift would be removed at the end of the
earthquake due to gravity load and it is not defined as a damage state. Secondly, the

column axial capacity IS generally adequate to resist the increase in column axial force.
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Table 5-1: Probability Distributions for materials and components (Nielson, 2005)

Parameter Distribution | Mean or | Standard
Type Range | Deviation
Concrete strength (MPa) Normal 33.8 4.3
Steel strength (MPa) Lognormal 6.13 0.08
Steel bearing stiffness uncertainty Uniform 0.50-1.50
factor
Fixed steel high-type coeff. of Lognormal -1.56 0.5
friction— longitudinal
Fixed steel high-type coeff. of friction | Lognormal -0.99 0.5
— transverse
Rocker steel high-type coeff. of Lognormal -3.22 0.5

friction — longitudinal

Rocker steel high-type coeff. of Lognormal -2.3 0.5
friction — transverse

Elastomeric bearing stiffness (MPa) Uniform 0.66-2.07

Coefficient of friction for elastomeric | Lognormal -0.92 0.1
bearings
Damping Normal 0.045 0.0125
Gap between superstructure and Normal 75 25

abutment (mm)

Initial stiffness of fixed bearings Uniform 0.8-1.2
uncertainty factor

Stiffness of piles uncertainty factor Uniform 0.5-1.5
Soil passive stiffness uncertainty Uniform 0.5-1.5
factor

Mass uncertainty factor Uniform 0.9-1.10
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5.3 Design of Experiment Approach

Design of Experiments (DOE) technique enables us to determine simultaneously the
individual and interactive effect of each parameter on the seismic response of bridge. In a
full factorial design, all possible combinations of parameters are considered. Two-level
factorial experiments are factorial experiments in which each factor is investigated at
only two levels; i.e. considering lower and upper bound values. A full factorial
experiment would lead to s" designs where n denotes the number of factors being
investigated in the experiment and s refers to the number of levels of each factor; taken 2
in two-level factorial experiment for lower and upper boundaries. A sample of a DOE for
a full factorial two-level experiment of three variables is illustrated in Figure 5-1 and

Table 5-2. It shows that the designer needs 8 runs to do the design.

Factor C

Lo
Lo

Figure 5-1: Geometric representation of the 2 ’ design
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Table 5-2: Sample of three-factor full factorial experimental design

Run No. Factors*

A B C
1 — _ _
2 + - -
3 _ _
4 + -
5 - - +
6 + = +
7 = + +
8 + + +

*(-) and (+) denotes the lower and upper values,
respectively.

If the number of variables in a full factorial design is too high to be reasonably feasible, a
fractional factorial design can be performed. In this method the number of runs would be
s"P where p is the size of the fraction of the full factorial used. This approach saves
computational effort to conduct sensitivity analysis by decreasing the number of
runs/experiments. When a maximum of 15 parameters is considered, a design with 32
runs is required to obtain the fractional factorial screening design (Wu and Hamada,

2000).

Blocking is the first step to conduct sensitivity analysis which deals with the variation in
different geometric properties of the bridges such as deck width, column diameter, and
span length. Eight bridges out of 60 geometric benchmark bridges have been chosen so
that they cover the range for various geometric properties and have been assigned to eight
blocks. Geometry of these blocks for both seismically and non-seismically designed

bridges is shown in Table 5-3. The geometry of these bridges represents the distributions
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for span length, curvature, number of girders, and column to diameter ratios used to

develop geometrical benchmark bridges in Chapter 2.

To conduct a design of experiment, the screening design for both seismically and non-
seismically designed bridges are conducted using SPSS 17.0 statistical software (SPSS
Inc. Chicago, Illinois) as shown in Table 5-4 and Table 5-5. The parameters and their
corresponding lower and upper limits considered in screening of seismically and non-
seismically designed bridges are presented in Table 5-6 and Table 5-7, respectively. In
these tables, the properties of the block and 15 parameters for seismically designed
bridges and 11 parameters for non-seismically designed bridges for 32 runs are
illustrated. In each run, (+) and (-) mean that the upper and lower values are assigned to

each parameter, respectively.

In order to ensure that the responses are not affected by the choice of the ground motions,
all 32 runs are subjected to three different selected recorded ground motions provided by
Baker et al. (2009), hence 96 runs in total. The three ground motions as broad band
ground motions have moment magnitudes (M) of 6.0, 7.0, and 7.0 and epicentral
distances of 25 km, 10 km and 10 km, peak ground accelerations of 0.172 g, 0.481 g and

0.623 g, respectively.



Table 5-3: Geometric properties of eight blocks

Block Tot. Number Span Initial Column
Subtended of Length column Height (m, ft)
Angle Girders (m, ft) Diameter
(cm, in)
1 15.0 4 24.4 (80) 142 (56) 7.1(23.3)
2 45.0 5 24.4 (80) 165 (65) 8.3(27.1)
3 25.0 5 39.6 (130) 221 (87) 11.1 (36.3)
4 85.0 4 51.8 (170) 221 (87) 11.1 (36.3)
5 25.0 4 24.4 (80) 142 (56) 10.0 (32.7)
6 8.0 5 39.6 (130) 221 (87) 15.5 (50.8)
7 45.0 4 51.8 (170) 221 (87) 15.5 (50.8)
8 85.0 5 51.8 (170) 262 (103) 18.3(60.1)
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Table 5-4: Screening design for seismically designed bridges
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Parameter Number

RunNo.  Pattern Block

X1 X2 X3 X4 X5 X6 X7 X8 X9 X10 X11 X12 X13 X14 X15
1  +++—+——+++- 5 + + - - - - - 4+ + + + - + + -
2ttt + 7 - 0+ + 4+ - o+ - -+ -+ + 4+ - -
3 ————+++t+t+++- 8 + + + - - + + + 4+ - - - - - -
4 ———+—++++——+ 5 + + - + + - - 4+ 4+ - - + - - 4
5  —++——4+——++- 2 + - - + + 4+ - - 4+ + - - 4+ - -
6 +——+t+——++—+ 1 - - -+ -+ o+ 4+ o+ - - -+ o+ o+
7 —t++++—t++—+—+ 6 - 0+ - 4+ - -+ -+ + -+ -+ -
8 t————t——t—t+- 2 -+ + 4+ + -+ 4+ -+ - -+ - -
9  t—t———t—tt+—++ T + - - + - - 4+ 4+ - - + + + - -
10 -+—+++—+——+—- 1 - - - - 4+ 4+ 4+ o+ o+ o+ o+ o+ - - -
11  +—+++—+—-+-+—- 5 - -+ + 4+ 4+ + - - - - 4+ - - 4+
12 —+——+—+—+-++ 6 -+ - -+ -+ -+ -+ - 4+ -+
13 ++——+++——++ 8 T T S
14 ——++———++++—- 6 + -+ - 4+ + - + - - + - 4+ - 4+
15  ++—+—++——++—- 8 - - -+ 4+ - - - -+ o+ 4+ 4+ o+ 4+
16  ——+—+——++——++ 3 + - + - - - 4+ - 4+ + - + + - +
17 ——+++++-———+- 5 - -+ - - + + - - + + - + + -
18 ++—++——++——+- 4 - -+ -+ - - 4+ o+ - -+ 4+ o+ -
19 —+—++—++-+ 4 - -+ 4+ - - - 4+ 4+ + + - - - 4+
20 +4————- ++++—+ 4 + + - + - + + - - + 4+ - - - +
21 —+——+—+—+—+-+ 7 + - - -+ - 4+ 4+ - + - - - o+ 4+
22 t—++—+—+-+—+- 8 + + + + 4+ + + + 4+ + + + 4+ o+ O+
23 t—t—++—+—+—+ 7 -+ + -+ + - - 4+ + - - -+ +
24 —+—+——t—++-+- 4 + + - - 4+ + + - - - -+ o+ 4+ -
25 +——+——++——+++ 3 - 0+ -+ + + -+ - -+ - -+ -
26  —+++—+——+—+++ 3 + - + + + - 4+ - 4+ - + - - 4+ -
27  +———+—++-+—- 1 + + + - 4+ - - - - 4+ o+ o+ - - -
28 —t++—++——++——— 6 + - + + - + -+ - 4+ -+ - 4+ -
29  tHt——tttt———— 2 -+ + - - -+ 4+ - -+ + -+ 0+
30 et 2 + - - - -+ - -+ -+ o+ -+ o+
31 ———++————++++ 1 + + + - - - - - - - - + +
32 - 3 - 0+ - - -+ -+ -+ -+ 4+ -+




Table 5-5: Screening design for non-seismically designed bridges
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Parameter Number

Run No. Pattern Block
XL X2 X3 X4 X5 X6 X7 X8 X9 X0 X1
1 ottt 7 + - + - - - + - + + -
2 +H+—t————++ 5 + + + - + - - - - + +
3 —+++t+—tt—t— 6 - + + + + - + + - + -
4 8 - - - - - - - - - - -
5 —+++—t——+—+ 3 - + + + - + - - + - +
6 ————t——t— 3 + - - - + - + - + -
7 —+——t+—+—+—+ 6 - + - - + - + - + - +
8 +—+++—+—+—+ 3 + - + + + - + - + - +
9 +——t——t+——+ 7 + - - + - - + + - - +
10 +Ht——————— 1 + + + + - - - - - - -
11 —tt—tt——tt— 7 - + + - + + - - + + -
12 —tt———tt——+ 2 - + + - - - + + - - +
13 ——t——t+——++ 5 - - + - - + + - - + +
14 +H——ttt———— 8 + + - - + + + - - - -
15 +H—t—t+——++ 4 + + - + - + + - + +
16 ——t——t—t+— 2 - + - + - - + - + + -
17 ——tt———++++ 8 - - + + - - - + + + +
18 +H+——t+tt—— 4 + + + - - + + + + - -
19 +H—t+——++—— 5 + + - + + - - + + - -
20 +H+++HHHH+t 8 + + + + + + + + + + +
21 to——t—tt—t— 3 + - - - + - + + - + -
22 +—t—t+—+——+ 2 + - + - + + - + - - +
23 —+—t++—+——+ 7 - + - + + + - + - - +
24 ———t—t+tt—— 5 - - - + - + + + + - -
25 +—tt—t—t—t— 6 + - + + + - + + -
26 ———tt————t+ 4 - - - + + - - - - + +
27 to———t——+—+ 6 + - - - - + - - + - +
28 ————+++++++ 1 - - - - + + + + + + +
29 ——ttttt———— 1 - - + + + + + - - - -
30 +——ttt——t+— 2 + - - + + + - - + + -
31 +H————— ++++ 1 + + - - - - - + + +
32 ——t—t——t+—— 4 - - + - + - - + - -
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Table 5-6: Parameters considered in screening of seismically designed bridges

Parameter Description Lower level Upper Units
No. Level
1 Steel strength 438 (63.5) 555 (80.5) MPa (ksi)
2 Concrete strength 26.2 (3.8) 40.7 (5.9) MPa (ksi)
3 Elastomer shear modulus 50 150 %
4 Coefficient of friction for elastomeric 50 150 %
ads
5 |IE-)’assive Stiffness of Abutment 50 150 %
6 Mass 90 110 %
7 Damping Ratio 2 7 %
8 Gap between abutments and decks 50.8 (2) 101.6 (4) mm (inch)
9 Loading direction (Long or Trans) C1lL*-C2T* C2L™-C1iT*
10 Transverse shear key capacity 50 150 %
11 Longitudinal shear key capacity 50 150 %
12 Long. Reinf. Ratio 1 2 %
13 Trans. Reinf. Ratio 1 2 %
14 Shear Key Gap 25.4 (1) 76.2 (3) mm (inch)
15 Pile stiffness 50 150 %

* C1L and C2Tdenotes 1% and 2" component of the ground motion in positive longitudinal direction
and positive transverse directions, respectively.
* C2L" is 2" component of the ground motion in negative longitudinal direction

Table 5-7: Parameters considered in screening of non-seismically designed bridges

Parameter Description Lower level Upper Units

No. Level
1 Steel strength 438 (63.5) 555 (80.5)  MPa (ksi)
2 Concrete strength 26.2 (3.8) 40.7 (5.9) MPa (ksi)
3 Coeff. of friction for steel expansion brg 50 150 %
4 Coefficient of friction for steel fixed brg 50 150 %
5 Passive Stiffness of Abutment 50 150 %
6 Mass 90 110 %
7 Damping Ratio 2 7 %

8 Gap between abutments and decks 50.8 (2) 101.6 (4) mm (inch)
9 Loading direction (Long or Trans) ClL*-C2T* C2L™*-CiT*

10 Initial stiffness of steel fixed bearing 80 120 %

11 Pile stiffness 50 150 %

* C1L and C2Tdenotes 1% and 2™ component of the ground motion in positive longitudinal direction
and positive transverse directions, respectively.
* C2L" is 2" component of the ground motion in negative longitudinal direction
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Response history analyses of individual cases identified in the screening design are
carried out next. The monitored responses are summarized in Table 5-8. With having
recorded responses of all response history analyses, a statistical evaluation of data using a
multivariate analysis of variance (ANOVA) is used to establish the most important
parameters. This evaluation identifies the independent variables (modeling parameters)
that have significant effect on the dependent variable (monitored responses) by means of
a hypothesis test. Further details of this procedure are presented as appendix B. The
significance level in this study has been taken 0.05 as the most commonly used level
(Fisher, 1956); in other words, if the p-values found by ANOVA for at least one of the
responses are less than this limit, the parameter is considered as significant. Calculated p-
values for seismically and non-seismically designed horizontally curved steel girder
bridges are shown in Table 5-9 and Table 5-10. The bold parameters are identified as
significant parameters which have noticeable effect on at least one component response
and have p-value less than 0.05. For instance, for seismically designed bridges as
illustrated in Table 5-9, parameters which have the most influence on curvature demand
in the columns are identified as the block, concrete strength, coefficient of friction of the
elastomeric bearings, damping, transverse shear key capacity, longitudinal reinforcing
ratio, and shear key gap. Significant parameters for both types of bridges are summarized
in Table 5-11. As it can be seen in this table, for both seismically and non-seismically
designed curved steel girder bridges, most of the considered parameters are concluded to
be significant and have a significant influence on at least one of the responses of bridge
components. As it was expected, blocking, earthquake direction and damping

dramatically affects most of the bridge component’s responses.
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Table 5-8: Monitored responses in screening design of bridges

Response Abbreviation
Curvature ductility in the columns Ductility
Abutment deformation in longitudinal active direction Abut-Act
Abutment deformation in longitudinal passive direction Abut-Pass
Abutment deformation in transverse direction Abut-Trans
Bearing deformation at bent in transverse direction Brg-Bent-Trans
Bearing deformation at bent in longitudinal direction Brg-Bent-Long.
Bearing deformation at abutment in transverse direction Brg-Abut-Trans.
Bearing deformation at abutment in longitudinal direction Brg-Abut-Long.




Table 5-9: P-values for various parameters in seismically designed bridges

Parameter Ductility ~ Abut-Act Abut- Abut- Brg-Bent-  Brg-Bent- ,Ebrgt Brg-Abut-
Pass Trans Trans Long Trans Long
Block 0 0.006 0 0 0.011 0.016 0 0
SteelStr 0.593 0.221 0.801 0.277 0.352 0.77 0.069 0.272
ConStr 0.386 0.244 0.323 0.407 0.364 0.077 0.024 0.385
ElasShearModulus 0.946 0 0.994 0.089 0 0 0 0.004
CoeffFricElastor 0.011 0 0.001 0.004 0.956 0.754 0.238 0.124
PassStiff 0.997 0.765 0.001 0 0.789 0.763 0.019 0.172
Mass 0.632 0.223 0.318 0.349 0.277 0.74 0.54 0.681
Damping 0.037 0.287 0.338 0.895 0 0 0 0.008
GapAButDeck 0.937 0.898 0 0.073 0.54 0.909 0.004 0.247
EQX 0.462 0.05 0 0.04 0.114 0 0.005 0
TransSKCapacity 0 0.075 0.186 0 0 0.032 0.139 0.563
LongSKCapacity 0.334 0.083 0.888 0.795 0.079 0.007 0.023 0.621
LongReinfRatio 0.018 0.928 0.131 0.264 0.621 0.676 0.942 0.427
TransReinfRatio 0.23 0.711 0.806 0.706 0.519 0.686 0.489 0.959
SKGap 0 0.238 0.219 0 0 0 0.775 0.009
PileStiffness 0.452 0 0.733 0 0.665 0.808 0.766 0.823

* Parameters in bold are determined as significant

091



Table 5-10: P-values for various parameters in non-seismically designed bridges

Brg- Brg-
Parameter Ductility ~ Abut-Act AI\DZLSJE 'I'A'\ll'):rfs B':?;Er??t' BrE;)Eilznt- Abgt— AbSt—

Trans Long
Block 0 0.056 0 0 0 0 0.003 0
SteelStr 0.61 0.376 0.717 0.013 0.857 0.071 0.612 0.711
ConStr 0.209 0.575 0.648 0.633 0.743 0.45 0.259 0.198
CoeffFricExpBrg 0.691 0.88 0.258 0.055 0.803 0.067 0.008 0
CoeffFricFixBrg 0.332 0.659 0.967 0 0.019 0.07 0.898 0.112
PassStiff 0.437 0.513 0.868 0.086 0.551 0.475 0.711 0.803
Mass 0.747 0.815 0.4 0.717 0.054 0.125 0.981 0.961
Damping 0.001 0.61 0.095 0.005 0 0 0 0.001
GapAButDeck 0.05 0.73 0 0.29 0.171 0.005 0.001 0.007
EQX 0 0.965 0 0.03 0.41 0.001 0.363 0
FixBrglniStiff 0.512 0.069 0.262 0.57 0 0 0.329 0.802
PileStiffness 0.577 0 0.251 0 0.218 0.17 0.178 0.513

* Parameters in bold are determined as significant

197
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Table 5-11: Significant parameters for horizontally curved steel girder bridges

Seismically Designed Bridges

Block ConStr ElasShearModulus
Damping PassStiff CoeffFricElastor
SKGap GapAButDeck  TransSKCapacity
EQ-

direction LongReinfRatio LongSKCapacity

PileStiffness

Non-Seismically Designed Bridges
Block SteelStr CoeffFricExpBrg
Damping EQ-direction CoeffFricFixBrg
PileStiffness  FixBrgIniStiff ~ GapAButDeck

5.4 Alternative Method

While ANOVA is known as a complex method to find significant parameters, an
alternative method to verify the result can be used. This approach includes comparison of
variation in mean of responses for each component when they have lower and upper
values, separately. This is called main effect comparison. In an equation form, it can be

written as:

ME(P|R) =M(P +) —M(P —-) (5-1)

Where ME (P|R) is the variation in the component response when a specific parameter

has taken its lower and upper values, M(P +) denotes the mean of that component
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response obtained from all of the analyses when the specific parameter has its upper
value, and M (P —) denotes the mean of that component response obtained from all of the
analyses when the specific parameter has its lower value. For instance, the effect of
various parameters on column curvature ductility response has been investigated. As it
can be seen in Figure 5-2, coefficient of friction of elastomeric bearings, damping,
transverse shear key capacity, longitudinal reinforcing ratio and shear key gap have the
steepest line connecting the mean values. This confirms the results of the ANOVA

analysis.
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9 10 11 12 13 14 15
EQX TransSKCapacity| LongSKCapacity | LongReinfRatio | TransReinfRatio SKGap PileStiffness

Figure 5-2: Comparison of Main Effect for Column Curvature Ductility for Seismically
designed bridges
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5.5 Concluding Remarks

Sensitivity analysis has been recognized as one of the necessary steps to develop fragility
curves, and it is used to identify the parameters which have relatively larger influence on
the response of various bridge components. Therefore, it leads to a better understanding
of the effect of interacting parameters, and facilitates the sampling of parameters to
derive the statistical samples of bridges. Response history analyses of this set of bridges
are conducted to determine the maximum response of individual components. Design of
experiments (DOE) method has been implemented in this study to find significant
parameters for both seismically and non-seismically designed curved steel girder bridges.
It was concluded that blocking, earthquake direction and damping are the parameters
which have the most significant effect on most of the components. Mass has not been

identified as a significant parameter that has effect on individual component response.
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6 Probabilistic Seismic Demand and Seismic Fragility
Analyses

6.1 Introduction

Seismic risk assessment is a critical step in evaluating the impact of an extreme event on
the performance of transportation networks. The impact is measured in terms of
components’ vulnerability and losses. The process starts with individual component
evaluation and it is identified as the initial phase of seismic event time-line presented by
Basoz et al. (1996). The seismic risk assessment tools are used to measure the
performance of transportation networks in terms of congestion, maximum delay times,
and minimum restoration times. Seismic fragility curves are the key information to these
tools to characterize the probabilistic seismic performance and to estimate damage to
highway bridges and consequently to the network that allows the predictions of economic
loss and restoration time. Fragility curves express the conditional probability of reaching
or exceeding a target damage state for a specific ground motion intensity measure and

can be written as:

fDS(IM) = P(DS|IM) (6-1)
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where DS is the specified damage state for the bridge component and IM represents the

ground motion intensity measure.

Probability of failure of a system can also be expressed as the probability that seismic

demand (Sp) will exceed the structural capacity (S¢):

Pr=P(2)<10 (6-2)
Probabilistic seismic demand analysis (PSDA) is one of the most widely accepted
nonlinear demand estimation approach to estimate the probability of exceeding a
specified seismic demand on a structural system when subjected to an earthquake with a
specified intensity measure (IM) such as peak ground acceleration (PGA). This approach
is also known as cloud approach because of the large number of ground motion records
with variable intensity measures used. Probabilistic seismic demand analysis assists in the
seismic risk assessment for the structures with uncertainties in the response and capacity.
It consists of selection of a suit of ground motions, identification of the class of bridges
and distribution of its parameters, and subsequently nonlinear response history analysis of
corresponding computational models. The probabilistic seismic demand models (PSDM)
are the outcomes of PSDA which represent the relation between Engineering Demand
Parameters (EDPs) and Intensity Measures (IM). In this context, EDP is defined as the
response of various components of the structure system during a response history
analysis. Therefore, nonlinear response history analyses of all statistical samples are

carried out and maximum responses are recorded to build PSDMs.
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In this chapter, the PSDMs of various components for both seismically and non-
seismically horizontally curved steel girder bridges are initially developed. Damage states
corresponding to various components are then described and their fragility curves are
developed. Subsequently, component fragility curves are combined to construct the
system fragility curves for both seismically and non-seismically designed bridges. The set
of statistically sampled bridges utilized in this chapter to find the system fragility curves
have central angles of 8, 15, 25, 45, and 85, as found in Chapter 2. Therefore, the system
fragility curves obtained in this chapter can be considered as valid for all curved bridges

with any central angle.

6.2 Methodology for Developing Analytical Fragility Curves

Fragility curves express the probability of reaching or exceeding a pre-defined damage
state as a function of ground motion intensity measure. Nonlinear response history
analysis is recognized as one of the most accurate methods to develop fragility curves.
Nevertheless, this method presents significant computational effort and can be costly.
The method adopted in the present study has been used previously by other researchers
(e.g. Nieslon, 2005; Padgett, 2007; Wright, 2011) to build fragility curves. The first step
is to obtain a suite of ground motions which is appropriate for the region under
consideration. In the second step, sampled set of bridges with a consideration of
uncertainty in their properties are defined. Then, each ground motion is paired with a
sample bridge structure and nonlinear response history analyses are performed for all

bridge-earthquake pairs. Using the peak bridge component responses, a probabilistic
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seismic demand model is developed by using a regression analysis of the ground motion
parameters and the peak structural response or by using other parameter estimation
techniques such as the Maximum Likelihood method. By having the capacity or limit
state of each component, the seismic demand and structural capacity models can be

combined assuming a lognormal distribution.

Shinozuka (2000) expressed fragility curves using two-parameter lognormal distribution
functions with the parameters estimated by the Maximum Likelihood Method. He
recommended using the Maximum Likelihood method in conjunction with hypothesis
and goodness of fit tests to estimate the parameters of the two parameter lognormal
probability distribution. Although this method is relatively straight forward, it has some
drawbacks and limitations (Nielson, 2003). The first limitation is that it is difficult to get
an adequate number of bridges belonging to one bridge class that lie in a particular
damage state to get statistically significant results. Another limitation that Basoz and
Kiremidjian (1997) noted in their generation of fragility curves for several classes of
bridges in both the Loma Prieta and Northridge earthquakes was that the ground motion
intensities (shake-maps) were different depending upon who generated them. Yet another
limitation of empirical fragility curves is that when post-earthquake assessments of
bridges are made and damage levels assigned, there is often a discrepancy between the
damage levels that any two different inspectors would assign. Thus another source of

uncertainty is entered into the curves.

One of the most common methods to develop fragility curve is Probabilistic Seismic

Demand Model. The PSDM can be developed using a ‘scaling’ approach or ‘cloud’
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approach to relate the engineering demand parameter (EDP) to the ground motion
intensity measure. With the ‘scaling approach’, all motions are scaled to selective
intensity levels corresponding to prescribed seismic hazard levels and incremental
dynamic analysis (IDA) is performed at different hazard levels. On the other hand, the
‘cloud’ approach (Probabilistic Seismic Demand Analysis, PSDA) uses unscaled

earthquake ground motions (Zhang, 2008a).

6.2.1 Cloud Approach (Probabilistic Seismic Demand Analysis, PSDA)

The PSDA method utilizes a power model between the EDP and IM similar to the model

proposed by Cornell et al. (2002) as expressed below:

EDP = a IMP (6-3)

Equation 6-3 can be transformed to the logarithmic form as (PSDM equation):

Ln(EDP) = Ln(a) + b Ln(IM) (6-4)
Equation 6-4 represents a line which is determined based on the linear regression of the
simulation data (records) from response history analyses in [Ln(IM), Ln(EDP)] space

obtained for each limit state whereas the actual data from response history analyses

follow this equation:

Ln(EDP) = Ln(a) + b Ln(IM) + e (6-5)
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By assuming that ‘e’ has a constant variance for all IM, its variance can be estimated as

(Baker, 2005):

n N— - ))2
var ] = \/Zl=1(Ln(EDPl) Ln(a)-b Ln(IM;)) 66

n-—2

Where n is the number of record i, and EDP; and IM; are the EDP and IM values of
record i. Therefore, the estimated conditional probability of exceeding an EDP level y, at

a given IM=im can be expressed as:

In(y)-Ln(a)-b Ln(im)) (6-7)

P(EDP=y|im)=1—q>( Var [o]

where P (EDP = y| im) is the complementary cumulative distribution function (CCDF)
of EDP at given IM, and ®(°) is the cumulative distribution function of the standard

Gaussian distribution. The above equation can be extended as:

DS; 1
P (DI > LS| im)=1—

o V2mVar [e] EDP

((ln(EDP)—Ln(a)—b Ln(im))?
exp

T Var [])? ) d(EDP) (6-8)

where LS; is the limit state corresponding to different damage states (DS) and DI is the

damage index.

Choi (2002) defined the probabilities for fragility curve by a lognormal cumulative

probability density function as:



171

ln(Z—(Cl)

B2+3

where B4(= Var [e]) and (. are the lognormal standard deviations (dispersions) of the

P=a (6-9)

demand and capacity, respectively, ® (.) is the standard normal cumulative distribution
function, S is the median value for the limit state and Sq(= EDP) is the median for the

seismic demand which is a function of the intensity measure IM. The composite

logarithmic standard deviation of /B% + B4, which is known as the “dispersion”, is

suggested as 0.6 by Mander and Basoz (1999). Hwang et al. (2000b) take the value as 0.4
when the fragility curve is expressed in terms of spectral acceleration (S,) following
HAZUS 99. It is taken as 0.5 whereas PGA was used for developing fragility curves.
Hwang only considered bridge column ductility to define damage states and the fragility
curve of the whole bridge. Choi (2002) used the dispersions recommended by HAZUS

(1997) for different components.

Nielson (2005) assumed a lognormal distribution for the component capacity. Nielson
utilized Bayesian Theorem to update the limit states for different components and obtain
the median (S.) and dispersion (f3.) values for the limit states by incorporating physics-
based assessments with judgmental assessments. A physics-based approach examines the
mechanics of the problem and prescribes some functional level to be assigned to the
bridge for various levels of damage. This is usually the preferred method but it requires

some level of engineering analysis. A judgmental approach tries to capture or describe
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the functionality levels which would be assigned to the bridge by decision makers (bridge

inspectors) for different levels of observed damage.
6.2.2 Scaled Approach (Incremental Dynamic Analysis, IDA)

In this method, seismic ground motions are scaled to different intensity levels and
nonlinear response history analyses are performed on bridge-earthquake samples. IDA is
the dynamic equivalent to well-known static pushover analysis. Given a structure and a
ground motion, IDA is performed by conducting a series of nonlinear response history
analyses. The intensity of the ground motion, measured using an 1M, is incrementally
increased for each subsequent analysis. The PSDA and IDA can be conducted using the
same portfolio of recorded ground motions; however, IDA uses a smaller subset (Mackie

et al., 2005) which allows the same formulations for IDA method as in PSDA method.

The damage probability is calculated as the ratio of the number of damage cases n; at and
beyond the limit state corresponding to ith damage state (DS;) over the total number of

cases N at a given IM=im:

. ni
P (DI = LS;| im) = m (6-10)
The IDA fragility curves can be represented with a normal cumulative distribution
function:

] 1 M- 2
P (DI = LS;| im) = f—lZ\/Z_TE—O'IM exp (— #) d(IM) (6-11)
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or a lognormal cumulative distribution function:

j In(IM)—2A1p)?
P (DI > LS;| im) = f;mmexp (—(n( ZZ‘IZMIM) )d(IM) (6-12)

where oy, and p;,, are the standard deviation and mean value of IM to reach the
specified damage state based on normal distribution while &, and A;,, are the standard
deviation and mean value of In(/M) to reach the specified damage states based on

lognormal distribution.

It is noted that in the first view, the IDA method is generally more reliable than the PSDA
method because the fragility functions are based on many more simulation cases and no
pre-adopted relationship between the EDP and IM is assumed. Some errors or bias are
introduced into the PSDA method due to a single assumption relating EDP to IM despite
the damage states. In particular, the lack of large intensity earthquake motion records
may introduce some error to the PSDA results as the input motions are biased toward
smaller intensity (Zhang, 2008a). However, IDA method is still under question since
scaling of ground motions is controversial. Therefore, as long as a large number of
simulation cases (response history analyses) are utilized, PSDA method looks more
reliable. In this study, the cloud (probabilistic seismic demand analysis) approach is

implemented to obtain the PSDMs for various components.
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6.2.3 Intensity Measure (IM) Selection

Although PGA has been the only parameter used extensively by researchers as the only
or one of intensity measure, other intensity measures have been investigated and used.
Mackie and Stojadinovic (2003) identified 23 parameters ranged from global parameters,
such as drift ratio, to intermediate parameters, such as cross-sectional curvature, to local
parameters, such as material strains. They considered term Var [e] as an efficiency
measure for the parameters and b as a practicality measure such that smaller values for
Var[e]/b represent that the parameters considered are more appropriate as an intensity
measure. Nielson (2005) examined 4 parameters including PGA and concluded that
although PGA is not always the most efficient and practical parameter, it is one of the
best. Padgett (2007) utilized PGA as an intensity measure which is an appropriate
parameter and will facilitate incorporation of the developed fragilities into regional risk
assessment packages. Abdel-Mohti (2009) and Zhang (2008a) also implemented PGA as
the intensity measure. Shafieezadeh et al. (2011) concluded that PGA is an optimal IM
for developing PSDMs. HAZUS-MH (2011) uses peak ground acceleration (PGA), peak
ground displacement (PGD) and Sal (Spectral acceleration at 1.0 second). In the present
study, both PGA and Sal are used as the intensity measure to develop PSDMs and finally
fragility curves. The single intensity measure for each ground motion is obtained from the

geometric mean of two intensity measures from two ground motion components.
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6.3 Ground Motion Selection

In order to conduct the response history analyses to develop PSDMs and eventually
component fragility curves, suits of ground motions representing target geographical
locations are selected. The two “target” geographical locations are broadly defined as
Western United States, and Central and Eastern United States in this study. In the
Western US, high recurrence of earthquake provides a good source of recorded ground
motions, while in the Central and East US, there are much less number of recorded

ground motions available.

In both cloud and scaled methods, a suite of ground acceleration records is required for
the nonlinear response history analyses. Strong ground motion records can be used as
those when the region under consideration has a high seismicity and sufficient number of
recorded earthquakes is available. When there is a lack of ground motion records,
synthetic response histories may be developed by sampling on ground motion parameters
as random variables. Hwang (2000b) first introduced 10 soil samples and 10 samples of
ground acceleration response history at rock outcrop and consequently 100 earthquake-
site samples. These samples are as used inputs to software SHAKE91 to generate the
final ground acceleration response histories. Therefore, the generated histories include the
uncertainty in the soil and seismic characteristics. Choi (2002) used this suite of ground
acceleration records developed by Hwang (2000b) in building fragility curves in his

work.

Nielson (2005) developed an approximate method for creating components of the

synthetic ground motions which were not generated in component pairs and obtained the
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ground motion records for developing fragility curves in Central and Southern US
(CSUS). One suit of the synthetic ground motions targeted both levels of 2% and 10%
probabilities of being exceeded in 50 years (Wen and Wu, 2001). Of the 60 ground
motions generated, 48 were selected because this number works well with the number of
bridge samples used. Nielson (2005) also selected a series of ground motions from the
records simulated by Mid-America Earthquake Center (2004) such that a well-balanced
cross section of PGA could be attained. The second suite of synthetic ground motions
was developed as part of the research program organized out of the Mid-America
Earthquake (MAE) Center (Rix and Fernandez-Leon, 2004). The second set was
generated for scenario earthquakes for the Memphis, TN region. Using two different
source models these researchers simulated 20 ground motions for each of 11 magnitude-

distance bins (Mw: 5.5, 6.5, 7.5; R: 10 km, 20 km, 50 km, 100 km).

Padgett (2007) used a suite of synthetic ground motions simulated for the CSUS in the
absence of strong ground motions recorded for that area. Those suites were capable of
capturing such inherent uncertainties as the earthquake source, wave propagation, and
soil conditions and they are consisting of a range of PGA and spectral acceleration values
and representative of CSUS ground characteristics. The uncertainty associated with

earthquake ground motion is applied to them when generating synthetic ground motions.

Pan (2007) used ground motions representing various levels of hazard for developing
fragility curves. His work included simulating synthetic ground motions for developing
fragility curves for highway bridges in New York. Pan (2007) implemented the

Stochastic Ground Motion Simulation (SGMS) code developed for Eastern North
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America. The most significant input for the program includes magnitude-hypocentral
distance pair which can be selected on the basis of deaggregated seismic hazard (DSH)
maps from the U.S. Geological Survey interactive program. It is observed from NCHRP
maps that soil class B-C boundary is prevalent in New York State region. Hence, soil
class B-C boundary is used as input in the SGMS program to consider site amplification

effect.

Banerjee (2007) utilized sixty ground acceleration response histories in Los Angeles area
that were developed originally for the Federal Emergency Management Agency (FEMA)
SAC steel project (http://nisee.berkeley.edu/data/strong_motion/
sacsteel/ground_motions.html). This set consists of 30 pairs of earthquake records in both
strike-parallel (SP) and strike-normal (SN) directions, and categorized in 3 sets with 3

different return periods (2, 10 and 50% in 50 years).

SAC Joint Venture Steel Project (1997)
(http://nisee.berkeley.edu/data/strong_motion/sacsteel/ground_motions.html) provided a
number of ground acceleration response histories for three locations in the US, including
Seattle, Los Angeles, and Boston corresponding to seismic zones 2, 3, and 4,
respectively. These were generated for two probabilities of occurrence (2% in 50 years
and 10% in 50 years) and for firm soil conditions (NEHRP site category S,). Ground
acceleration response histories for soft soil profiles were also provided for 10% in 50
years in all locations. A collection of near fault ground acceleration records for seismic
zone 4 was also provided. All of the acceleration records that were recorded on rock or

simulated for rock site conditions were modified such that their response spectra were



178

appropriate for site category S,. This adjustment consisted of taking the ratio of soil to
rock response spectra for the appropriate magnitude and distance using the empirical
attenuation relations of Abrahamson and Silva (1997), multiplying the response spectrum
of the ground acceleration recorded on rock by this ratio to generate a soil spectrum, and

matching the acceleration history recorded on rock to this modified response spectrum.

Abdel-Mohti and Pekcan (2009) used the actual time histories obtained from PEER
(http://peer.berkeley.edu/smcat) for soil types B and D and two PGA levels (0.3 g and 0.6
g). Six ground motions were selected for each PGA level, 24 ground motions in total. The
PEER Strong Motion Database contains 1557 records from 143 earthquakes from
tectonically active regions. The PEER NGA database is an extension to the PEER Strong
Motion Database. The information presented for the recorded ground motions contains
magnitude, mechanism, shear wave velocity in the uppermost 9.1 m (30 ft) of the soil,
PGA, distance of the fault and some of detailed information about fault rupture length,

width and displacement.

The numbers of ground motions required for developing fragility curves presented by

some of the earlier studies are summarized in the Table 6-1.


http://peer.berkeley.edu/smcat
http://peer.berkeley.edu/svbin/Quake
http://peer.berkeley.edu/smcat/
http://peer.berkeley.edu/smcat/
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Table 6-1: Methodology and number of ground motion records for fragility curves

Researcher Utilized Methodology Number of Records
Hwang (2000b) PSDA 100

Choi (2002) PSDA 100
Neilson (2005) PSDA 96

Pan (2007) PSDA 100

Selection of recorded ground motion has been one of the concerns in performing
nonlinear response history analyses. Boomer (2004) categorized different types of ground

acceleration records available to engineers into three groups as follows:

1) Artificial spectrum-compatible accelerograms generated using programs such as

SIMQKE,

2) Synthetic accelerograms generated from seismological source models by accounting

for path and site effect,

3) Real accelerograms recorded from earthquakes.

Boomer (2004) outlined the issues with the first category including the high number of
cycles of strong motions and consequently unreasonably high energy content and
difficulties arising from matching the ground acceleration response history to the entire
elastic design spectrum. It was pointed out the need to engage the service of a

seismologist as the drawback of the second method.
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As pointed out by Evangelos et al. (2010), selection of recorded ground motion can be
done based on 1) earthquake magnitude (M) and distance (R), 2) spectral matching, or 3)
ground motion intensity measures. The first method considers ground motion bins based
on specific ranges of magnitude (M) and distance (R). Mackie (2003) used five bins of
20 ground motions, four of them representing far-field ground motion and one, near-field
ground motions and then filtered each component of the earthquake records to set all
sampling frequencies to 50 Hz (0.02 sec). All of these five bins of ground motions were
recorded on firm soil (NEHRP soil category D). Mackie (2003) mentioned that selection
of this type of soil provides a conservative approach to determining performance, as the
level of ground shaking on firm, dense soil (NEHRP soil categories B, C) and rock sites
(NEHRP soil category A) for an equivalent earthquake is less likely amplified in the
range of fundamental periods of vibration expected for typical bridge. Recent studies
have questioned the effectiveness of the bin method selection method (Evangelos et al.,
2010). Evangelos et al. (2010) concluded earthquake magnitude can be considered as a
criterion in the selection process of real records, but distance can be considered only as a

supplementary criterion.

The second method called spectral matching method is the most commonly used method
to select the recorded ground motions. In this method, compatibility between the response
spectra and the target spectra is being sought. Evangelos et al. (2010) mentioned that
spectral matching can be considered as a second-level selection criterion, following an

initial selection based on magnitude and distance.
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In the third method mentioned in Evangelos et al. (2010), based on ground motion
intensity measure, selection of recorded earthquake ground motions for dynamic
excitation of a particular structure must be performed in such a way that dispersion in the

resulting response quantities will remain relatively low.

Zhang (2008a) pointed out that a significant number of earthquake records need to be
selected so that a conceptually and statistically better prediction of bridge response can be
obtained. In this paper, 250 sets of earthquake ground motion records are selected from
the PEER strong motion database (http://peer.berkeley.edu/smcat) and the records are
applied in transverse, longitudinal and vertical directions simultaneously in the response

history analysis.

Baker et al. (2011) developed approaches to select standard set of ground motions for the
PEER Transportation Research Program. The set of ground motions are applicable to a
variety of systems especially systems sensitive to excitation with a wide range of periods.
All of the ground motions and associated metadata were obtained from the PEER Next
Generation Attenuation (NGA) Project ground motion library (Chiou et al., 2008). The
selected ground motions were rotated from their as-recorded orientations (the orientations
provided by PEER) to strike-normal and strike-parallel orientations. Two sets of ‘broad-
band’ ground motions were selected that have the distribution of response spectra
associated with moderately large earthquakes at small distances. A third set of ground
motions was selected to have strong velocity pulses that might be expected at sites

experiencing near-fault directivity.
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In the present study, 160 ground motions as four sets of ground motions by Baker (2011)
for the Western United States in addition to 96 synthetic ground motions used by Neilson
(2005) originally generated by Wen (2001) and Rix (2004) for CSUS are implemented.
Response spectrum variation of selected records for various categories of selected ground
motion from Baker et al. (2011) is illustrated in Figure 6-1 to Figure 6-4. Properties of
ground motions by Nielson (2004) are also presented in Table 6-2. PGA and Sal of all

ground motions are illustrated in Figure 6-5 and Figure 6-6.
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Figure 6-1: Response spectra of selected ground motion on soil with magnitude of 7 and
epicentral distance of 10 km in addition to mean and meanz standard deviation
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Figure 6-2: Response spectra of selected ground motion on soil with magnitude of 6 and
epicentral distance of 25 km in addition to mean and meanz standard deviation
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Figure 6-3: Response spectra of selected ground motion on rock with magnitude of 7 and
epicentral distance of 10 km in addition to mean and meanz standard deviation
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Figure 6-4: Response spectra of selected pulse-like ground motion in addition to mean
and meanz standard deviation

Table 6-2: Mean values of identifying properties of reduced Rix and Fernandez-Leon

(2004) ground motion suite (Nielson, 2005)

Epicentral Magnitude | PGA (g) Sa-02 (9) Duration
Distance (km)
5.5 0.16 0.3 8.19
10
6.5 0.44 0.56 13.21
55 0.09 0.17 8.72
20 6.5 0.26 0.37 13.22
75 0.51 0.62 27.16
5.5 0.03 0.06 10.72
50 6.5 0.09 0.17 16.09
75 0.23 0.34 29.02
100 75 0.14 0.22 32.18
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Figure 6-5: PGA variation of all ground motions
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Figure 6-6: Sal variation of all ground motions under 5% damping ratio
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6.4 PSDMs for Various Components

As it was mentioned earlier, probabilistic seismic demand analysis approach is utilized to
establish the probabilistic seismic demand models (PSDMs) of various bridge
components. Fragility curves of different key components in bridges are developed based
on their corresponding PSDMs. These component fragility curves are further combined to
obtain the system fragility curves. The key components for both seismically and non-
seismically designed bridges are summarized in Table 6-3. As it was mentioned in
Chapter 4, shear keys in seismically designed bridges have the maximum capacity of 1.2
times the shear forces in the column due to hinging. Accordingly, they do not fail during
nonlinear response history analyses. Elastomeric bearings at bents for seismically
designed bridges with thickness of 150 mm (6 in) have the maximum deformation limited
by the shear key gaps and since the shear keys at bents have the maximum deformation of
75 mm (3 in), the maximum shear deformation at the bearings will be at most 50%. In
other words, the bearings do not experience any damage either. Therefore, the
elastomeric bearings at bents are not selected as one of the key components for
seismically designed bridges. Regression parameters and standard deviations for various
components and for both PGA and Sal intensity measures are shown in Table 6-4 and
Table 6-5. A sample of PSDMs for columns, bearings at abutment, and abutment in
transverse direction in both seismically and non-seismically designed bridges based on
both PGA and Sal intensity measures is illustrated in Figure 6-7 to Figure 6-22. The rest

of PSDMs are shown in Appendix C. It should be noted that while developing PSDMs
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from the time history analyses, the Sal of the corresponding ground motion is calculated

based on the damping ratio of that analysis.

Table 6-3: Key components to develop system fragility curves

Class of Bridges

Seismically Designed Non-Seismically Designed
Column (Col)
Column (Col) Bearing at Abutment in Longitudinal

Direction (BAL)
Bearing at Abutment in Longitudinal
Direction (BAL) Bearing at Abutment in Radial Direction
(BAT)
Bearing at Abutment in Radial Direction
(BAT) Bearing at Abutment in Longitudinal
Direction (BBL)
Abutment in Transverse Direction (AT)
Bearing at Abutment in Transverse
Abutment in Passive Direction (AP) Direction (BBT)

Abutment in Active Direction (AA) Abutment in Radial Direction (AT)
Abutment in Passive Direction (AP)

Abutment in Active Direction (AA)




188

Table 6-4: PSDMs for various critical components (IM=PGA)

Component b Ln(a) B R?

Col 1.36 167 0.92 057

BAT 1.18 578 0.82 056

AP 2.02 4.95 1.40 0.56

Non-Seismically Designed Bridges

BAL 1.29 6.12 0.91 055

BBL 131 1.36 0.88 0.57

AT 1.12 3.38 0.89 0.50

AA 0.49 1.32 0.62 028
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Table 6-5: PSDMs for various critical components (IM=Sal)

Component b Ln(a) B R?

Col 1.20 1.25 0.56 0.84

BAT 1.06 5.44 0.48 085

AP 1.66 412 1.13 071

Non-Seismically Designed Bridges

BAL 1.18 5.79 051 0.86

BBL 1.09 0.86 0.68 075

AT 0.93 2.3 0.76 0.63

AA 0.36 1.05 0.62 028




190

Ln(p) =1.68+1.55 Lo(PGA)

-2
-4
-6
-4 -3 -2 1 0
Ln(PGA)
Figure 6-7: PSDM of column curvature ductility in non-seismically designed bridges
(IM=PGA)
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Figure 6-8: PSDM of column curvature ductility in non-seismically designed bridges
(IM=Sal)



191

Figure 6-9: PSDM of column curvature ductility in seismically designed bridges
(IM=PGA)

Figure 6-10: PSDM of column curvature ductility in seismically designed bridges
(IM=Sal)





















































































































































































































































































































































































































