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ABSTRACT

This study is part of a project to develop detailing guidelines for reinforced concrete bridge columns
and walls in areas of moderate seismicity. The research examined the ductility and behavior of
rectangular reinforced concrete bridge columns with moderate confinement. The research comprised
experimental and analytical investigation of the response of such columns when subjected to lateral

loading.

Four half-scaled rectangular bridge columns were built and tested. The geometrical dimensions and
the amount of longitudinal reinforcement were kept the same for all specimens. Each specimen was
tested under constant axial lcad while subjected to lateral load reversals with increasing drift levels.
The lateral loading was quasi-static and uniaxial in the column strong direction.

Two parameters were varied: the transverse steel reinforcement amount and the axial load level.
Based on the amount of lateral steel, the specimens were divided into two groups. The transverse
reinforcement ratios, 4, /(s. 1}, in the long direction for the two groups corresponded to 42 percent
and 34 percent of the minimum lateral reinforcement required by AASHTO for seismic detailing.
The applied axial loads were approximately 0.1 "4, and 0.25 /"4, The specimens exhibited
moderate displacement ductilities ranging between 4 and 7.

In the analytical study, several existing models pertaining to the concrete siress-strain relationship
and the plastic hinge length were utilized and compared. For unconfined concrete, the Kent and Park
mode] was used. On the other hand, the modified Kent and Park model and the model by Mander
et al. (as modified by Paulay and Priestley) were utilized to represent the constitutive relationship
of confined concrete. The eguivalent plastic hinge length was calculated using two different models,
the Baker's model and the model by Paulay and Priestley. The analytical study revealed that for
rectangular bridge columns with relatively low axial loads and mioderate confinement, it is possible
to predict with reasonable accuracy the response of the columns to lateral cyclic loading.
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SECTION1
INTRODUCTION

1.1 Bridge Design Philosophy in Seismic Zones

Structures in earthquake-prone areas should be designed to withstand strong earthquakes without
collapse. For the majority of structures, it is often more economical to dissipate the large seismic
energy through inelastic deformations. This can be accomplished by plastic hinging at
predetermined locations of a structure.

Bridge structures should remain functional after large earthquakes. This requires that bridge
superstructures do not undergo plastic deformations and that bridges maintain their gravity loads
carrying capacities. Thus, inelastic deformations in bridges should be accommodated through the

formation of plastic hinges in the columns.

In the case of reinforced concrete bridge columns, it is necessary to allow for relatively large
ductilities without sudden shear failure or significant strength degradation. It is well established that
high ductilities could be achieved in reinforced concrete members by furnishing adequate lateral
confinement steel. When properly detailed, lateral steel would provide higher ductilities, prevent
premature buckling of main reinforcement, and avert shear failure.

1.2 Current Seismic Provisions

Different methods are available for the design of confinement reinforcement. A summary of the
methods for the plastic hinge region of rectangular columns is presented in this section. Note that
the required steel areas need 1o be satisfied for each orthogonal principal direction of the column

section.
1.2.1 American Concrete Institute (ACI)

The American Concrete Institute (2) provisions consider a structural member to be a column if the
axial load index, P,/ (/. Ag), exceeds 0.1 . Parameters P, , /', and A, are the factored axial Joad,
concrete compressive strength, and the gross cross sectional area of the member, respectively.
Bridge columns typically meet this requirement. The minimum total cross sectional area of
rectangular hoops and cross ties is the greater of

t‘[ A
4, - 035}1;& S (1-1)
-fy[ Ach
and
4, - O.OQShc-ff— (1-2)
»h



where

s = spacing of transverse reinforcement along the axis of the member.

h, =  cross-sectional dimension of column core measured center-to-center of conﬁmng
reinforcement.

A, gross area of section.

A cross-section area of a structural member measured out-to-out of transverse
reinforcement.

fin = specified yield strength of transverse reinforcement.

The general purpose of the requirements is to improve ductility of concrete. The above equations
intend to provide the same degree of confinement as that in spiral columns. In the ACI equation for
spiral reinforcement, the lateral confining pressure provided by the spiral on the core concrete is
based on axially loaded columns. The spiral is proportioned so that the compressive strength lost
by the spalling of the cover concrete is equal to the additional compressive strength provided by the
core concrete due to the lateral pressure exerted by the spiral when it is stressed to yield.
Considering that ACI provisions are generally for building design, the applicability of the
requirements to bridge columns is not addressed in the code. The spacing of lateral reinforcement
is limited to the smaller of 100 millimeters (4 inches) or one-quarter of the minimum member

dimension.

1.2.2 American Association of State Highway and Transportation Officials (AASHTO)

The current provisions of AASHTO (1) are adepted from those of ACI. The lateral steel area is
based on Equation 1-1, but Equation 1-2 has a coefficient of 0.12 instead of 0.09. The maximum

- spacing limits in AASHTO are the same as those in ACIL.
1.2.3 California Department of Transportation (CALTRANS)

The CALTRANS (5) provisions specify Equation 1-1 as cne of two expressions for the minimum
area of transverse reinforcement. The other equation is:

A P |
A, = 0125 h — f 0. . I’ (1-3)
Y j; Ag
where
s, = spacing of transverse reinforcement along the axis of the member.
P, = axialload

€

Equation 1-3 acknowledges that tests have shown that confinement requirement should be a function
of the magnitude of axial force. This equation is adopted from the New Zealand Code. A minimum
spacing of 50 mm (2 in.) is specified for the transverse steel. The maximum spacing limit is the
smallest of one-fifth of the column section dimension, 200 mm (8 in.), and six times the longitudinal
bar diameter. The last limit is to prevent buckling of the column bars. These limits apply regardless



of whether the lateral reinforcement is controlled by shear or confinement.

i.2.4 Paulay and Priestley

Based on research work on bridge columns conducted at the University of Canterbury, New Zealand,

Zahn et al. and Watson et al. (24, 23) derived an equation relating the amount of confinement steel

in columns to the applied axial load and the required curvature ductility. Paulay and Priestley (15)
simplified the equation as follows

. shifﬁ( P -0.03) (1-4)

e J; Ac _foAg
where & = 0.35 for a required curvature ductility g, = 20 and k= 0.25 when g, = 10. Other values
may be found by interpolation or extrapolation. :

In addition to the axial load, this equation depends on the expected curvature ductility demand. The
flexibility provided by including the ductility demand makes the expression useful for not only
bridge columns which experience large drifis but also those which are in areas of moderate
‘seismicity where the ductility demand may be lower. For low values of the axial load index,
P,1(f,' Ay, the confinement requirements become relatively small and shear will control the design.
The maximum spacing of the confinement bars is limited to the smallest of one-third of the minimum
column dimension, six times the longitudinal bar diameter, and 180 mm (7 in.).

t

1.2.5 New Zealand Code

The New Zealand code (22) specifies the larger of steel area from two expressions both of which are
functions of the axial load. The total area of transverse bars in each direction is the larger of

A ’ 125 P
A, =03 shc{m"i ! )fa 05 - = (1-5)
A fy), (Pj;rAg

and the steel area from Equation 1-3. These equations are similar to the AASHTO requirement
except that they are modified by the factor which reflects the effect of axial load. The vertical
spacing of the transverse steel is limited to the smallest of six longitudinal bar diameter, one-fifth
of the minimum dimension of the column section, and 200 mm (8 in.).

c

1.2.6 Commission of the European Communities

A draft document for the seismic design of bridges was prepared in March 1994 by the Commission
of the European Communities {6). In this document, bridge piers with an axial load index 0f 0.08
are required to be detailed to provide concrete confinement in the plastic hinge region. A mechanical
reinforcement ratio is defined for each direction of the column as foilows:



. o L | (1-6)

"

where

p. =  transverse reinforcement ratio
A /sb

A4, =  total area of hoops or ties in the one direction of confinement

b =  dimension of the concrete core perpendicular to the direction of confinement under
consideration, measured to the outside of the perimeter hoop

s =  design strength of longitudinal reinforcement

fu =  concrete compressive design strength related to the specified compressive strength,
f;f

The reinforcement ratio is determined from
T A -
®,, = 1.30({0.15- 0.01p) A‘ (ne - 0.08) > 0.08 (1-7)
o

where

i, = required curvature ductility

A, gross concrete area of the section

A, =  confined (core) concrete area of the section

n, =  normalized axial load ' (

N, = axialload

f =  characteristic concrete strength

The minimum amount of transverse ties is specified as

X
:é‘. . .____IJZ;{;‘ (mm */m) (1-8)
.67,
where
A, =  areaofone leg tie, mm?
s = distance between tie Jegs, mm®
B4, =  sum of the areas of the longitudinal bars restrained by the tie, mm?
S = yield strength of tie
Jis =  yield strength of the longitudinal reinforcement

The vertical spacing of the transverse steel is limited to the smaller of six longitudinal bar diameter
and one-fifth of the minimum dimension of the column core section.



1.2.7 Example Bridge Column

To compare the confinement steel designed based on different guidelines, a representative
rectangular bridge columns was designed. The cross section of the column excluding the transverse
reinforcement is shown in Figure 1-1. The longitudinal steel ratio in this column is approximately
2.2 percent. The concrete compressive strength was assumed at 27.6 MPa (4,000 psi) and the steel
yield stress was assumed at 414 MPa (60,000 psi). The confinement steel ratio was determined as
a function of the axial Joad ratio using different guidelines. The ACI and AASHTO minimum

transverse steel requirements for gravity loads only were also included in the analysis.

1220 mm
[ (48") t

r“""' 8 e L] & ] L] o
el

B~ L]

38 |- .
Er

® & 8 @ @ s &

18-825 mm (211) —J

Figure 1-1 Cross Section of the Example Column

Figure 1-2 shows the results. The confinement steel ratios based on Paulay and Priestley's method
are for an assumed column height of 6.1 m (20" and for displacement ductilities, y,, ranging from
210 8. Notice that the value of the multiplier & in Equation 1-4 depends on the curvature ductility.
To present the plot of Equation 1-4 in terms of displacement ductility, a plastic hinge length of 610
mm (24"} was assumed for the example column. The plastic hinge length is equivalent to one half
the section depth as recommended by Paulay and Priestley (15). For low values of axial load, shear
and not confinement would control the amount of lateral reinforcement. Future provisions for some
of bridge columns which are located in areas of moderate seismicity could perhaps requife
reinforcement ratios which may be in between the gravity load design and the seismic design
requirements. Note that the ACI and AASHTO requirements are independent of the level of axial
load, whereas CALTRANS results depend on the axial load level although to a lesser degree than
the results based on Paulay and Priestley. .,

For the example column, it can be seen in Figure 1-2 that the lateral reinforcement ratio required by
AASHTO for seismic design is 33 percent more than that required by ACI. Moreover, for an axial
load index of less than 0.4 which is-typical in bridge columns, AASHTO seismic specifications
require more transverse steel than that required by CALTRANS. The difference between AASHTO
and CALTRANS requirements decreases as the axial load index approaches 0.4. At relatively low
axial loads, the equation given by Paulay and Priestley results in a reinforcement ratio that is
considerably less than those required by the codes. For instance, at an axial load index of 0.2 and
a displacement ductility of 8, the calculated lateral steel ratio for the example coflumn according to
the equation by Paulay and Priestley is 33 percent less than the minimum ratio required by either

5



ACI or CALTRANS and 50 percent less than the minimum ratio required by AASHTO.
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Figure 1-2 Confinement Steel Requirements for Different Design Methods

+

1.3 Review of Previous Works

Because of the apparent similarity of the confinement provided by square ties to that of the
rectangular ties and due to a lack of experimental data on the earthquake response of rectangular
columns, a review of previous cyclic load tests of square columns with rectilinear ties and cross ties
was conducted (3, 12, 13, 16, 19, 21). Figure 1-3 shows a summary of the peak displacement
ductilities in terms of the axial load index, P, / (1" 4,), where P, , 7., and A, are the applied axial
load, concrete compressive strength, and the gross cross sectional area of the member, The numbers
in the figure refers to the names of the first authors of the publications from which the data were
obtained. The ductilities are the maximum values attained by specimen failure or by terminating the
test. Table 1-1 presents the main data from each reference. It can be seen that the material properties
are generally in the range of the values used in bridge columns, and the dimensions may be thought
of as being one-fourth to one-half scaled representation of prototype bridge columns. The
longitudinal steel ratios in the specimens tested by Ozcebe and Sheikh are somewhat lazger than

what is usually used in bridge columns.

The axial Joad ratio for bridge columns is typically less than 0.3. It can be noted in Figure 1-3 that
for moderate ductility demand of the order of 2 to 4, and for columns with a relatively small axial
load ratios, very little data are available on specimens with rectilinear transverse steel. This is
particularly true in light of the fact that the data points marked by "4" are for columns with a

6



longitudinal steel ratio which is higher than that of bridge columns.
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Figure 1-3 Available Test Data for Cyclic Response of Square Columns

1.4 Objective and Scofle

The objective of this study was to investigate the ductility of reinforced concrete bridge columns and
develop detailing guidelines for areas of moderate seismicity. Because it was observed that the
amount of test data on circular and square columns may be sufficient, the focus of the research is on
rectangular columns. To investigate moderate ductilities of rectangular bridge columns, limited
Jateral reinforcement below the minimum reguired by current codes for seismic design was studied
experimentally and analytically.

Four half-scaled rectangular bridge columns were built and tested. The geometrical dimensions and
the amount of longitudinal reinforcement were kept the same for all specimens. Based on the
amount of lateral confinement, the specimens were divided into two groups, Group I (Specimens Al
and A2) and Group II (Specimens B1 and B2). The lateral confinement for the specimens in Group
I and Group II corresponded to about 40 percent and 60 percent, respectively, of the current
AASHTO seismic requirement. The column specimens were tested under constant vertical axial
Joads representing the dead load of the superstructure. Columns Al and B1 were each subjected to
an axial Joad of 0.1 f ', 4, . For columns A2 and B2, the axial load was increased to 02577, 4,. The
specimens were subjected to cyclic lateral loads with increasing drift levels. Bending was about the
strong axis of the columns.



Table 1-1 Specimen Data of Previous Research

Specimen
235 ?;04; 105 20 8
Azizi
414
2 -
1.29 (60) 1.95 30 5
15 (‘49_’7) 1.79 %6 6
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2
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SECTION 2
DUCTILITY OF REINFORCED CONCRETE COLUMNS

2.1 Introductory Remarks

‘Ductility of a structural member can be described as the ability of that member to deform beyond
the elastic limit without significant strength degradation. Ductility is usually defined as the ratio of
ultimate deformation to yield deformation. Thus, curvature ductility p, of a section is the ratio
¢,/0, where g, and ¢, are the ultimate and yield curvatures, respectively. Similarly, displacement
ductility, g,, is the ratio of the displacement at uitimate to the displacement at yield, A, /A, .

As mentioned earlier, ductility of bridge columns is essential in seismic design of bridges. The
formation of plastic hinges in bridge columns allows for the dissipation of seismic energy through
inelastic deformation and prompts the bridge system to "aftract" smaller lateral loads under

earthquake motion.

The ability of reinforced concrete columns to deform beyond the elastic limit and the ultimate
deformation that can be reached depend mainly on the level of confinement of the core concrete.
The confinement provided by lateral hoops and cross ties delays the spalling of the core concrete and
allows concrete to attain higher strains.

2.2 Concrete Stress-Strain Models

To calculate the failure displacement, a representative constitutive model for concrete is needed. The
primary features of the stress-strain relationship for concrete are the peak stress and the failure strain.
Other parameters such as the shape of the stress-strain relationship do not generally affect the
outcome (15). The peak stress and the failure strain are both sensitive to the amount and distribution
of the confinement steel. Many models have been developed for the constitutive relationship of
confined concrete, the majority of which are based on compression loading of test specimens (9, 11,

18, 20).

Rased on a review of different models and their applicability to rectangular hoops, two confinement
relationships, the modified Kent and Park (9) and the other by Mander et al. (11), were selected for
this study. Compared to the test data on square columns described in previous sections, these models
appear to provide the upper and lower bound estimates of displacement ductilities. These models

are briefly described herein.
2.2.1 Modified Kent and Park (9)

In this model, strength and ductility of core concrete are enhanced by the confinement provided by
transverse hoops. The model consists of an ascending parabolic branch and a descending straight
branch. The concrete strength, K £', is reached at a strain of 0.002 XK. K is defined in Equation 2-2.

The stress-strain relationship is



(1) For e, < 0.002K:

2e € ?
- Kf { € _ c (2_})
1= X |0.002K ( 0.0021()
P.J,
K«1.-22 2-2)
/.
(i1) For e, > 0.002K:
f. = Kf' [ 1-2e, -0 oozK)] > 02Kf (2-3)
zZ - 0.5 |
3. 0.268f " MP 2-4
o0 3, L - 0002k () -
. 14577 - 1000 477N s,
where:
€, strain of confined concrete
f. = stress of confined concrete
fo' = unconfined concrete compressive strength
S =  yield stress of the confining steel
ps = lateral steel volumnetric ratio measured to outside of hoops
k" = width of confined core measured to outside of hoops
$, =  centerto center spacing of hoop sets

2.2.2 Mander et al (11) as Modified by Paulay and Priestley (15)

In this model, the strength of confined concrete, £, is related to the confining pressure, f;', provided
by the lateral reinforcement. For circular sections, or square sections of equal confining steel in both
directions, the confined concrete strength is

7.947  2f)
Sl =S/} -1.254 + 2254 |1, _ﬁ M | (2-5)
‘f;f 'f;f .
where:
J.' = unconfined concrete compressive strength

For a rectangular section with unequal lateral steel ratios along the depth and the width of the cross
section (x and y directions), the confining pressures f,,'and f;,, in the x and y directions, respectively,
can be found as follows

fb:’ = K:r pxﬁ»h (2“6)
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ﬂ.vi ® Ke.v pyf.vh 2-7)

where

K, = confinement effectiveness coefficient in the x direction
K, =  confinement effectiveness coefficient in the y direction
p. =  volumetric ratic of lateral steel in the x direction

p, =  volumetric ratio of lateral steel in the y direction

£, =  yield stress of lateral steel

Once the confining pressures in both directions are found, the confined concrete strength can be
found from a set of curves. Those curves were based on multiaxial failure criterion and were verified
by comparing the solution to triaxial tests results.

The strain, e, , at maximum stress is given by

e .= 0.002]1-5 e 4 | (2-8)

JFCI

To find the ultimate strain of concrete at failure, Mander et al. applied a strain energy approach. In
this method, the longitudinal compressive concrete strain at failure corresponds to the first fracture
in the hoops. In addition to the monotonic stress-strain model, Mander et al. also presented a stress-
strain relationship for confined concrete under cyclic loading including the effect of strain rate on
the stress-strain curves. A detailed description of the model is presented in Reference 11.

Paulay and Priestley (15) adopted a modified version of the Mander et al. model to represent the
stress-strain behavior of confined concrete under monotonic loading. In the modified model, the
stress-strain curve, confined strength, and strain at confined strength are kept the same as in the
original model. However, the modified model prescribes a lower conservative ultimate concrete
compression strain as foliows

1.4
e, = 0.004 . el (2-9)
r
where

€., =  Steelstrain at maximum tensile stress
Moreover, Paulay and Priestley suggested a confinement coefficient &, 0of 0.95 for circular columns,
0.75 for rectangular columns, and 0.60 for rectangular walls.

2.3 Verification and Comparison of Concrete Models
The displacement ductility of the selected square test specimens that were presented in Section 1.3

was calculated based on the confined concrete models described in the previous sections. Those
columns were selected for the analysis because of their relatively low axial load index which would

11



be representative of axial load index in bridge columns. Measured concrete and steel properties were
used when they were reported. Otherwise, the specified values were used. The "yield" displacement
was calculated by including the rigid body rotation of the columns due to bond slip. The bond
strength was assumed to be 20 \/f;’/db (MPa} (10). The plastic hinge length was assurmed to be that
recommended by Paulay and Priestley (15) as follows

I - 008+ 0022d,f  (MPa) - (2-10)
where

[, =  plastic hinge length

/ = length from maximum bending moment to inflection point

d, =  diameter of longitudinal bar '

S, = Yyield stress of longitudinal reinforcement

Eguation 2-10 is based on tests of reinforced concrete columns, and it implicitly accounts for the
effect of bond slip.

Comparison of calculated and measured ductilities for the selected tests are presented in Table 2-1.
A ">"in the measured column indicates that the specimen did not necessarily fail at that ductility
level. The "<" for the last specimen indicates that the ductility of 6 was accomplished only for one
cycle followed by a drastic strength degradation.

Table 2-1 Calculated and Measured Ductilities of Square Columns

L]

Specimen
6.6 13.7 8
Azizi
7 5.6 5
5.9 10.4 6
Priestley
: 4.1 11.6 7
8.6 12.6 2
Czcebe
8.7 15.7 >6.5
3.2 9.5 >6
Park
2.3 7.3 g
3.6 9.6 10
Scesianawati
2.5 4.0 <6

&7 Mander et al. as modified by Paulay and Priestley
@} Modified Kent and Park
%} Measured

12



The first specimen shown for Ozcebe was reinforced only with perimeter tie bars which is not
representative of the current practice. Concrete constitutive models implicitly assume that the lateral
bars are distributed within the section. As expected, the measured ductility capacity of this specimen
was very low. A comparison of the measured and calculated ductilities shows that the measured
values were generally within the limits predicted by Mander et al., as modified by Paulay and
Priestley, and the modified Kent and Park. The modified Kent and Park model led to upper bound
estimates of ductilities. The results suggest that the Mander's model, as modified by Paulay and
Priestley, would provide a reasonable and a lower bound estimate of the displacement ductilities.

13



SECTION 3
EXPERIMENTAL STUDIES

3.1 Introduction

Four half-scale rectangular bridge columns were designed, constructed, and tested in the course of
this research. Two parameters were varied in this study: the transverse steel reinforcement amount
and the axial load level. Each specimen was tested under constant axial load while subjected to

lateral load reversals in the strong direction of the column.

The specimens were designed to attain moderate ductility capacities before significant reduction in
strength, To accomplish this, reduced amounts of confining steel below that required by the codes
(1, 5) for bridge seismic design were selected. Based on the maximum lateral loads expected to be
reached during the tests, the selected amounts of transverse steel were checked to ensure that the
shear capacity of each specimen exceeded the coresponding shear demand to prevent shear failure.
Other details pertaining to lateral and vertical spacing of ties, minimum size of tie bars, and
extension of standard hooks were maintained according to code requirements.

3.2 Design of Test Specimens

The column specimens were designed to represent half-scale models of the prototype rectangular
column discussed in Section 1.2.5 of this report. The columns were supported by rectangular
footings which would transfer the applied lcads to the strong floor of the testing laboratory. Rocking
of the footing under lateral lcads was prevented by tie-downs holding the footing to the floor. Each
column was assumed fixed at the bottom end where it connected to the footing and hinged at the top
end where the lateral load was to be applied. The loading point represented the column inflection
point. Figures 3-1 and 3-2 present the final design of the test specimens in Group I and Group 11,
respectively. Following are the steps taken in designing the test specimens.

3.2.1 Column Cross Section

All four specimens had the same cross sectional dimensions and identical longitudinal reinforcement.
Each test column was 380 mullimeters (15 inches) wide by 610 mm (24 in.} deep and was reinforced
with 18- ¢19 mm (#6) bars, resulting in longitudinal reinforcement ratio, p;, 0f 2.2%. The specified
concrete compressive strength and steel yield stress were 27.6 MPa (4,000 psi) and 414 MPa (60,000

psi), respectively.
3.2.2 Column Height

To determine the height of the column specimens, two main factors were considered: the prototype
height and the constraints of the testing facility. A height of 2050 mm (6.7 ft) was selected for the
column specimen. The loading assembly at the top of the specimen increased the moment arm by
305 mm (12 in.), thus making the height from the horizontal loading point to the top of the footing

~
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2355 mm (7.7 ft). For bridge columns bending in single curvature under lateral loads, this height
would correspond to a prototype column height of approximately 4700 mm (15 fi). For columns
which bend in double curvature, the corresponding full-scale column height would be approximately

8400 mm (30 ft).
3.2.3 Transverse Reinforcement

To design transverse reinforcement in the potential plastic hinge zone, the minimum amount required
by AASHTO was first caleulated according to Section 1.2.2 of this report. Based on Equations 1-1
and 1-2 with a modified coefficient of 0.12, it was found that the minimum required lateral steel ratic
A /(5. h.), would be 0.008. For a transverse steel ratio of 0.004 (one-half of AASHTO requirement)
and an axial load index of 0.25, Equation 1-4 given by Paulay and Priestley would predict a
- moderate displacement ductility of about 4 as can be seen in Figure 1-2. Based on this analysis, it
was decided to fumnish the test specimens with lateral confinement ratios in the vicinity of one-half
of the minimum AASHTO requirement.

To prevent premature buckling of longitudinal bars, an upper limit on hoop set spacing, s, was set
at six times the longitudinal bar diameter (€4;) resulting in a limit of 114 mm (4.5 in.). Each tie set
in the potential plastic hinge zone of the test specimens consisted of 1- ¢ 6 mm (#2) perimeter hoop,
2- ¢ 6 mm (#2) cross ties in the long direction, and 2- ¢ 10 mm (#3) cross ties in the short direction
(Figures 3-1 and 3-2}. Such arrangement aliowed for the engagement of all longitudinal bars along
the short side of the column, and every other longitudinal bar along the long side of the column. The
perimeter tie free ends were 135° bends whereas the cross tie had 135° bend on one end and 90°
bend on the other. In all cases the bend extension was equivalent to ten times the bar diameter. A
scaled down concrete cover of 28 mm (1% in.) was employed. For the specimens in Group I
(Specimens Al and A2) the tie set spacing was set at 110 mm (4.25 in.) corresponding to a
transverse reinforcement ratio in the long direction of 0.0033 or 42 percent of the minimum
confinement steel required by AASHTO. In Group II (Specimens B1 and B2) the spacing of the tie
sets was reduced to 83 mm (3.25 in.) resulting in a transverse reinforcement ratio in the long
direction of 0.0043 or 54 percent of the minimum AASHTO requirement. In the short direction, the
lateral steel reinforcement ratios were 0.0034 and 0.0044 for specimens in Group I and Group 11,
respectively. These ratios correspond to 42 percent and 55 percent of the minimum requirement by
AASHTO. The lateral steel ratios for the test specimens inside the potential plastic hinge regions
are presented in Table 3-1.

Table 3-1 Lateral Steel Ratios inside Potential Plastic Hinge Regions of Test Specimens

Lat :ﬁ'fésiéél'Réfib?w e

Specimen " Long Dirsction B tD
Group I (Specimens Al & A2) 0.0033 0.0043
Group I (Specimens B1 & B2) 0.0634 0.0044
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Based on the described transverse steel arrangements, the shear capacities inside the plastic hinge
region of the test specimens were calculated and compared with the shear demands. The nominal

shear capacity, V,, was found from the following equation (1):

Vn = Vc * V.r (3 -1 )
where

V. = concrete nominal shear capacity

V, = steel nominal shear capacity

¥

V,1s given by

y . Al | (3-2)
: s
where
A, = area of shear reinforcement
fy = yield strength of shear reinforcement
d = distance from extreme compression fiber to centroid of tension reinforcéement
s = spacing of shear reinforcement in direction parallel to main reinforcement

When plastic hinging occurs, the nominal shear capacity of concrete is reduced due to the formation
of flexural-shear cracks and is in inverse proportion to the ductility level. Consequently, the code
equations (1) to calculate ¥, for non-seismic loads are not applicable. A method used by
CALTRANS (25) relates V, to the level of confinement, ductility ratio, and the applied axial Ioad

as follows

Vo= 0.083 (F)(F) \/j?Ae < 0.332\/1?.@ (MPa) (3-3)
V, s FYE)A, < a/f4, (psi) (3-4)
where
F, factor that is proportional to the level of confinement and inversely proportional to
the ductility ratio. It ranges between 0.3 and 1.0
F, factor that depends on the applied compressive axial stress. It ranges between 1.0
for zero axial stress and 1.5 for a compressive stress of 6.9 MPa (1000 psi)
A, = effective concrete area which is equal to 80% of the gross cross sectional area of
the column

Priestley et al. (17) presented a different model to calculate the shear capacity. According to this
model, the shear resistance is provided by three components as follows

Vo=V, -V, 7, (3-3)
where
V. shear force carried by concrete

[

Vi

il

shear force carried by truss action (lateral reinforcement)
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~
!

=  lateral component of compression strut in the column due to the applied
~ compressive axial load

Priestley's method is adopted in the Seismic Retrofitting Manual for Highway Bridges (7) with a
simplified term for ¥,. In Reference 7, the shear capacity components for rectangular columns are

obtained as follows

V- v, (3-6)
Ard
V.- "fy cot 6 (3-7)
£
VP =02P _ (3-8)

A fis d, 5, and A4, are the same as defined in Equations 3-2 and 3-3. 6 is the angle between the
column axis and the diagonal concrete compression strut (8 is considered 45° in ACI-318). v, is
depends on the attained ductility of a cross section and is obtained as follows

(i)  Fornon-ductile regions and for plastic hinge regions where the displacement ductility of the
column u, < 2:

v, = 029.[f' (MPa) - 354 (osi) (3-9)
(i1) For plastic hinge regions where the displacement ductility of the column y, = 4:
v, = 01,ff' (MPa) - 12 [ (s (3-10)

(iii} For displacement ductilities between 2 and 4, a linear interpolation is used.

To estimate the shear demand, the ideal moment capacity of each specimen was first calculated. The
nominal moment capacity is defined as the moment capacity of a concrete member without taking
into consideration the over strength due to confinement (14). Considering that the specimens were
moderately confined, the over strength factor was assumed to be 20%. Having the over strength
moment capacity and the moment arm, the shear demand was calculated and compared to the shear
capacity. It was found that the specimens would be safe in shear. Table 3-2 presents the estimated
shear demand and shear capacity inside the plastic hinge region for all four specimens.

3.2.4 Footing Design

The reinforced concrete footings were designed such that no flexural yielding and/or shear failure
would occur under the estimated extreme loading conditions. For ease of construction and setup,
a uniform footing design was adopted for all four specimens. The specified concrete compressive
strength and the steel yield stress were 27.6 MPa (4,000 psi) and 414 MPa (60,000 psi), respectively.
Each footing was 2.44 meters (8 feet) Jong by 1.83 m (6 1) wide by 0.71 m (2.33 ft) deep.
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Table 3-2 Estimated® Shear Demand and Shear Capacity of the Test Specimens

Specimen .
Al 246 100 346 246 596

(55.3) {22.5) (77.8) (55.3) (21.9) (28.8) {106.0} (72.6)

A2 246 123 371 246 151 497 824 368
{(55.3) (28.1) {83.4) (55.3) {21.9) {72.0) (149.2) (82.7)

B1 322 100 422 322 151 199 672 323
(72.3) (22.3) (54.8) {72.3) (21.9) (28.8) (123.0) (72.6)

. 322 125 447 322 51 467 970 368

- (72.3) (28.1) (100.4) (72.3) (21.9) (72.0) (166.2) (82.7)

*  Based on specified material properties
**  Based on B = 45°

Since rocking was prevented by means of tie-downs, the footing was designed for positive and
negative bending moments in both directions. Flexural reinforcement consisted of identical top and
bottom steel mats. Each mat comprised 8- ¢ 25 mm (#8) bars in the long direction and 10- ¢ 25 mm
(#8) bars in the short direction. The bar ends consisted of a 90° bent plus a 405 mm (16 in.)
extension. The concrete cover was 75 mm (3 in.) on all sides. Shear reinforcement was not provided
in the footings because it was found that the nominal shear capacity of the footing concrete exceeded
the shear demand. A typical footing is shown in Figure 3-3.

3.3 Construction of Test Specimens

The specimens were built in pairs at the laboratory. The footings were constructed on a flat plywood
platform to provide a smooth bottom surface and to protect the concrete floor of the laboratory.

The footing form was erected then a layer of form release oil was applied to the plywood surfaces
that would be in contact with concrete. The pre-assembled bottom mat of the footing reinforcing
steel cage was lifted and placed inside the mould. To facilitate the placement of column ties inside
the footing, the column main reinforcement was instalied before placing the footing top steel mat.
Although the footing depth was ample to develop the column main bars, all embedded column bar
ends inside the footings were provided with 90° bends and 250 mm (10 in.) extensions for added
anchorage and ease of construction. Prior to pouring conerete, six- ¢ 75 mm (3 in.) by 740 mm (28
in.) long plastic sleeves were placed vertically inside the footing mould to allow for the passage of
tie-down and axial load Dywidag™ bars later during the test.

The concrete was ready mixed and was supplied by a local batch plant. Concrete slump was always
measured prior to pouring. Slump measures are reported in Section 3.4 of this report. The footing
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concrete was poured and vibrated in 350 mm (13 in)) lifts then the surface of the footing was
troweled to a smooth finish. Nine 150 mm (6 in.) diameter by 300 mm (12 in.) concrete cylinders
were sampled for every footing. The footings were moisture cured for seven days.

The column steel cage was completed by tying the transverse steel around the main bars extending
- from the footing then the column forms were fitted in place. Figure 3-4 presents a completed steel
cage prior to pouring of footing concrete. To facilitate the installation of LVDT's (linear variable
differential transformers) along the potential plastic hinge length, five pairs of ¢ 6 mm (0.25 in.) by
710 mm (28 in.) long galvanized threaded rods were placed horizontally through the mould. The
rods were positioned parallel to the long side of the column at predetermined height intervals and
they extended about 50 mm (2 in.) outside the column face at both ends. Plastic cones were fitted
at both ends of each rod to form cavities in the cover concrete around the rods, This was needed to
prevent deviations in the LVDT readings during spalling of the column cover concrete. Four $ 35
mm (1% in.) A325 anchor bolts were placed vertically at the top of thé column mould to allow for
the hook up of the loading mechanism. For added anchorage, the bolts were fully threaded and were
fitted with 100 mm x 75 mmx 6 mm (4 in. x 3 inx 0.5 in.} anchor plates at the embedded ends.
Each bolthad a 530 mm (21 in) embedded Jength and 100 mum (4 in.) extension above the top of the
column. The column concrete was placed and vibrated in 460 mm (18 in.)} lifts, then moisture cured
for seven days. Similar to the footings, nine concrete test cylinders were taken f6r each column.

Figure 3-4 Reinforcement Cage of a Test Specimen
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3.4 Material Properties

In order to evaluate the column test resuits, material tests were carried out to determine the actual
material properties of concrete and steel.

The concrete compressive strength was obtained from compression tests of the concrete cylinders.
For each batch, sets of three cylinders were tested at seven days, twenty eight days, and on the day
of testing of the column specimen. Concrete slump and compressive strength results are presented
in Table 3-3,

Table 3-3 Measured” Concrete Properties

Concrete Concrete .Slu_'mp Concretjfﬁ”‘?ngths
Specimen Location mm (in.) I\TPaC(KSi)"
Al Footing 38 (1.5) 31.7 (4.60)
A2 Column 56(2) 27.2(3.95)
gy |  Footing 50 (2) 29.7 (4.30)
B Column 50(2) 28.1(4.08)

*  Average values on the day of testing
= 2

Tensile tests of the reinforcing steel were carried out for bar sizes ¢ 6 mm (#2), ¢ 10 mm (#3), and
$ 19 mm (#6). For each bar size, three specimens were tested. Figures 3-5 to 3-7 present the
measured stress-strain relationships for bar sizes ¢ 6 mm, ¢ 10 mum, and ¢ 19 mm, respectively. The
average measured stress-strain values of the three bar sizes are shown on the same plot in Figure 3-8
and the average measured steel properties are also summarized in Table 3-4,

Table 3-4 Measured Steel Properties

S @yild .| @Ultimate
BarSize | & | gfodrags) | e | L MPags)
¢ (6#;3“’ 0.0023 455 (66) 0.160 676 (98)
¢ 1(23?”‘ o002 428 (62) 0.121 738 (107)
¢ ](2 6”)““ 0.0022 448 (65) 0.110 731 (106)
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3.5 Instrumentation

The specimens were instrumented with an array of strain gages, LVDT's, and load cells. The
instrumentation arrangement was nearly identical in the four specimens. In all, twenty eight strain
gauges, eleven LVDT's, and three load cells were used to collect data from each test.

In each column specimen, eight fongitudinal bars and three tie sets were instrumented with strain
gages. Longitudinal bars with strain gages were placed in the first and the last two steel layers as
shown in Figure 3-9. Each instrumented longitudinal bar was fitted with two strain gauges, one at
the interface of the column and the footing, and the other at mid-distance between the first and the
second tie sets from the bottom of the column.

To study the effectiveness of the confining steel, the first three tie sets from the bottom of the column
were fitted with strain gages. For each tie set, four gauges were attached as follows: one gage at
each short side of the perimeter tie, one gage at one long side of the perimeter tie, and one gage at
one of the long cross ties. The strain gage arrangement in the transverse steel is shown in
Figure 3-10.
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Figure 3-8 Strain Gaging of Longitudinal Bars
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To measure strain in the concrete and section curvature along the potential plastic hinge zone, five
pairs of LVDT's were fitted within a height of 685 mm (27 in.) from the bottom of the column. This
height was divided into five intervals representing five gage lengths as shown in Figure 3-11. In
each interval, two LVDT's were placed, one at each side of the column. Based on the gauge length,
different range LVDT's were selected. The bottom 76 mm (3 in.) and 100 mm (4 in.) gage lengths
were fitted with =13 mm (20.5 in.) and £25 mm (21 in.) range LVDT's, respectively. The top three
gauge lengths were all fitted with 50 mm (=2 in.) range LVDT's.

The lateral deflection of the column was measured along the centerline of the hydraulic actuator
applying the lateral Joad. This was accomplished through the actuator LVDT.

To measure the axial load applied by the two Dywidag™ prestressing bars, a load cell was installed

under the top anchor mechanism of each bar. The lateral load applied at the top of the column was
measured by means of the actuator load cell.
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Data from strain gages, LVDT's and load cells were collected and recorded by means of a Megadac
Model 5033 A data acquisition system. The system was set to-scan arid record instrument readings
at a rate of one reading per second. Data recording could be stopped and resumed at any instant
during the test.

3.6 Test Setup

The test specimen was lifted and set at the test location. To level the specimen and to provide full
contact between the footing and the floor of the testing laboratory, the bottom of the footing was set
about 13 mm (0.5 in.) above the floor, then a mix of gypsum cement was poured to fill the gap
between the bottom of the footing and the floor. The test setup is shown in Fi gure 3-12,

The transfer of axial and lateral loads to the specimen was accomplished through a steel I-beam that
was placed across the top of the column as shown in Figure 3-12. The flange width, flange thickness
and web thickness of the steel beam were 305 mm (12 in.), 50 mm (2 in.} and 25 mm (1 in.),
respectively. The beam length was 1520 mm (5 ft) and the overall depth was 610 mm {24 in). Four
$ 38 mm (1.5 in.) holes were drilled in the bottom flange of the beam to allow for the passage of the
column anchor bolts. To prevent stress concentrations and cracking of the concrete at the top of the
column, a 610 mm (24 in.) by 380 mm (15 in.) by 16 mm (% in.) steel plate was placed between the
steel beam and the top of the column. The cross beam was then placed in pesition and secured to
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the top of the column by means of four ¢ 35 mm (13 in.) nuts.

To prevent rocking of the footing under the applied overturning moments during the test, four ¢ 32
mm (1.25 in) Dywidag™ bars were used to tie down the footing to the strong floor. The
prestressing bars were passed through the sleeves in the footing and the strong floor. Each bar was
stressed to an initial jacking force of 134 kN (30 Kips) then was anchored at the top of the footing

and the bottom of the floor slab,

Lateral lcad was applied by means of a 490 kN (110 Kip) MTS hydraulic actuator. The actuator
base was first connected to the reaction wall by means of a connector steel plate then the actuator
head was extended and connected to the web of the cross beam on top of the column. In its initial
position, the actuator was level and had a potential maximurm stroke of +280 mm (=11 in.).

Two ¢ 35 mm (1.375 in.) Dywidag™ bars were used to apply the axial load. The initial prestressing
force was applied by means of one hydraulic jack per each bar. The jacks were placed at the top of
the steel cross beam, then the prestressing bars were extended vertically and anchored at the top of
the jacks and the bottom of the strong floor. The jacks were identical and were connected in parallel
to the same pressurizing pump. To minimize axial load fluctuation caused by variation in the
prestressing bars length under different drift levels, a 70 MPa (10,000 psi) pressure accumulator was
hooked to the hydraulic system between the pump and the jacks. At the beginning of each test, the
desired axial load was applied prior to lateral loading.

3.7 Experimental Procedure and Results :

3.7.1 General Remarks

Unlike reinforced concrete members with only two layers of steel placed at opposite ends, a concrete
section with main reinforcement distributed throughout the depth of the section does not normally
exhibit a well defined yield point, but rather a yield region that depends mainly on the amount and
the distribution of the main reinforcement. To facilitate the analysis of such cases, it is customary
to determine an effective yield point of the member as shown in Figure 3-13. For reinforced
concrete columns, 1t is normally acceptable to assume that the calculated ultimate moment capacity
of the unconfined section is the effective yield moment of the confined section (13).

Experimentally, one way to determine the effective yield displacement (A,) corresponding to the
effective yield load (M, or F)) is found as follows. First, the specimen is loaded in one direction up
to 75 percent of the effective vield load then the load is reversed until it reaches 75 percent of the
yield Joad in the other direction. The corresponding displacements are measured and the average of
the maximum displacements in both direction is considered as 0.75A, as shown in Figure 3-14. The
effective yield displacement can then be found by extrapolation. This procedure was followed in

this study.

Readings of LVDT's located at the bottom of the column were employed to measure curvatures
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along the potential plastic hinge zone. To find the average strain at each LVDT location, the
measured displacement was divided by the corresponding gage length. This strain was considered
to be the strain at the middle of the gauge length. Knowing the distance between the LVDT's placed
at opposite sides, it was possible to measure curvatures at column sections along the mid-height of
the gage lengths.
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On the day of testing, the desired axial load was first applied then the specimen was subjected to
unidirectional lateral cyclic loading in the strong direction of the column. The lateral load was
monotornic, load controlled up to +75 percent the effective yield moment (=0.75 A4,) at the bottom
of the column, and displacement controlled afterward. Each specimen was first subjected to one full
cycle at post-cracking moment (M,,), one full cycle at 0.75 M, , two full cycles at a displacement
ductility g4, of £1, and two full cycles at a displacement ductility p, of #2. Afterward, in general,
specimens with lower axial load (A1 and B1) were then cycled at displacement ductility increments
of 2 whereas those with higher axial loads (A2 and B2) were cycled at displacement ductility
increments of 1, until failure. At each ductility level, the specimen was taken through at least two
full excursions. Failure of the specimen was considered to occur when the lateral load carrying
capacity was reduced by at least 25% of the maximum measured section capacity. This failure
criterion was set to ensure that the test specimen does not lose stability at high drift and reduced
strength. Test results are summarized in Table 3-3.

Table 3-5 Measured Displacements and Ductilities

Measured
A A . Drift Ratio
Specimen . mm (n} . mm (n.) | M4 L %
Al 23 (0.92) 122 (4.82) 5.2 5.2
AZ 20 {0.79) 102 (4.02) 5.1 4.4
B1 23 (0.92) 161 (6.33) 6.9 6.9
B2 21(0.82) 130 (5.10) 6.2 55

3.7.2 Specimen Al

Specimen Al was first subjected to an initial axial load of 615 kN (138 Kips) corresponding to an
axjal load index of 0.1. Under high lateral displacements the axial load increased but was still very
close to the target value of 0.1 f,'4,. In general the axial load fluctuated during the test between a
minimum of 592 kN (133 Kips) and a maximum of 641 kN (144 Kips). Based on the measured
material properties and an axial load of 641 kN (144 Kips), the effective yield moment of Specimen
Al was calculated as 643 kN-m (5690 Kip-in) corresponding 10 a lateral load of 275 kN (61.8 Kips).

The lateral cyclic load history, shewn in Figure 3-15, was applied according to the procedure
described in Section 3.7.1. At a lateral load of approximately 89 kN (20 Kips), two flexural cracks
were visible at 125 mm (5 in.) and 230 mm (9 in.) from the bottom of the column. Prior to first bar
yield, one post-crack cycle was completed to establish the effective yield displacement, A,. The
average measured A, was 23 mm (0.92 in.). The hysteretic load-displacement response of Speczmen
Al is shown in Flgure 3-16.
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At a displacement ductility u, of approximately =1, the specimen did not show signs of strength
decay or significant stiffness degradation. During the second excursion of u, =+2, slight stiffness
degradation was apparent with minor decay in strength. When the specimen was taken to a second
cycle of u, = -2, the cover concrete started 1o spall on the compression side. As the specimen was
pushed fo higher ductility levels, the cover concrete at the bottom of the column spalled at an
increasing rate, exposing the first and second main steel layers on both sides of the column.
Flexural-shear cracks were also developing along the column height. The peak measured lateral load
was 361 kN (81 Kips). This peak load occurred at the end of the first excursion of Ha=+5.2,
corresponding to a ram displacement of 122 mm (4.82 in.). During the second excursion of
#, = +5.2, the compression longitudinal bars began to buckle and the 90° hook of the second tie set
from the bottorn of the column started 10 open. accompanied by significant reduction in the column
stiffness. As the specimen was cycled 10 a third excursion of u, ==5.2, the core concrete suffered
more degradation and the 133° hooks on the second and third tie sets began to open. When the

specimen was pushed to a displacement of 163 mm (6.41 in.), corresponding to g, =+7, the-

Jongitudinal bars on the compression side completely buckled and the lateral load capacity was
reduced to 267 kN (60 Kips). This load corresponded to 74 percent of the measured peak load and
97 percent of the effective lateral vield load. At this point the specimen was considered to have
failed. Figures 3-17 through 3-20 show Specimen Al during several stages of the test.

Figure 3-17 Specimen Al at p, = +1 (1st Excursion)
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Figure 3-20 Plastic Hinge in Specimen Al at the End of the Test

A review of the strain gage data revealed that yielding occurred in longitudinal stee] at an early stage
of the test before reaching the calculated effective section yield. Figure 3-21 presents the measured
load-strain relationship of a first layer Jongitudinal bar at the column-footing interface (Gage No. 1
in Figure 3-9). On the other hand, some of the transverse steel yielded towards the end of the test
and some attained high strains but did not yield. Figure 3-22 and Figure 3-23 show the measured
load-strain of lateral stee] at the second and third tie set levels, respectively (Gages No. 19 and 22

in Figure 3-10).

The measured curvature envelop along the potential plastic hinge is presented in Figure 3-24. The
~ intersection of the curvature line at yield with the curvature envelop represents the upper limit of the
plastic hinge. Consequently, the measured plastic hinge length was found to be 445 mm (17.51in.).

3.7.3 Specimen A2

For Specimen A2, the initial applied axial load was 1505 kN (338 Kips) corresponding to an actual
load index of 0.24. During the test, the axial load varied between a minimum of 1479 kN (332 Kips)
and a maximum of 1581 kN (355 Kips). For the purpose of determining the effective yield
displacement, the effective vield moment was computed prior to the test and was found to be
732 kN-m (6480 Kip-in). This moment corresponded to a lateral load of 314 kN (70.4 Kips) at the

ram level,
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The lateral load history for Specimen A2-is presented in Figure 3-25. The first visible flexural crack
in the column occurred at approximately 280 mum (11 in.) from the column base. The corresponding
latera] load was 143 kN (32 Kips). At a lateral load of 232 kN (52 Kips), several flexural cracks
appeared along the bottom half of the column. The pattern of these cracks was consistent with the
hoop set spacing. The effective average yield displacement was determined experimentally as 20
mm {0.79 in.). The measured lateral load-displacement response of Specimen A2 is presented in

Figure 3-26.

Spalling of the cover concrete started to show at the bottom of the compression side when the
cotumn was pushed to u, = +2 for the first cycle. Despite the fact that spalling of the cover concrete
was spreading on both sides of the column bottom with increasing drift, the hysteretic response was
very stable and the stiffness degradation between the same ductility cycles was negligible up to
uy =+4. The lateral load peaked at 396 kN (89 Kips) when the displacement ductility of +5 was
attained for the first time. At x, = -3, first excursion, the longitudinal bars on the compression side
started to buckle between the second and the third tie sets. During the next two cycles at
displacement ductility of 5, the lateral steel end hooks were opening at the second and the third tie
sets. This was accompanied by significant stiffness degradation and strength decay. At g, = +6, the
longitudinal compression bars buckled completely and the lateral load dropped to 223 kN (50 Kips),
signifying failure of the specimen. This load corresponded to 56 percent of the measured peak load
and 71 percent of the effective lateral yield load (nominal load). Figures 3-27 through 3-30 show
Specimen A2 during the development of the test. '
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Figure 3-25 Lateral Load History for Specimen A2
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Figure 3-27 Specimen A2 at u, = +1 (2nd Excursion)
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Figure 3-29 Specimen A2 at p, = -4 (Ist Excursion)
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Figure 3-30 Plastic Hinge in Specimen A2 at the End of the Test

Measured strains in one longitudinal bar and two lateral bars are shown in Fi gure 3-31 and Figures
3-32 and 3-33, respectively (Gages No. 1, 18 and 19 in Figures 3-9 and 3-10). As with Specimen
Al, yielding of the outer layer longitudinal bars in Specimen A2 was reached before the point of
effective section yield. On the other hand, yielding of the lateral steel coincided with the specimen

failure,

Figure 3-34 exhibits the plastic hinge measured curvature envelop for Specimen A2. The
corresponding measured plastic hinge length was 570 mm (22.5 in.).

3.7.4 Specimen B1

Specimen B1 was initially subjected to an axial load of 601 kN (135 Kips) or 0.09 £,'4,. Athigh drift
levels, the axial load peaked at 637 kN (143 Kips). The calculated effective yield moment and the
corresponding lateral load were 643 kN-m (3710 Kip-in) and 276 kN (62 Kips), respectively.

Figure 3-35 shows the lateral loading history of Specimen B1. No effort was made to observe the
initial flexural cracks because it was believed that the column concrete was pre-cracked during
specimen setup. Since the axial load of Specimen B1 was similar to that of Specimen Al, it was
decided to assume that both specimens had the same effective vield displacement of 23 mm
(0.921in.). The load-displacement hysteresis for Specimen B1 is shown in Figure 3-36.
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At displacement ductility y, = +2, first loop, the cover concrete at the bottom of the column started
to spall. As the test progressed and the column was pushed to higher drifts, the cover concrete
spalling spread upward along the potential plastic hinge length. The hysteresis loops were stable
up to a displacement ductility of 6 although signs of minor stiffness degradation were showing
during second loops. During the second cycle of 4y = +6, the 90° hook of the second tie set on the
compression side started to open. At displacement ductility of 7, the core concrete deteriorated
rapidly and the end hooks of the second and the third tie sets opened. This was accompanied by
buckling of the longitudinal bars and strength decay. As the specimen was pushed to the target
displacement ductility of 8, the second bar of the first steel layer on the compression side fractured
due to Jow-cycle fatigue. The test was terminated when the lateral load dropped to 209 kN (47 Kips)
at a ram displacement of 186 mm (7.33 in.). The peak recorded lateral load was 379 kN (85 Kips)
and it occurred at p, = +6, first Joop. The load at failure was 35 percent of the measured peak load
and 75 percent of the nominal lateral load. Figures 3-27 through 3-40 show Specimen B1 during

different stages of the test.

The longitudinal bar load-strain behavior in Specimen B1 was similar to those of Specimen Al and
Specimen A2. The outer two layers longitudinal bars yielded early in the test as is shown in Figure
3-41 (Gage No. 1 in Figure 3-9).  The yielding in the transverse steel occurred on the onset of
specimen failure. Figures 3-42 and 3-43 present the lateral load versus tie strain at two locations in
the specimen (Gages No. 20 and 22, respectively, in Figure 3-1 0).

The measured curvature envelop along the potential plastic hinge length is shown in Figure 3-44.
Since the top segment of the right-hand-side envelop was rot realistic (Figure 3-44), it was decided

that this segment could be more appropriately represented by the extension of the second envelop
segment from the top. The corresponding measured plastic hinge length would be 415 mm

(16.9 in.).

A

jzvvvvvl\/\/\/

Number of Cycles

Displocement Ductility, My
&
~f
o

Figure 3-35 Lateral Load History for Specimen B1
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Figure 3-39 Specimen Bl at i, = +8
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Figure 3-40 Plastic Hinge in Specimen B1 at the End of the Test
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3.7.5 Specimen B2

Specimen B2 was subjected to an initial axial load of 1514 kN (340 Kips) corresponding to an axial
load index 0of 0.23. At low amplitude dispiacements, the minimum measured axial load was 1497 kN
(336 Kips). A maximum axial load of 1603 kN (360 Kips) was recorded during high amplitude
displacements. Based on an axial load of 1532 kN (344 Kips), the calculated effective yield moment
and the corresponding lateral load were 742 kN-m (6570 Kip-in) and 318 kN (71.3 Kips),

respectively.

The lateral load history for Specimen B2 is shown in Figure 3-45. Similar to the other specimens,
flexural cracks along the column height started to develop before the section effective yield was
reached. The measured effective yield displacement was 21 mm (0.81 in.). The sudden jumptoa
high displacement in the fifth loading cycle was due to a malfunction in the hydraulic system which
caused the actuator to Increase the lateral displacement from 30 mm (1.16 in.) to more than 76 mm
(3 in.) in about five seconds. The lateral loads corresponding to those displacements were 356 kN
{75.4 Kips) and 408 kN (91.5 Kips), respectively. The induced high lateral load initiated the spall
of cover concrete at the compression side. The hysteretic load-displacement response for Specimen

B2 is shown in Figure 3-46.
Specimen B2 exhibited very stable hysteresis loops up to a displacement ductility of 6. At this point,
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the lateral load peaked at 417 kN (93.7 Kips). During the second excursion of g, = +6, the 90° hook
of the third tie set started to open on the compression side of the specimen. The core concrete was
deteriorating at a faster rate during the third cycle of u, = 6 and the longitudinal bars started to
buckle. The test was terminated after the specimen was pushed to a lateral displacement of 150 mm
(5.95 1n.) and the corresponding lateral load dropped to 258 kN (58.0 Kips). The failure Ioad was
62 percent of the measured peak load or 81 percent of the effective lateral yield load. Figures 3-47
through 3-50 show Specimen B2 at different stages of the test.

Figure 3-51 and Figures 3-52 and 3-53 present the measured lateral load-strain relationships at one
longitudinal bar and two transverse bars, respectively (Gages No. 1, 19 and 22, respectively, in

Figures 3-9 and 3-10). The measured plastic hinge length at the end of the test was 560 mm (22 in.).
The measured curvature envelop and plastic hinge length at the bottom of the column are reflected

in Figure 3-54,
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Figure 3-45 Lateral Load History for Specimen B2
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Figure 3-47 Specimen B2 at n, = -1 (Ist Excursion)
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Figure 3-49 Specimen B2 at p, = +4 (Ist Excursion)
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3.8 Summary and Observations

A summary of the measured lateral loads, curvature at yield, and plastic hinge lengths is presented
in Table 3-6.

Table 3-6 Measured Lateral Loads, Yield Curvatures, and Plastic Hinge Lengths

Yield Curvature | Laferal Foree, kN (Kips): | - Plastic Hinge Length, mm (in).
Specimen ) | @Yieid

Al 8.19 x 10° 275 361
(0,208 x 10%) (61.8) (81.0) . (25.4)

A2 8.46x 107 314 396 488 747
(0215 x 109 (70.4) (89.0) (19.2) {29.4)

Bi 9.45x 107 276 379 632 767
(0.240 x 10%) (62.0) (85.0) (24.9) (30.2)

B2 9.45x 107 318 417 526 612
(0.240 x 109 (71.3) (93.7) (20.7) (24.1)
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Review and comparison of the test data allowed for several observations to be made. Following are
some remarks about the experimental results.

1.

La

The lateral deflection response of concrete members such as those tested in this study consists
mainly of three components: flexural, shear, and bond slip (15). When deflection is mainly
due to flexure, the hysteresis loops are normally wide and "fat" with little pinching effect at
the beginning of the reloading stage. On the other hand, when a major portion of the response
is due to high shear and/or bond slip deflections, the hysteresis loops are characterized by
strong pinching effect. Examination of the measured lateral load-deflection hysteresis Ioops
of the specimens tested in this study indicate that the deflection response was mainly flexural.
The prominent pinching at higher ductility levels can be artributed to the closing of flexural
cracks prior to which the applied load is met with little resistance unti! the cracks are closed.

The effect of axial load on ductility can be cbserved by comparing the measured ductilities of
specimens with the same transverse steel amount. Specimens Al and Bl attained slightly
higher ductilities than specimens A2 and B2, respectively. Although the specimens with lower
axial load (approximately 0.1 f,'4.) reached higher ductilities than their respective counterparts
with higher axial loads (approximately 0.25 f,'4,), the difference in ductilities was not
substantial. This is probably due to the fact that at relatively low axial load ranges the axial
load effect on ductility is minimal.

Even though the lateral steel ratio was approximately 40 percent of that required by codes in
Specimens Al and A2, the specimens were zble to carry the vertical load up to displacement
ductility of 5 and a drift ratio in excess of 4 percent.

Even with reduced amounts of lateral steel below those required By the codes for seismic
provision, specimens with higher amounts of transverse steel (B1 and B2) attained higher
ductilities than their respective counterparts with lower amounts of lateral steel (A1 and A2).
This observation holds true provided that shear failure and premature longitudinal bar buckling
are prevented by proper design and detailing.

The absence of the "P-A effect" in the tests was due to the fact that the Dywidag™ bars
applying the axial load assumed a curvature similar to the column curvature as the specimen
was pushed to higher dnift levels. Thus, the axial load remained nearly concentric throughout
the test.

The number of specimens tested in this study was too limited to draw conclusive remarks
relating the plastic hinge length to the lateral steel amount and the axial load level. However,
it was observed that there was no specific trend associating the plastic hinge length to either
the confining steel amount or the axial load level.
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SECTION 4
ANALYTICAL STUDY

4.1 Introduction

In Section 3, it was experimentally shown that rectangular reinforced concrete bridge columns with
approximately 50 percert less lateral steel than the minimum required by AASHTO were able to
attain moderate displacement ductilities ranging between 4 and 7. In this section, the analytical
models used to predict the response of such columns are discussed.

The analysis was based on existing models and procedures that have been widely used to predict the
response of reinforced concrete columns to lateral loading. To calculate column deflections, models
pertaining to concrete stress-strain relationship, bond slip and shear deformations, and plastic hinge
length were first selected. The calculated response beyond the yield point was highly sensitive to the
estimated plastic hinge length and, to a lesser extent, to the stress-strain concrete model. This section
describes the theoretical derivations and results. The analytical results are also presented and

compared to the test results.
4.2 Theoretical Analysis

4.2.1 Lateral Deflection

For a cantilever column subjected to a lateral load at the free end, the total lateral deflection can be
attributed to deformations due to flexure, bond slip (yield penetration) between the bar anchored in
the footing and the surrounding concrete, and shear. Additional lateral deflection due to rocking of
the footing may also occur. The cantilever column may represent a fixed-pinned column and may
also represent the segment of a fixed-fixed column between the section of maximum bending
moment and the point of contraflexure. When footing rotation is prevented, the total lateral tip
deflection of the cantilever column, A, , may be expressed as (15):

A, = At A +A, (4-1)
where |

A, = deflectiondue to flexure

A, = deflection due to bond slip

A deflection due to shear

When the lateral deformation of the column is mainly due to flexure, it is possible for the column
to form a plastic hinge at the critical section. For a column with uniform cross section, the plastic

hinge forms at the fixed end. As is shown in Figure 4-1, the flexural deflection can be found as:

A = A T A (4-2)
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where
lateral deflection at effective flexural yield of the critical section

additional deflection due to rigid body rotation at the plastic hinge

B >
I

;;;/ ; ;; Ve
Figure 4-1 Flexural Deflection of a Cantilever Column

Figure 4-2 shows the bending moment diagram and the corresponding curvature of the cantilever
column when the fixed end reaches the yield moment, M,. M, and ¢, are the cracking moment and
the corresponding curvature, respectively. The lateral tip deflection at yield, A, , can then be found
by applying the moment arez theorem as follows

I
A - f(px ax (4-3)
1]

which is the static moment of the area under the curvature diagram about the free end of the column.

When a plastic hinge is formed at the fixed end of the cantilever column, the additional lateral tip
deflection, A, , due to rigid body rotation associated with plastic hinging can be found from
geometry. Figure 4-3 presents an idealized curvature profile of the cantilever column after the
plastic hinge has developed. In this idealization, the actual plastic hinge length is replaced by an
equivalent plastic hinge length that would result in the same plastic displacement at the free end.
Assuming that the total plastic rotation is concentrated at the middle of the equivalent plastic hinge,
A, can be found as (15)

l
Ap : ((P,, - cpy)lp[l ) me (4-4)
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¢, =  ultimate curvature of the column cross section
¢, =  yield curvature

I, = equivalent plastic hinge length

{ = total length of the cantilever column

My by
L LIS

Figure 4-2 Bending Moment and Curvature at Yield of Fixed End

+ [}
| / H
bl P ¥,

Figure 4-3 Idealized Curvature at the Equivalent Plastic Hinge

To account for the additional deflection due to yield penetration into the footing, the bond slip
rotation at the fixed end is first estimated. [t has-been shown that the bond slip rotation, 8', can be
found as (see Appendix A for derivation)

o. L% 1 ( _ﬁ_{}z | | (4-5)
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where

= bar diameter

=  modulus of elasticity of steel reinforcement

= vyield stress of steel

yield moment

= applied moment

=  depth of tension bars

= depth of compression bars from the extreme compression fiber
= bond strength of main bars

ROR R TN A
=
i

For SI No. 35 (#11) or smaller deformed bars, the basic bond strength of tension bars can be found
Cas(10)

2o e (4-6)
- db
" - 5 |1, < 800 (ps) | (4-7)

d

L

At yield, the bond slip rotation, 8', can be found from Equation 4-5 where the applied moment is set
equal to the effective yield moment of the column. The corresponding lateral tip deflection of the
column can then be found by multiplying the bond slip rotation by the cantilever length. Bond slip
rotation beyond yield can be implicit in Equation 4-4 by using an appropnate l,- Thus, the bond slip
deflection term, A, , in Equation 4-1 can be reduced to

A -0 | (4-8)

Since the column specimens in this study were subjected to relatively low axizl Joads, the lateral
deflection due to shear may be estimated by utilizing shear deflection formulas used for reinforced
concrete beams. Although such approach would slightly overestimate the shear deflection, yet the
calculated shear deflections would be indicative of the magnitude order of the actual shear
deflections. For a beam with 45° diagonal cracks, Park and Paulay (14) derive the beam shear

stiffness , X, 4, as

P,

a5 m E b, d (4-9)
where .
K, .5 =  shear deflection in one unit length due to one unit shear load
£, = elastic modulus of shear reinforcement
b, =  section width perpendiculer to applied shear
d =  effective section depth parallel to applied shear
n = E/E {modular ratio)
£, = elastic modulus of concrete
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p. =  A,/sh, (shear reinforcement ratio)
A, area of shear reinforcement
s = spacing of shear reinforcement sets along the member longitudinal axis

i

Knowing the member shear stiffness, applied shear, and member length, it would be possible to
calculate the tip shear deflection of a reinforced concrete cantilever.

4.2.2 Moment-Curvature Analysis

The theoretical moment-curvature relationships of the test specimens were calculated based on plane
section analysis which assumes that plane sections before bending remain plane afier bending (linear
strain gradient). To facilitate the analysis, the constitutive relationships of steel and concrete were
first idealized, then the moment-curvature analysis was performed using the computer program
TAT.UNR (26). The program is written in FORTRAN-77 and it calculates the moment-curvature of
rectangular reinforced concrete sections. In addition to the axial load and the outermost concrete
strain limit for which the analysis is required, the input data include the geometrical dimensions of
the section, the areas and locations of the main reinforcement layers, and the constitutive

relationships of steel and concrete,

The constitutive relationship for steel was idealized using a tri-linear curve. The first segment
represented the stress-strain behavior of steel up to the yield point, followed by a yield plateau up
to the beginning of strain hardening, and finally, a strain hardening segment up to the fracture of
steel. The longitudinal steel idealized stress-strain curve used in the analysis is shown in Figure 4-4.

Since the computer program [AT.UNR can use only one concrete constitutive relationship, the
section: of each test specimen was analyzed twice. In the first analysis, the concrete was assumed
to be unconfined up to the section effective yield point. Full section properties were used in this
analysis. To calculate the curvature and the corresponding mement at ultimate, the section was
analyzed again presuming that the cover concrete had spalled and that the core concrete had assumed
a confined concrete stress-strain behavior. Thus, two concrete models were needed to represent the
constitutive relationships of unconfined and confined concrete sections.

The Kent and Park concrete model (9) was selected to represent the behavior of unconfined concrete.
This model is the basis of the modified Kent and Park model for confined concrete which was
presented in Section 2.2.1 of this report. To define the unconfined model, a X factor of unity is used
in Equations 2-1, 2-3 and 2-4. Figure 4-5 shows the theoretical unconfined concrete stress-strain
relationships for the specimens in Group I and Group IL

Two different models were used to represent the behavior of confined concrete. The first mode] was
the modified Kent and Park (9) and the other was the model by Mander et al (11) as modified by
Paulay and Priestley (15). The two models were presented in Section 2.2 of this report. The
theoretical stress-strain relationships of both models are shown in Figure 4-6 and Figure 4-7 for the
specimens in Group I and Group II, respectively.
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Based on the measured material properties and the applied axial loads, the curvatures at section
cracking, yield, and ultimate were calculated for the four test specimens. The calculated results are

presented in Table 4-1.

Table 4-1 Calculated Curvature |

Specimen [y _ L

Al 0.787 x 107 7.91 x 107 92.5x 107 §7.2x 107
(0.020x 10%) (0.201 x 107) (2.35x 107 {247 x 10%)

AS 1300 x 107 8.19 x 107 66.1x 107 72.8 x 107

- (0.033 x 107%) {0.208 x 10%) (1.68x 107 (1.85x 107

81 0.787 x 107 7.87 x 107 1284 %107 116.5x 107
(0.020 x 1079 (0.200 x 107 (3.26 x 107) (2.96 x 107

B2 1.300 x 107 8.11 x 107 92.9x 107 §9.4x 107
(0.033 x 107) (0.206 x 10%) (2.36x 107) (2.27x 107)

*  As modified by Paulay and Priestley
4.2.3 Plastic Hinge Length

To calculate the plastic deflection, A, using Equation 4-4, it is essential to propeﬂy evaluate the
equivalent plastic hinge length, [, . Based on previous studies by other researchers, two empirical
methods were selected and used in this study to calculate the equivalent plastic hinge length.

Beker (4) investigated plastic hinging of reinforced concrete members and presented two different
expressions for the evaluation of the plastic hinge length of unconfined and confined members. For
members with unconfined concrete, the equivalent plastic hinge length is given by

Lkl 2]

r - 1t 3(}) (4-10)
where

ky = 0.7 for mild steel and 0.9 for cold-worked steel

k, = 1+05P,/P,

P, = axial compressive load

P, =  axial compressive strength of member
ky = 0.6 forf'=352MPa (5100 psi)
= 09forf'=11.7 MPa (1700 psi)
z = distance of critical section to point of contrafiexure
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d = effective depth of member

For members confined with transverse steel, Baker proposed a modified version of Equation 4-10
to caleculate the equivalent plastic hinge length as follows

AN
I, - 0.8k k3( —c}) e | (4-11)
where
¢ = neufral axis depth under the ultimate moment

It can be seen that Baker's equation for confined concrete implicitly includes the effects of amal load
(through ¢} and confinement on the equivalent plastic hinge length.

Paulay and Priestley (15), on the other hand, proposed an empirical expression to calculate the
equivalent plastic hinge length of reinforced concrete members which is independent of the axial
load and the amount of confining steel.  This expression is given by

I, = 0.08] - 0.0224,f,  (MPa) | : (4-12)
Ip = 0.087 - O.ISdb_}; (Ksi) _ (4-13)
where
i = length of member between critical section and point of contraflexure
d, =  longitudinal bar diameter
S, = yield stress of longitudinal bars

Based on Equations 4-11 and 4-12, the equivalent plastic hinge length of each test specimen was
calculated twice using measured material propertes. The calculated equivalent plastic hinge lengths

are presented in Table 4-2.

4.2.4 Calculated Deflections

Based on the analytical procedures presented in section 4.2.1, the lateral deflections were calculated
at yield and ultimate points. In this section, the calculated displacements according to different
models are presented and compared. Measured material properties were used.

Atyield, the calculated lateral deflections due to flexure (A ) and bond slip (A,) were 13.2 mm ( 0.52
in.} and 2.0 mm ( 0.08 in.), respectively, for all four specimens. The calculated values were identical
in all specimens due to the fact that at low axial loads, the modest change in the applied axjal load
from 0.1 " 4, to 0.25 1’ 4, resulted in negligible difference in the calculated displacements.
Moreover, the small variation in the concrete compressive strengths did not cause any significant

difference in the calculated displacements,
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Table 4-2 Calculated Equivalent Plastic Hinge Lengths

Specimen | - Paulay & Priest Baket -
Al 375 (14.7) 410 (16.2)
A2 375(14.7) 550 (21.7)
Bl 375(14.7) 400 (15.8)
B2 375 (14.7) 530 (20.9)

The calculated plastic displacement (A ), in contrast, was strongly sensitive to the models selected
for the equivalent plastic hinge length and the stress-strain relationship of confined concrete. For
each equivalent plastic hinge length given in Table 4-2, the plastic displacement was calculated twice
corresponding to the two confined concrete models considered in this study. The calculated plastic
displacements are presented in Table 4-3.

Table 4-3 Calculated Ultimate Plastic Displacement, A,

Caléulateds Plastic Displasement,

Specimen Priestle : Rr}gsgéy-
Al 67.8 (2.67) 74.2(2.92) 71.6(2.82) 78.3(3.08)
A2 46.5(1.83) 65.8 (2.39) 51.8{2.04) 73.4 (2.89)
Bl 95.5 (3.80) 1033 (4.07) 87.1(3.43) 932 (3.67)
B2 67.8 (2.67) 93.3(3.67) 65.0(2.56) 85.4 (3.52)

*  Based on measured material properties and applied axial loads
**  Asmodified by Paulay and Priestley

Beam shear deflections were calculated based on the shear stiffness given by Equation 4-9. Because
the steel cross beam depth should not be considered as part of the shear span, a concrete beam length
of 2032 mm (80 in.) was considered in the shear deflection analysis. The calculated beam shear
deflections are presented in Table 4-4.

The calculated total displacements and displacement ductilities were found by summing the
caleulated displacement components at yield and at ultimate. This process was repeated for all
plastic hinge length and confined concrete model combinations. Table 4-5 presents the calculated
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results according to the modified Kent and Park concrete model whereas Table 4-6 presents the

calculated results corresponding to the Mander et al. concrete model.

Table 4-5 Calculated Displacements” and Ductilities-Modified Kent and Park Model

Table 4-4 Calculated Beam Shear Deflections

Specimen 3 Uttim
Al 4.8 (0.19) 6.4 {0.25)
A2 5.6(0.22 6.9 (0.27)
Bl 3.8(0.13) 53(0.20)
B2 43{(0.17 5.6{(0.22)

. L, by Priestley -~

Specimen (i T
Al (3_07'8) (3742) 44 3.8 (gfﬁ) 4 4.0
2 Gy ey | 2|2 | ey | 2 | W
B (35’7‘% (}4].‘;‘55) 6.1 4.9 (]42§23) 6.4 52
B2 (é%‘% éii} 4.5 17 gj'if) 58 4.8

*  Including flexural, bond slip, and shear displacements
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Table 4-6 Calculated Displacements’ and Ductilities-Mander et al. Model™

Specimen Sk (im
Al {39-,28) | (;36'?) 4.6 3.9 49 42
A2 (g%g) | (;28'2) 35 3.1 (gf’{?’) 45 40
B1 (5.97'2) (1;?'8}) 56 45 (Ijjf) 59 43
B - A P T N B T

*  Including flexural, bond slip, and shear displacements
**  As modified by Paulay and Priestiey

4.3 Remarks and Observations

The use of different mathematical models in the analytical study allowed for the evatuation of those
models and their applicability to predict the response of rectangular bridge columns to lateral

'loading.

The calculated ultimate displacements revealed that the flexural component of the lateral
displacement is highly sensitive to the equivalent plastic hinge length. The expression given by
Baker (Equation 4-11) to calculate the equivalent plastic hinge length yielded closer results to the
measured values than the expression given by Paulay and Priestley (Equation 4-12).

The predicted displacements and ductilities were not very sensitive to the selected confined concrete
model. When the calculated plastic hinge length as given by Baker's equation was considered, the
predicted response was very close to the measured response as can be seen in Tables 4-5 and 4-6.
The concrete model by Mander et al. (as modified by Paulay and Priestley) resulted in better
response predictions for Specimens Al and A2 than the Modified Kent and Park model. For
Specimens B1 and B2, the calculated response according to the Modified Kent and Park model was
in better agreement with the measured response than that according to the modified Mander's model.

The theoretical analysis appears to é}ightly underestimates the actual response. Comparisons
between the caleulated and measured displacements at yield and ultimate are presented in Tables 4-7
and 4-8, respectively. The calculated ultimate displacements were always less than their respective
measured displacements. This could be partly because the theoretical models applied in this study
are inherently conservative (lower bound) especially in predicting the ultimate confined concrete
strain. The measured displacements could also be artificially higher due to some additional
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displacements induced by the loading mechanism. Under lateral loads, the top cross steel beam
might have slightly rotated or slid until it became tightly snug against the anchor bolts at the top of
the column.

Table 4-7 Measured and Calculated Displacements at Yield

. Measured ()
Specimen ~.omm ( . 5|
Al 23 (0.92) 20 (0.79) 0.86
A2 20 (0.79) 20.8 (0.82) 1.04
Bl 23 (0.92) 19.0 (0.75) 0.82
B2 21 (0.82) 19.5 (0.77) 094

Table 4-8 Comparison of Measured and Calculated Displacements at Ultimate

. Caleulated/Measured Displacement at Ultimate

Modified Kent & |7 Mander atal.-* | Modified Kent & |, Mandér atal.
' Con I

Specimen |° o A)SA, R o R o L
Al 122 (4.82) 0.77 0.80 0.75
A2 102 (4.02) 0.85 0.92 0.66 0.71
BI 161 (6.33) 0.76 0.70 0.72 0.66
B2 130 (5.10) 0.87 0.84 0.67 0.65

In general, the existing analytical tools for monotonic loading analysis appear to result in reasonably
accurate prediction of ductilities of rectangular bridge columns with moderate confinement.
Moreover, Equation 1-4 (by Paulay and Priestley) predicts the response well at an axial load index
of 0.25 as is shown in Figure 1-2, but it greatly overestimates the ductility at lower axial loads.
Since bridge columns are normally subjected to low axial loads while building columns are usually
under high axial loads, it is believed that Equation 1-4 is more suitable for building columns and for
bridge columns with relatively high axial loads.
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SECTION 5
SUMMARY AND CONCLUSIONS

51 Summary

The study presented in this report is part of a project to develop detailing guidelines for reinforced
concrete bridge columns and walls in areas of moderate seismicity. This study examined the
ductility and behavior of rectangular reinforced concrete bridge columns with moderate confinement.
The research comprised experimental and analytical investigation of the response of such columns

when subjected to lateral loading.

5.1.1 Experimental Study

For the experimental part of the study, four half-scaled rectangular bridge columns were built and
tested. The geometrical dimensicns and the amount of longitudinal reinforcement were kept the
same for all specimens. The cross section of each column was 380 mm (15 in.} by 610 mm (24 in))
with longitudinal reinforcement volumetric ratio, p,, of 2.2 percent. The columns were built as
cantilever columns with a total height between the horizontal loading point and the top of the footing
0f 2335 mm (92 in.). Each specimen was tested under constant axial load while subjected to lateral
load reversals with increasing drift levels. The loading was quasi-static and it was uniaxial in the

column strong direction.

Two parameters were varied: the transverse steel reinforcement amount and the axial load level.
Based on the amount of lateral steel, the specimens were divided into two groups. The transverse
reinforcement ratios, 4,/(s. 4}, in the long direction for Group I (Specimens Al and A2) and Group
IT (Specimens B1 and B2) were 0.0033 and 0.0043, respectively. These ratios corresponded to 42
percent and 54 percent of the minimum lateral reinforcement required by AASHTO for seismic
detailing. The tie sets vertical spacing was kept less than six longitudinal bar diameters. Other
confinement details pertaining to hook extension and longitudinal bar engagement were maintained
according to AASHTO requirements. The nominal shear capacity of the specimens was calculated
and was found to exceed the shear demand under the test conditions. The applied axial loads were
approximately 0.1.'4, for Specimens Al and B1 and 0.25f.'4, for Specimens A2 and B2.

The specimens were tested to failure. Failure was considered to have occurred when the lateral load
carrying capacity was reduced by at least 15 percent of the maximum measured lateral load.
Although flexural-shear cracks developed along the column height, all specimens were able to attain
moderate ductilities without failing in shear. The measured displacement ductilities of Specimens
Al A2, Bl and B2 were 5.2, 5.1 6.9 and 6.2, respectively. The corresponding drift ratios were 5.2
percent, 4.4 percent, 6.9 percent and 5.5 percent. Plastic hinges were developed in all four
specimens at the bottom of the columns. The measured plastic hinge lengths were 645 mm
(254 in.), 747 mm (29.4 in.), 767 mm (30.2 in.) and 612 mm (24.1 in.) for Specimens Al, A2, Bl

and B2, respectively.
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5.1.2 Analytical Study

The calculated response of the test specimens to lateral loading was based on plane section analysis.
To caleulate column deflections, models pertaining to concrete stress-strain relationship, bond slip
and shear deformations, and plastic hinge length were selected.

The Kent and Park model (9) was empleyed to represent the constitutive relationship of unconfired
concrete. For confined concrete, two widely used models were selected for this study. One model
was the modified Kent and Park (9), and the other was by Mander et al. (11).

The plastic hinge length was calculated according to two different empirical expressions. The first
expression, given by Baker (4), implicitly included the effects of axial load level and the amount of
confining steel on the plastic hinge length. The other model was presented by Paulay and Priestley
(15) and was independent of the degree of confinement and the applied axial Joad.

Bond slip rotation was calculated using an expression that was derived from basic relati onships
relating to geometry, compatibility, and bond strength between the main bars and the concrete in the

footing.

Since the test specimens were subjected to relatively low axizl loads, shear deformations were
approximated by utilizing a method used for calculating the shear deflection of reinforced concrete
beams. The method, described in Park and Paulay (15), required that a unit shear stiffness term be
calculated first. Based on the unit shear stiffness, column length, and applied shear force, the shear
deflection at the top of the column specimen was calculated.

The moment-curvature analysis was performed using the computer program IA1,UNR. The program
was written in FORTRAN-77 and it caiculates the moment-curvature of rectangular reinforced

concrete sections.

The calculated equivalent plastic hinge length varied widely between the two equivalent plastic
hinge length expressions employed in this study. According to the expression by Paulay and
Priestley (13), the calculated equivalent plastic hinge length was 375 mm (14.7 in.) for all four
column specimens. On the other hand, Baker's equation (4) resulted in equivalent plastic hinge
lengths of 410 mm (16.2 in.), 550 mm (21.7 in.), 400 mm (15.8 in.), and 530 mm (20.9 in.) for
Specimens A1, A2, Bl, and B2, respectively.

The analysis result revealed that the yield displacements were slightly dependent on the concrete
model used in the analysis. However, the calculated ultimate displacements were very sensitive to
the calculated ultimate concrete strain and the equivalent plastic hinge length. The displacements
at the top of the columns were calculated for all combinations of concrete models and plastic hinge
lengths. The results were summarized in Tzables 4-5 and 4-6.
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5.2 Conclusions

Based on the experimental observations, test data analysis, and theoretical study performed in this
research, the following conclusions can be drawn.

1.

!\)

L2

At relatively low axial loads (0.1 £,'4, to 0.25 /,'4,) such as those encountered in bridges,
rectangular reinforced concrete columns with confinement steel at approximately 50 per cent
the minimum amount required by AASHTO for seismic provision may exhibit moderate
displacement ductilities ranging between 4 and 7. This would be true provided that shear
failure and premature bar buckling are prevented by proper detailing of transverse steel.

For rectangular bridge columns with relatively low axial loads and moderate confinement such
as those employed in this study, it is possible to predict with reasonable accuracy the response
of the columns to lateral cyclic loading. However, proper evaluation of the plastic hinge length
would greatly enhance the accuracy of the predicted ultimate displacements.

Within the range of parameters included in this study, the plastic hinge length would be more
accurately predicted using Baker's equation (4). The expression given by Paulay and Priestley
(14) yields plastic hinge lengths that are much lower than the measured lengths, thus
underestimating the ultimate displacements and ductilities.

The inclusion of shear deformations in this study resulted in more accurate prediction of
displacements and ductilities. However, shear displacements in columns are relatively small

and may be neglected for practical purposes.

Even at low axial loads and moderate confinement, some observations made in this study
conform with the results of previous studies done by other researchers on columns with
significantly higher axial lcads and confinement levels. For the same degree of confinement,
the ductility capacity of reinforced concrete columns decreases as the applied axial load
increases. On the other hand, for the same axial load, the ductility capacity of reinforced
concrete columns is enhanced with higher level of confinement. Moreover, failure in ductile
columns is normally initiated by opening of the hoop bends in the plastic hinge region,

followed by buckling of main bars.

The equation given by Paulay and Priestley (Equation 1-4) relating the amount of confinement
steel to the ductility capacity may be applicable to columns with high axial loads. Such cases
would arise in building columns or in some bridges. At low axial loads, Equation 1-4 results
in substantial error and, therefore, should be used with caution when applied to bridge

columns.

5.3 Recommendations

Current design philosophy in earthquake engineering is based on the "Demand-Capacity" concept.
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Recent developments in earthquake ground motion estimation (8) has made it possible to produce
Uniform Hazard Spectra (UHS) maps for all regions of the United States. In the UHS maps, the
spectral values for different structural periods are based on the same probability of exceedance for
a specified time window. These maps can be used to estimate the seismic "demand" on bridge
structures in different parts of the nation.

In locations where the demand is moderate, it would be practical to design bridge columns to attain
moderate ductility levels. In this study, it was shown that for rectangular columns with moderate
amount of confinement steel, it was possible to achieve moderate ductilities without compromising
the axial load carrying capacity of the cclumns. Thus good seismic performance of rectangular
columns with moderate amount of transverse reinforcement may be expected in areas of low to
moderate seismicity. However, post-earthquake serviceability can not be guaranteed since the
strength of such columns is limited by lateral steel hook opening which is difficult to repair.
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APPENDIX A
BOND SLIP ROTATION

Consider the reinforced concrete member shown in Figure A-1. The tensile steel bar has a

development length /, and bar diameter d,. When the member is subjected 10 a bending moment M,
the bond slip of the embedded tensile bar in the adjacent member causes a rotation 8.

La

A
| ] l‘ Tension Steel
!
A : /—

e s
I Ry
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/ i
/
/
/
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(d - d')

Figure A-1 Bond Slip Rotation

Assume that the bond stress, u, along the embedded bar development length is umiform and that the

" stress in the tension bar at point 4 is f,. From equlibrium it follows that the tensile stress of the
tension bar along /, varies linearly from zero at the free end of the bar to £, at the interface. Hence,
the average stress in the embedded portion of the tension bar is £,/2.

Consider the free body of the embedded length /, of the tensile bar. From equilibrium of forces the
following equality can be written

Id(rtdb)u - A1 (A-1)
Then, the development length, /,, can be exlﬁressed as
A7,
[, = —2 -
e (A-2)

The average strain along the development length may be written as

AL
&z (A-3)

X

where £, 1s the modulus of elasticity of the steel bar.

The total bar extension, A, at the interface can be found from A = ¢,/,. Substituting from Equations
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A-2 and A-3, the bar extension would be

d 2
a- St (A-4)
8E u

Assuming that the beam will rotate about the centroid of the compression bar, the corresponding
concrete element rotation, 8/, is related to the bar extension as follows

. A
s d’ (A-5)

where (d - d') is the distance between tension and compression bars.

Knowing that £/, = MM, . the tensile stress in the tension bar may be expressed as

My _
S = i3 (A-6)
Substituting Equations A-4 and A-6 into Equation A-5 the bond slip rotation is obtained as
d : YAk
g - i.__f'__f:&..__ M (A-7)
8Eud. g M,
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